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Resume

The concentric steel bracing is a commonly used way of providing lateral stiffness
and resistance in both steel, composite or even concrete multi-storey framed buildings. Also
it is an alternative for seismic retrofitting. The seismic performance of concentrically braced
frames has been investigated by numerous authors during the past decades as several issues
have been identified either related to the actual response, or the seismic design procedure
implemented by standards such as the Eurocode 8. The topics are various, e.g. the cyclic
dissipative behaviour of axially loaded braces, innovative bracing arrangements and
members, controversial requirements imposed on the same members, localization of inelastic
deformations related to the so called weak storey behaviour. The conclusion of most of the
prior research conducted on the seismic performance of braced steel frames is that the actual
response of a braced building differs from that of a simplified model applied by
corresponding codes. Consequently, to safeguard satisfactory seismic behaviour, the
Eurocode 8 standard in particular needs to be modified or amended.

In order to confine the addressed topic to a size that may be discussed sufficiently in
the frame of a PhD research, in the present thesis primarily the weak storey behaviour is
looked into. The questions that are attempted to be given an answer are the following:

— What are the reasons and contributing factors of the occurrence of the weak
storey behaviour?

— How does the behaviour develop?

— What is the effect of the behaviour on the seismic performance and how is it
related to collapse?

— What is the seismic response like of braced steel buildings designed according
to Eurocode 8? Are the susceptible to exhibit weak storey behaviour?

— What are the key elements of the Eurocode 8 design procedure that do not
capture adequately the behaviour and therefore need to be changed?

— What additional factors need to be introduced in Eurocode 8 that are currently
not considered in any way?

Ultimately, the objective is to develop a method, which is complementary to
Eurocode 8 or at least fits its framework, and which is capable of enhancing braced frame
designs so that the weak storey behaviour is prevented. The method is supposed to take into
consideration in some way the experiences acquired by the prior investigation into the
behaviour and seismic response of braced frames. In addition, the method is intended to be
easy to apply, not requiring the computer solution of large systems of equations or
complicated nonlinear equations.

The dissertation is divided into five subsequent chapters. In these chapters the
corresponding literature is covered, the questions above are answered via a deeper
understanding of the weak storey behaviour and a new method is proposed, the performance
of which is substantiated by a large number of examples. The organization of the dissertation
and the contents of the chapters can be better understood via the following brief summaries:




Chapter 1
Introduction to Braced Frames, Seismic Design Principles and Analysis Methods

The objective of this chapter is to provide an overview on the seismic design of
braced frames. Concepts and abbreviations are introduced, definitions are given that are
referred to further on in the dissertation. Also, the necessary regulations of Eurocode 8 are
introduced at the corresponding topics; however giving a comprehensive and detailed
introduction to Eurocode 8 is not intended. At the end, the problem with the seismic
behaviour of braced frames is discussed, which is the subject of examination in the thesis.

Chapter 2
Literature Review on the Seismic Response of Braced Frames and Brace Behaviour

The objective of this chapter is to assess the information that were gathered from
articles existing prior to the dissertation and that provided an initial base to the research. In
the chapter giving every available reference as a list is not intended. Rather, emphasis is put
on introducing the most important features of Concentrically Braced Frames CBF-s utilizing
a few selected articles. Firstly, the cyclic behaviour and failure of the braces and other
members are observed. In the second part some issues regarding CBF related Eurocode 8
provisions and the unfavourable weak storey behaviour are discussed.

Chapter 3
Investigation into the seismic performance of various Eurocode 8 CBF designs

In this chapter firstly the design of various CBF-s is described. The structures are
introduced, the loads and combinations are given and the method of the verification is
referred to. The objective is to verify the adequacy of the buildings by advanced analysis
methods such as the IDA. To this end, the nonlinear model built for the dynamic analyses is
described. The performance of the buildings is examined via the IDA curves and certain
regularities are identified that help to further explain the weak storey behaviour.

Chapter 4
Examination of weak storey behaviour and its reflection on the Eurocode 8 design procedure

The objective of the chapter is to identify the reasons why the Eurocode 8 CBF
designs were found to have a bad performance in the previous chapter. Firstly, particular
response time series are further analysed. A general response scheme is defined,
characterized and proven by examined regularities. By the generalized response the gradual
development mode of the weak storey behaviour is described. This understanding of the
weak storey development provides a basis of critical assessment of the Eurocode 8 design
criteria in the end.

Chapter 5
Robust Seismic Brace Design method: Principles, Formulation and Application

In this chapter the findings of the previous descriptive chapters are turned into
requirements of new criteria imposed upon the seismic design of CBF-s. Firstly, the concepts
of the new criteria are elaborated and the principles of the Robust Seismic Brace Design
method are established. This is followed by a thorough investigation of the internal and
external plastic work of the CBF members and loads in plastic collapse mechanisms, which are
in the focus of the method. The robust performance of the new method is demonstrated by the
redesign of the various CBF-s presented and found to have weak storeys in Chapter 3. In the
end, simplified alternatives of the method are also given and their suitability is examined.
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Chapter 1

Introduction to Braced Frames, Seismic Design Principles

and Analysis Methods

The objective of this chapter is to provide an overview on the seismic design of
braced frames. Concepts and abbreviations are introduced, definitions are given
that are referred to further on in the dissertation. Also the necessary regulations of
Eurocode 8 are introduced at the corresponding topics; however giving a
comprehensive and detailed introduction to Eurocode 8 is not intended. At the end of
the chapter the problem with the seismic behaviour of braced frames is discussed,
which is the subject of examination in the thesis.



Chapter 1: Introduction to Braced Frames, Seismic Design Principles and Analysis Methods

1.1. Introduction to the bracing of building structures

Concentrically braced frames (hereinafter referred to as CBF-s) are among the most
common structural systems for resisting horizontal forces. The beam and column system of a
multi-storey steel building can carry the vertical gravitational loads of the building. To
provide lateral resistance, in multiple bays usually on the facade, diagonals can be placed that
together with the connected beams and columns create vertical trusses, see Figure 1.1. The
bracing is called eccentric if the diagonals are connected either to beams or columns away
from the intersection of the beam-column grid. In this case the internal forces of the braces
have to be transmitted by the connected member via combined axial force bending and shear.
Conversely, no or a little eccentricity to the vertical grid results in concentrically braced
buildings. Due to their geometry CBF-s counteract the horizontal forces by truss action that
entails primarily axial forces in the members as it is depicted in Figure 1.2. The tensile axial
forces require braces that have adequate cross-sectional area but negligible flexural stiffness.
However, the reversal of the loading imposes a flexural stiffness demand on the brace to
limit the slenderness and provide buckling resistance in compression. The use of stocky
braces that are resistant both in tension and compression may lead to such a high structural
weight premium that the application of two braces with opposite tilt is often more efficient.
In this arrangement the slender diagonals in compression are expected to buckle and to
exhibit a negligible axial force, while the tensile braces provide the whole resistance.
Consequently, even if two bays are braced, like in the arrangement in the Figure 1.2, only
one participates in counteracting the lateral loading in a given direction. With the reversal of
the loading the roles of the opposite braces change of course.

St
4

Figure 1.1; Building with braced bays on the facade
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Figure 1.2; Truss action in braced frame

Concentric bracing exists in various arrangements. Some basic forms are depicted in
Figure 1.3. The basic characteristics that affect the choice between the arrangements are
introduced below.

— In Regular diagonal bracing the diagonals are straight links between the
nodes of the structural grid; therefore the lateral loading is resisted solely by
axial forces in the members of the vertical truss. The position of the brace is
closer to being parallel with the horizontal loading than in most other
arrangements. Therefore, the normal force that develops in the less inclined
diagonal brace is smaller than in another with a steeper geometry. One main
concern about the location of the diagonals is that the bracing mostly prevents
door or window openings. Therefore, X or V arrangements may be favoured
over regular diagonal bracing as the formers only require one bay for the
braces in both directions.

— The X-bracing arrangement is also favourable because the tensile brace
supports the compression brace in the middle. By this, both the slenderness
and the out-of-plane deformations of the buckled diagonal are greatly reduced
without having to use cross sections different from what are necessary in a
regular diagonal arrangement. Yet, the intersection may require additional
costly connections and is often a probable location of failure.

— Vor inverted V bracing is concentric and therefore can counteract the lateral
loading by truss action but only if the compression bar does not buckle. The
buckling resistance of the compression bar is reached usually at a substantially
smaller loading than the tensile ultimate resistance of the tension brace. If the
buckled diagonal does not carry any further loading the growing axial force of
the tensile diagonal has to be carried by the connected beam. The component
that is perpendicular to the beam results in bending of the beam, so the
resistance is not provided solely by truss action. This behaviour is not
necessarily better or worse, but inevitably different from the strictly truss
behaviour of diagonal bracings. Consequently, the topic of the seismic
behaviour of V-braced CBF-s is beyond the scope of the present investigation.

— Two-storey X-bracing combines the advantages of the former arrangements.
It gives the possibility of placing openings in the middle of the bays and
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safeguards truss action. The behaviour is roughly the same as of regular

diagonal bracing apart from local effects at the beam intersection. However,

the larger angle with the horizontal loading implies larger axial demand in the

braces.

— K-bracing may result in the bending of the columns due to similar reasons to

what has been introduced for V-bracing. The bending of the columns and the

huge gravity forces may cause second order and stability problems, that

greatly increases collapse hazard. Therefore, K-bracing is not recommended

and in seismic resistant buildings it is generally prohibited by codes.

The unnecessary bending resistance of the members in the lateral load resisting
favours the use of pinned connections. Not only the diagonal ends, but also the column
splices and the beam-column connections can be perfect hinges without harming structural
stability. Moreover, the large stiffness of the vertical truss limits the lateral drifts and
vibrations of low frequencies in the braced buildings, therefore provides occupancy comfort
and impedes damages in the non-structural parts. Consequently, there is no need to use
moment resisting connections in braced frames, so CBF-s are conventionally built as
ordinary trusses with hinges.

The only detrimental effect of the great number of hinges is that the level of statical
indeterminacy is low. The loss of any bar results in a mechanism and the collapse of the
building. This practically means that the smallest ultimate resistance of the individual
members is also the resistance of the whole structure. Ordinary trusses generally are
considered not to have postcritical resistance, they are meant to remain elastic in service.

regular diagonal bracing X-bracing two-storey X-bracing
7777 7 7777 a 7777 e
V-bracing inverted V or chevron bracing K-bracing
77777 7 e

Figure 1.3; Various bracing configurations

In the assessment of the lateral displacement of braced frames two contributing
factors can be distinguished, see Figure 1.4. The lateral shear force results in the elongation
of the braces and by it the horizontal drift of the slabs without tilt. Furthermore, the axial
deformation of the columns in tension and compression yields rotations and displacements

4



alike a restrained vertical cantilever. In CBF-s the braces are usually long and have a smaller
cross section, so their contribution to the displacements is substantial. Conversely, the
columns must have large cross sections to resist the gravity forces without the loss of
stability. The displacements coming from bending therefore may be negligible compared to
the shear displacements up to a certain point. In tall buildings however the bending effect
may become significant or even superior to the shear effect. In engineering practice
according to an empirical rule of thumb if the ratio of the building height, Hiwt, and the span
of the braced bay, B, is under 5, shear deformations may dominate. At and above 5 bending
becomes more relevant, so that it cannot be neglected.

Shear truss and shear deformation Bent truss and bent deformation
£ T
B

Figure 1.4; Sources of lateral drift in braced buildings
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1.2. Earthquakes and their representation in seismic analysis and design

1.2.1. Strength and appearance of earthquakes

An earthquake is a result of a sudden release of energy in the Earth’s crust that creates
seismic waves. The source of the energy is the movement of the tectonic plates that forces
the edges of the plates to deform and store mechanical energy via the deformation.
Earthquakes can also be experienced away from tectonic fault lines as a result of volcanic
activity for example. The origin of the quake is the so called hypocentre, this is the source
from where the waves propagate. The perpendicular projection of the hypocentre on the
surface is the epicentre where the destruction is usually the largest. Earthquakes have been
recorded for centuries and since the mid 19" century they are even measured by
seismometers. To quantify the strength of an earthquake various scales have been developed.
Some, like the Mercalli-Cancani-Sieberg (MCS) or the Medvediev-Sponhauer-Karnik (MSK)
scale distinguish the earthquakes based upon their effect mostly in the built environment. As
these are strongly dependent on the epicentral distance and the density of habitation, they are
not appropriate to compare seismicity on different sites. For the sake of site independent
comparison numerous magnitude scales are in use and still being developed. The magnitude
is a dimensionless number that grades the size of earthquakes upon the measured amplitudes
of the waves. The most commonly known scale was developed by Charles Richter. The
Richter magnitude depends on the largest registered amplitude and can be computed from:

M =log,, (2] (1.1)

where M is the Richter magnitude, A is the maximum excursion of the seismograph and Ag
is a parameter that depends on the epicentral distance. In practice earthquakes that have a
magnitude smaller than 3.0 are usually not perceivable. The Richter scale is usually wrongly
referred to in reports as present day the moment magnitude scale is preferably used. This
scale measures earthquakes in terms of the released energy and is mostly formulated to
overlap with the predecessor Richter scale but correct it in the strong earthquake region. The
moment magnitude is calculated as:
2
szglogm(Mo)—&O (1.2)

In the equation above the released energy is given by the Mo [MJ] seismic moment.
One step on this logarithmic scale corresponds to a 101°~32 times increase of the seismic
energy and two steps is about a 103=1000 increase. Though energy is not limited, the amount
of energy that can be stored in the solid crust before it is released is limited, therefore
earthquakes that have a magnitude higher than 9.0 are rare. The largest recorded earthquake
happened in Chile in 1960 and its magnitude was 9.5.

The magnitude is also useful to estimate the potential number of earthquakes of that
magnitude on a certain area. In the exponential relation below a and b are parameters specific
to the considered location.

logN =a+b-M (1.3)

Globally the annual anticipated number and magnitude of earthquakes is illustrated by
the following table [1]:
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Table 1.1; Annual number and intensity of earthquakes globally

Magnitude Size Number
8 - Great 1
7-7.9 Major 18
6-6.9 Strong 120
5-59 Moderate 800
4-49 Light 6200

In a seismologist’s point of view the magnitude scales are suitable to measure the size
of earthquakes but in terms of structural engineering this information about a certain event is
far from adequate. Building structures are directly subjected to the displacements, velocities
and accelerations caused by the mechanical wave propagation. These largely depend on
several additional factors like the epicentral distance and the various mechanical parameters
of the underlying soil. Consequently, the seismic hazard of structures is always site specific.
Instead of the magnitude, what is necessary in structural engineering are the actual recorded
displacement, velocity and acceleration time series (hereinafter accelerogram) during past
earthquakes, see Figure 1.5.
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Figure 1.5; Acceleration, velocity and displacement records

The most vital information that can be derived from the records are the duration and
the maximum peaks. The maximum displacements can be important for instance in the
design of utility lines, however for building structures the Peak Ground Acceleration (PGA)
is more useful as, according to Newton’s second law, the inertia forces are resulted by the
accelerations. In Table 1.2 past earthquakes and their maximum effects are presented [2].
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Table 1.2; Recorded maximum effects of past earthquakes

Epi. distance  Magnitude  Acceleration Velocity Displacement

Farthauaie [k] lagg]  [ems] [om]
San Fernando 1971 30 6.4 0.32 27 94
San Fernando 1971 7 6.4 1.17 112 37
El Centro 1940 11.5 6.7 0.35 36 20
San Francisco 1957 115 5.3 0.11 4.9 2.2

1.2.2. Representation of an earthquake in seismic engineering

The analysis of buildings is possible by means of applying acceleration records on the
supported nodes of finite element models of the structures that are nonlinear both in material
and geometry. This is called Nonlinear Time History Analysis (NTHA). Conducting such
type of analysis requires a lot of work in the model building, post processing of the huge
amount of data, computational capacity and time. Moreover, the analysis of one particular
earthquake does not even mean much as seismic actions can be very versatile. But strictly
speaking we do not need to consider the whole loading history; it is satisfactory to know the
maximum seismic action effects. For this purpose the response spectrum analysis is in
common practice, the basis of which will be introduced in the following.

Let us consider the dynamic equilibrium equation of a multiple degree of freedom
(MDOF) system.

My (t) + Cy(t) + Ky(t) =0 (1.4)

The vector of absolute displacements is denoted by y(t) and M and K are the mass
and stiffness matrices. The structure is loaded by the z(t) imposed displacement record.
Though this displacement is physically realized at the foundations, in the equations it is
considered at every node in the horizontal direction. In order to assign the displacements to
every node in the appropriate direction, z(t) is multiplied by the Ja pointer vector that has the
value 1 in the positions corresponding to the horizontal direction and O elsewhere. The
absolute displacement vector now can be expressed as the sum of the ground displacement
and the relative displacement vector, x(t).

y(t) =x(®)+J,z() =x() +| , |{z(t) (1.5)

kO O -

_0_

The matrix differential equation can be rewritten using x(t) and z(t) instead of y(t):
M (X(t) +J,2(t)) + C(X(t) + J,2(t)) + K(x(t) + J,z(t)) =0

MX(t) + MJ_Z(t) + CX(t) + CJ, 2(t) + Kx(t) + KJ,z(t) =0 (1.6)




Regarding that internal forces only develop from relative displacements:
KJ,z(t)=0 and CJ,2(t)=0 1.7)

Consequently the matrix differential equation is:
MX(t) + Cx(t) + Kx(t) = —-MJ_Z(t) (1.8)

Figure 1.6; Structural model for seismic analysis

The original base displacement problem is thereby rewritten into a general force
excitation problem where on the right side the function of the force excitation is given by the
product of masses and the earthquake acceleration record. If the natural frequencies, wo, and
the corresponding orthogonal modes are known, Eq.(1.8) can be rewritten in a more
favourable form. Supposing that the matrix @ contains the modal vectors and that it is
normalized to the mass matrix we can introduce a new unknown vector instead of x(t) and
substitute it into Eq.(1.8).

X(t) = Df(t) (1.9)
O MPf (t) + ' COf (t) + O KPf(t) = —®' MJ_z(t) = q(t) (1.10)

Considering that in the equation above the matrix products are

O MD =1 (1.11)
DCP=(2% o) (1.12)
O'K® = (w;) (1.13)

where & is the vector of the damping ratios of each mode. The matrix differential equation
can be decoupled into n independent differential equations.

1 0 (2] 0 o 0
f(t)+2 f(t)+ f(t) =q(t) (1.14)
0 1 0 o) 0 o’
The solution to this problem can be found in the form of summing the elementary
contributions of the modes. The expression for the relative displacement vector is:

-7)

n t Lox, .
x(t) :_Zi*cbrtl)IMJa.['z'(t)e 2" gin w, (t—7)d7 (1.15)
0

r=1 Wor
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where ®; is the r'" mode of vibration, the star in the upper index of ® indicates damped
natural frequency and y characterizes the damping (of an equivalent single degree of freedom
system). The later is in relation with the ratio of the equivalent damping and the critical
damping which is commonly used in engineering practice:

<[]

Y= 750

. (1.16)

equiv Cequiv

§ ) Ccrit - ZM

In Eqg.(1.14) the integral gives a scalar which is a function of time and also depends
on the damping. Let R be defined as follows:

1 F _Z(*r( _T) . *
R(}/,a)o”t):w—*j'z‘(t)e 2 sing (t-r)dr (1.17)
Or 0

If we compute the R factors in advance, the summation in Eq.(1.15) is fast and easy.
However, it is exactly the computation of the integral that causes difficulties and in
engineering practice it may not even be possible if appropriate accelerograms are not
available. Yet, as it has been mentioned before, it is adequate to know only the maximum of
R during the seismic excitation. Sq(y,wor) is called the displacement spectrum of the
earthquake and it gives the maximum responses as a function of the damping and the natural
frequency of the considered mode. To determine the maximum velocity and acceleration we
can define Su(y, wor) velocity spectrum and Sa(y,wor) acceleration spectrum likewise. The three
spectra are with good approximation related in the following way:

Sa(y’a)m):a)0rsv(7/’a)0r):a)§rsd (7’ a)Or) (118)

Velocity and acceleration spectra that are computed in the above presented way are
called pseudo-spectra. The earthquake spectra are advantageous representations of the
anticipated seismic action in an engineering point of view as they give information on the
maximum effect. The most common representation of spectra is plotting the response against
the period, T, of the structure. In Figure 1.7 the acceleration and the displacement spectra of
the earthquake, depicted before in Figure 1.5, are presented. As it can be seen, the curves are
given for various values of the § damping ratio. The structural damping in general is the
result of the appearance of inelastic deformations that cause energy dissipation in the
structure. Such deformations can be minor cracks, slip or localized plastic deformation of
connections etc. Some damping is always present in every structure, but the actual value
depends on the structural material and system and also the secondary members and their
connection. An average value of the damping ratio that shall be used if no better estimate is
made for a structure is 5%. In Table 1.3 some recommendations are listed for the value of the
damping ratio for various structural systems [3].

The use of an acceleration spectrum such as the one presented before in Figure 1.7/a
is practical, but still certain issues have to be taken into account. Firstly, the curve of the
spectrum is very uneven, thus even small changes of the period i.e. small changes of the
structural system can entail significant changes in the buildings response. Furthermore, as it
has been mentioned before, conducting the seismic analysis for one particular earthquake is
not very prudent since earthquakes can be very versatile.
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Figure 1.7/b; Displacement spectra for different viscous damping

Table 1.3; Recommended values of the damping ratio

Structural type & [%]
welded steel frame with flexible secondary members 2-3
welded steel frame with traditional secondary members 4-5
steel structure with bolted assemblies 5-6
reinforced concrete frame 5-7
masonry wall structure 7-10
timber structure with dowel type connections 6-8

In seismic design standards such as the Eurocode 8 [4][5] this is treated by defining
design response spectra that are smooth and flattened upper envelopes of several individual
spectra that correspond to past earthquake records. In seismic standards the effect of the soil
conditions on the response is also accounted for and the importance of the designed building

modifies the seismic hazard as well.
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1.2.3. Representation of the seismic effect in Eurocode 8

In the Eurocode 8 seismic design standard the following elastic response spectra are
defined:
— Horizontal, type 1 acceleration response spectra, Se(T), for “stronger” ground
motions
— Horizontal, type 2 acceleration response spectra, Se(T), for “weaker” ground
motions, the magnitude of which is M<5.5
— Displacement response spectra, Spe(T)
— Vertical acceleration response spectra, Sve(T)
The acceleration response spectra are formulated in four subsequent period intervals.
The equations, presented below in the table are valid for both type 1 and type 2 earthquakes.

Table 1.4; Definition of Eurocode 8 elastic horizontal acceleration spectrum
Interval Se(T)

0<T<T, ylagRS[l+Tl(2.577—l)}

B

T, <T<T,. 718:S - 2.57
TC
T.<T<T, 71855 -2.577?

T.T,
T, <T <4s 7,85,S -2.577%

In the equations the importance class of the designed building is denoted by yi. The
code distinguishes four importance classes. The values of the importance factor can be
selected individually by the countries applying the code in a national annex, but
recommended values are given. For buildings having minor importance e.g. sheds or barns
the importance factor is 0.8. For buildings of regular importance the factor is 1.0. For more
important buildings such as schools and for vital structures like hospitals or power plants the
recommended values are 1.2 and 1.4 respectively.

The reference value of the PGA on rock, agr, is site specific. It can be chosen using
seismic hazard maps usually provided in the national annexes. If the value is below 0.08g or
0.04g the considered area is qualified as low or very low seismicity area and in these cases
simplified or no seismic analysis is required.

The design spectra in Eurocode 8 are determined for 5% viscous damping. Any
difference of the damping ratio from this value is accounted for via the damping correction
factor, . The value of the factor is therefore 1 in case of 5% damping and may be

determined by the expression:
77:,}10/(5+§) >0.55 (1.19)

The remaining parameters of the equations in Table 1.4 depend on the soil conditions.
There are five main soil classes from A to E A being solid rock and E being soft alluvial
layers. The soils may be identified by wave propagation velocity, cohesion or penetration test
results. In special cases that do not match the requirements of the classes A to E, studies for
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the definition of the seismic action are required. The parameters belonging to the various soil
classes and the different types of earthquakes are presented below:

Table 1.5; Parameters of Type 1 spectra

Soil class S Ts Tc To
A 1.00 0.15 0.4
B 1.20 0.15 0.5
C 1.15 0.20 0.6 2.0
D 135 0.20 0.8
E 1.40 0.15 0.5

Table 1.6; Parameters of Type 2 spectra

Soil class S Ts Tc To
A 1.00 005 0.25
B 135 005 0.25
C 1.50 0.10 0.25 1.2
D 1.80 0.10 0.30
E 1.60 0.05 0.25

Substituting these parameters into the expressions in Table 1.4, the type 1 and 2
spectra for 5% damping are depicted in Figure 1.8.

0 % 2 3 4
Period [sec] Period [sec]
a) Type 1 spectra b) Type 2 spectra

Figure 1.8; Eurocode 8 earthquake spectra
The elastic displacement spectrum of Eurocode 8 can be calculated from the
acceleration spectrum with an expression similar to the one presented in Eq.(1.18):
T 2
Sp. (T)=S.(T)|— 1.20
w(1)=5.(T) 5- | (120)
However, if the stiffness of the structure is very small and the period is high, the
displacements given by the formula above are not attained as the ground can move under the

structure. Consequently, the displacement spectrum is extended to periods over 4 seconds
and in this range the displacement response decreases down to the maximum ground
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displacement defined by Eq.(1.21). As structures with so small stiffness are practically
unusual the detailing of this extension is hereby omitted.

d, =0.025y,8,,STcT, (1.21)

A schematic (and enlarged) diagram of the acceleration, velocity and displacement
spectra is presented in Figure 1.9. If the period is zero or very small (T<Tsg) i.e. the building
is rigid, the motion of the structure follows the motion of the ground. These structures
practically have to be designed to withstand the maximum acceleration of the ground. If the
period is between Tg and Tc¢ the acceleration is the largest and is independent of the stiffness.
Structures, the period of which is in this interval, are called acceleration sensitive. If the
structure is flexible and the period exceeds Tp, then the displacements are independent of the
period and they are substantially larger than the displacements of the ground. These buildings
are displacement sensitive and they need to be designed to have sufficient displacement
capacity. Buildings belonging to the intermediate interval (Tc <T<Tp) are velocity sensitive
because in this case the velocities are the largest.
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Figure 1.9; Acceleration, velocity and displacement spectra

The vertical elastic response spectrum is defined with the same parameters as the
horizontal spectra. The vertical design acceleration, avg, can be calculated from the horizontal
by multiplying it with 0.9 for type 1 and 0.45 for type 2 earthquakes. The vertical component
shall only be considered if the design acceleration exceeds 0.25g~2.5 m/s?, and only for large
span beams and cantilevers and other special cases in buildings. Such special cases and also a
sufficiently high seismicity will not be considered in the present work, so hereafter the
vertical seismic effect will be neglected.

1.2.4. Seismic effect in practical design, the behaviour factor

The lateral forces calculated with an elastic acceleration response spectrum can be
enormous as the PGA amplified by the appropriate value from the spectrum may be
comparable or even larger than the acceleration of gravity. If in design we require the lateral
resisting members to remain elastic i.e. counteract the large seismic actions without any
damage, the dimensions have to be huge. In the meantime the design seismic action usually
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has a long return period, therefore it is likely that the large structural weight premium that
elastic design imposes will not be utilized during the service life of the building. This is
economically hardly acceptable. A resolution to this problem has been proposed by Newmark
et al. [6] who observed that the elastic displacements of one building (with a period T>Tc)
and the inelastic displacements of another with the same period but substantially smaller
resistance are roughly equal when subjected to the same ground motion. In other words, a
stronger and a significantly weaker building may have the same seismic resistance given that
the weak building is capable of exhibiting adequately large inelastic deformations.
Consequently, it is enough to design a building to sustain reduced seismic forces and then
extrapolate the displacement effects to the desired strength. This idea has been incorporated
in seismic design codes via a reduction or behaviour factor.

An explanation of the concept of designing structures taking into consideration the
reduction of the design seismic effect is given by Ballio and Setti [7][8][9]. Let us consider a
structure and subject it to an earthquake multiple times with different levels of the PGA. Also
let us suppose that the response is characterised by the maximum displacements of the top
and depict these against the ground acceleration, see Figure 1.10. When the acceleration is
small the building remains elastic so the response is represented by a straight line from the
origin to point B. Beyond point B the inelastic displacements, depicted by the curve are
inferior to the extrapolated displacements depicted by the dashed line. This is a direct
consequence of the dissipation detailed later in section 1.3.1. At certain acceleration
however, the curve of the inelastic displacements intersects in point C the dashed line.
Beyond this point second order effects may strongly amplify the displacements so that the
structure attains collapse by dynamic instability, i.e. the displacements rapidly grow without
notable change of the loading. The behaviour factor in Eurocode 8 may be defined as the
ratio of the ultimate seismic effect corresponding to collapse, «u, and the one corresponding
to the elastic limit, ae. In other words, the ratio of the accelerations in point C and B:

a

= 1.22
=7 (1.22)

el

If we design a structure the elastic resistance of which is at point B to a reduced
seismic action defined by point A, we may expect that the inelastic displacement response of
the structure to the real ground motion, point E, will necessarily be smaller than the
extrapolated elastic response, point D in the figure. The design with an appropriately chosen
behaviour factor permits to conduct elastic analysis and gives an estimation of the effects to
the benefit of safety.
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Figure 1.10; Theoretical inelastic ground acceleration — displacement response [7]
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1.2.5. Behaviour factor in Eurocode 8

As it has been presented before, Eurocode 8 permits the use of the g behaviour factor
in design. The method of application is that the elastic acceleration spectrum can be reduced
by the behaviour factor, see Figure 1.11. The obtained reduced spectrum is the design
spectrum to the effects of which elastic design can be conducted. The definition of the design
spectrum is the following:

Table 1.7; Definition of Eurocode 8 design horizontal acceleration spectrum

Interval Se(T)

0<T<T, Y185S g+l 25_2
3 T,Lqg 3
2.5

TBST STC }/|agRS'F

T.<T<T, max{;/lagRS ‘ETF—C:,BJ/.aQR}
q

5T.T
T, <T<4s maX{y.agRS -%%iﬂ%%}

As it can be seen, a lower bound acceleration is defined in the T>T. period range. The

recommended value of the g factor is 0.2.
From the results of the elastic analysis the inelastic displacements are (in theory

overestimated by extrapolating the acquired elastic displacements linearly with the qq
displacement behaviour factor.

d, =q,d, where g, =q (1.23)

design spectrum

0 ! 2 3 4
Period [sec]
Figure 1.11; Elastic and design Eurocode 8 acceleration spectra

It has to be noted though, that the two behaviour factors, g and g4 can only be deemed
equal if the period is sufficiently large (T>Tc¢). Short period buildings are very stiff therefore
they are designed to the largest accelerations and they exhibit moderate displacements. The
occurrence of inelastic deformations is usually in conjunction with the loss of stiffness and
the increase of displacements, so the displacement response of structures belonging to the
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short period range is larger than the linear approximation. In this case qq is larger than q; the
details of the calculation are omitted here.

As it has been mentioned before, the design to reduced seismic actions is only valid if
the structure is indeed capable of sustaining the inelastic deformations without collapse. The
inelastic displacement capacity is well described by the ductility which is similar in
definition to the behaviour factor, but expresses the ratio of the ultimate, d,, and elastic limit,
de, displacements instead of the action effect:

9 (1.24)
H= :

e

Obviously the ductility capacity of a structure has to be equal or greater than the
behaviour factor considered in the design. Various structural types possess various
achievable ductility capacity and therefore the behaviour factor has upper bound limits that
changes with the structural type. In the meantime, g also has a practically recommended
lower limit being 1.5, due to various factors such as friction of connection, minor irreversible
deformations, etc. Fundamentally, structures are classified into three ductility classes; low
(DCL), medium (DCM) and high (DCH). These classes primarily differ in the allowed cross-
sectional class, according to Eurocode 3 [10], of the inelastic members and of course the
allowed behaviour factor. In the table below the classification and the behaviour factors of
some typical steel structural types are presented:

Table 1.8; Behaviour factors for various steel structures

Structural type DCL DCM DCH
allowed cross-sectional class (EN 1993-1-1) 1,23 1,2 1
Moment resisting frames 4 Sow/an
Diagonally braced frame 15.2 4 4
V-braced frame 2 2.5
Eccentrically braced frame 4 Sow/ay

As it can be seen, the allowed behaviour factor of diagonally braced frames is 4 in
both DCM and DCH classes. This is due to the basis of the classification. The ductility of
braced frames primarily comes from the tensile ductility of the diagonals and the tensile
ductility does not depend on the cross-sectional classification, therefore there shall be no
difference between DCM and DCH classes. It is also important to note that according to the
table there are clear differences between the behaviour of various braced frame
arrangements. The reason to this distinction has been explained in the beginning of the
chapter in 1.1.

The definition of the q factor considers the seismic action level that corresponds to
first yield. For a single degree of freedom (SDOF) structure this is equal to the ultimate load
corresponding to the development of a plastic mechanism, see Figure 1.12. In this case only
one plastic hinge is needed to form a plastic collapse mechanism. In a MDOF system
however, multiple plastic hinges are needed that do not develop at the same seismic action
level. The level of the first yield, a1 differs from the ultimate level, ay. This difference allows
the behaviour factor to be dependent on the aw/a1 multiplier. In case of concentrically braced
frames this effect shall not be considered because in CBF-s it assumed that there is no
difference between the two load levels.
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Figure 1.12; Inelastic reserve of MDOF systems

Furthermore, it is apparent, that between the low ductility class and the medium and
high ductility classes there is a major qualitative difference. This will be further explained in

the following.
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1.3. General concepts in seismic design

1.3.1. Principles of capacity design

As it has been explained before, in order to conduct seismic analysis applying a
reduction of the seismic action via the behaviour factor, it has to be ensured that the structure
has adequate ductility capacity. On one hand, the behaviour factor has to be appropriately
chosen for the designed structural type, it cannot be arbitrarily large. On the other hand, the
structure has to be made capable of exhibiting inelastic deformations. These concerns are
incorporated in the capacity design philosophy.

The principles of the capacity design were elaborated by Thomas Paulay [11]. The
three main steps describing the method of design are:

— An appropriate behaviour factor has to be determined that is in correlation
with the expected ductility of the structural type.

— The inelastic zones of the structure have to be designated and these need to be
detailed so that they can undergo repeated cycles of plastic deformations
without failure.

— Structural members that participate in the seismic resistance but are not
expected to exhibit inelastic deformations have to be provided with an
overstrength that safeguards that they remain elastic indeed during the
earthquake.

The number of the zones or cross-sections where we permit inelastic deformations
depends on the level of statical indeterminacy of the structure. If it is n, then maximum n+1
zones has to be plastic in order to create a plastic yield mechanism which corresponds to the
ultimate resistance of the structure. Out of the two examples below the one on the left is
statically determinate (n=0), therefore only the brace have plastic deformations. In the second
case the moment resisting beam-column connections increase n by 2, so for the plastic yield
mechanism two plastic hinges are also required.

O

L O
Figure 1.13; Plastic collapse mechanisms

In the selection of the plastic zones we have a limited freedom. In the first example
even the beam could be plastic under the compressive forces of the lateral load or in the
second case the plastic hinges could be located on the beam. In general the plastic zones
develop in cross sections where the internal forces are high. Out of these locations by
adjusting the resistances to the effects, the desired ones can be selected. The selection of
course has to be in favour of promoting the largest possible decrease of the seismic actions in
design. If we considered the ductility as the measure of the mechanisms then unlimited
displacements would be desirable. Yet, displacements are limited in practice by the
deformation capacity of the material. Therefore, a plastic mechanisms utility in providing a
better seismic behaviour shall be expressed rather in terms of energy as it is described
hereafter.
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Through the ground displacements seismic input energy is transmitted into the
structure that is transformed into various forms of mechanical energy. The components of the
energy balance are depicted in the following “equation”:
elastic deformation

+
kinetic energy

+

{seismic input energy} =< dissipation via damping
+

dissipation via plasticity
+

soil deformation

Structures belonging to the low ductility class are not expected to dissipate energy by
dissipation via large plastic deformations. These structures are therefore also categorized as
low dissipative. Conversely, buildings belonging to the DCM and DCH ductility class
dissipate energy by the plastic deformation of the so called dissipative members and they are
considered as dissipative structures. The dissipation in general is directly accountable for the
decrease of seismic forces because the more the seismic input energy is decreased by
dissipation, the less energy is stored as elastic deformations and velocity (representing the
kinematic energy).

It is obvious that for low dissipative structures the capacity design procedure is not
applicable as the second two main steps cannot be interpreted as the absence of large plastic
dissipation means the absence of a plastic mechanism. For dissipative structures however, a
plastic mechanism has to be defined with the aim of maximizing the dissipation (coming
from unitary displacement), the dissipative members need to able to dissipate energy and the
non-dissipative members have to respect additional rules in order to remain elastic. As a
consequence, seismic codes to penalize the seismic effects of non-dissipative members by
various sources of overstrength and the members need to be designed to withstand these
amplified actions. The enlarged effects have the form of:

Eeo =70 Eeae (1.25)
where:
Eese  is the design effect of the seismic action
Yov is the overstrength coming from the difference between the nominal
and real yield stress of the material
Q the ratio of the effect and the resistance of the dissipative member
Y additional safety factor to take into consideration strain hardening

1.3.2. Capacity design of CBF-s in Eurocode 8

In Eurocode 8 the promoted mechanism and the structure-specific regulations of
capacity design are as follows. In CBF-s the large majority of the connections and splices
may be considered as pinned as the structure is stiff and stable without moment resisting
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connections. Consequently, the level of statical indeterminacy is low and only a limited
number of members, mostly the braces, can be dissipative members. In classical design CBF-
s are supposed to develop a global plastic mechanism when subjected to seismic actions, see
Figure 1.14. Depending on the direction of the loading all the braces in tension get equally
elongated and the ones in compression buckle. This mechanism allows the largest possible
dissipation in the structure as every brace participates in the dissipation of the seismic input
energy and therefore the global mechanism provides the largest reduction of the internal
forces in the structure. Also, by the uniform distribution of the drifts on every floor a
significant ductility capacity can be achieved.

Figure 1.14; Global plastic mechanism of CBF-s

Due to the buckling of the compression braces the small residual axial forces can be
neglected and it is allowed to conduct the linear analysis considering the (tensile) braces of
one bay only. Concerning the requirements imposed to the members, the braces have to be
designed to the axial forces occurring in the design seismic combination of actions:

N, ., <N (1.26)

br,Ed pl,Rd

where Neq is the design axial force and Npira is the plastic tensile resistance of the brace
cross section. In addition, Eurocode 8 defines limitations to the relative global slenderness
also:

1<20 (1.27)
and especially for X-braced configurations:
1.3< 4 (1.28)

The relative global slenderness is the ratio between the slenderness and the elastic limit
slenderness:

A with 4 =7 fE (1.29)

y

A=

The upper bound defined in Eq.(1.27) is imposed to prevent the rapid degradation of
the resistance of the braces. Furthermore this limits the plastic out-of-plane deformation [12]
of gusset plates which are prone to low-cycle fatigue failure. The lower bound assures the
sufficient flexibility of the diagonals and avoids the occurrence of normal forces in the
columns that significantly differ from the results obtained with the one-brace model. Also the
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lower bound slenderness ensures buckling of the compressive diagonal before the yield of the
tensile diagonal.

For the sake of homogeneous dissipative behaviour the simultaneous yield of the
braces on every floor has to be ensured. Eurocode 8 aims to promote this by a condition
given for the overstrength factors, Q;, realized on the different floors, making them closely
uniform. It needs to be verified that the maximum storey overstrength for the seismic
combination of actions does not differ from the minimum by more than 25%:

P <1 95 (1.30)
Q

where the global overstrength factor, €2, is defined as the minimum storey overstrength:

Q=min2 (1.31)
and,
N .
e} i=ﬂ (1.32)
Nbr,Ed,i

where Npirg is te axial resitance and Noreq IS the axial effect. For the design of the non-
dissipative columns and beams Eurocode 8 requires the fulfilment of the following condition:

NRd(MEd)ZNEd,G +1-1'7ov'Q'NEd,E (1.33)

where Nrda(Meq) is the axial resistance in accordance with Eurocode 3, taking into
consideration the interaction with the design bending effect Meq. Neq,c and Neq e are the axial
forces due to the non-seismic and the seismic actions respectively. The material overstrength
factor, yov, accounts for the random variability of the yield stress. Its recommended value is
1.25, but it may be varied in corresponding National Annexes. The amplification coefficient
1.1 represents the increase of the yield stress of the dissipative members due to strain-
hardening. The total overstrength, 1.1yov Q is a way to account for the resistance reserve of
the non-dissipative members. In principle, it ensures that the resistance of the non-dissipative
members is adequate until the plastic yield of all the diagonals.

1.3.3. Performance-based earthquake engineering in EC8

The seismic design concepts and the specific requirements of Eurocode 8 that have
been introduced so far primarily intend to prevent structural collapse. However, failure
prevention and the preservation of life shall not be the only concerns especially if the
earthquake is weaker than the one considered in design. On one hand maintaining the
operation of some building types is more important than of others e.g. hospitals, utility
stations, schools. On the other hand, in case of more frequent quakes, the damages of non-
structural members should be prevented making the continuous occupancy possible.

The Structural Engineers Association of California (SEAOC) proposed the
performance requirements [13][14] depicted by Figure 1.15. In the concept of Performance-
Based Earthquake Engineering (PBEE) four performance requirements are proposed to four
seismic action levels defined by their return period in years.

In Eurocode 8 both the requirements and the action levels are less detailed but the
concept in principal correlates with the presented figure. The differences of the importance of
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the buildings are considered at the definition of the seismic action as the PGA is scaled by
the y importance factor. For buildings of extraordinary or critical importance 20% or 40%
increase of the seismic effect is recommended. In order to reasonably couple the seismic
hazard and the performance target, Eurocode 8 imposes two fundamental requirements that
are approximately indicated by the red dots in the figure.
— No-collapse requirement: the primary structural members have to be verified
that they have adequate strength and ductility so that structural integrity is
retained after the seismic action. The reference earthquake associated with this
state has a return period Tncr=475 years.
— The damage limitation requirement: the structure shall withstand
earthquakes of smaller return period without extensive damage that may limit
the use or the cost-of-which shall be disproportionally high. The reference
earthquake associated with this state has a return period Tncr=95 years.

Fully operational ~ Operational Life safe Near collapse

Frequent
(43 years) o Unacceptable performance
Occasional g, . (for new cdnstruction)

Imy

(72 years) ‘\EY[ QOry Ortg,,
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(475 years) \ Mooy, mport%r\n /ngg
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;

i

Figure 1.15; Performance requirements for buildings of various importance

In the damage limitation design state performance targets are imposed upon the
inelastic relative drifts of adjacent floors, i.e. the interstorey drifts. The main difference
between the different requirement levels is whether or not the non-structural elements, the
damage of which is intended to be limited, are brittle, ductile or flexibly connected to the
primary members. Considering a building with not particularly sensitive non-structural
elements, the not rigorous, but for steel buildings commonly used limitation of the maximum
inelsatic interstorey drift, dy is:

d.v<0,010h (1.34)

where h is the storey height and v is the reduction factor taking into account the lower return
period of the seismic effect as dr is to be computed with the seismic action associated with
the no-collapse state. The recommended value of the reduction factor for buildings of
ordinary importance is v=0.5, though national annexes may give even less rigorous values. In
other words, according to Eq.(1.35), the requirement for damage limitation can be interpreted
as the maximum allowed interstorey drift is 2% of the storey height regarding the seismic
action considered in no-collapse design state since:

d, <0,010h/v =0.020h (1.35)
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1.4.  Analysis methods in seismic engineering

1.4.1. Linear static seismic analysis methods

Previously we have defined the practical form of the seismic action that needs to be
applied in seismic analysis and also presented the basic principles of seismic design and
performance requirements. Hereby the most common methods of linear static seismic
analysis will be presented in with the seismic action is defined by the acceleration spectra.

Given a single degree of freedom (SDOF) structure with predefined damping,
importance class and behaviour factor, the maximum structural response can be directly
derived using the appropriate response spectra and the structure’s one and only period.
Conversely, the response of an n-storey multi degree of freedom (MDOF) structure is defined
by multiple parameters such as the n masses, stiffness and damping on the different storeys.
In order to obtain equivalent lateral seismic forces to which elastic static analysis can be
computed, two methods may be used. The simpler lateral force method and the mostly
computerized modal response spectrum analysis are both included in the Eurocode 8 design
code. Their use is summarized in the following.

In the lateral force method of analysis it is assumed that the response is characterized
by a representative parameter e.g. the top lateral displacement and the shape of the deformed
structure follows a predefined function. This function is conventionally linear, see Figure
1.16/a. This way the MDOF system is substituted by an equivalent SDOF. The sum of the
equivalent loading is calculated using the SDOF approximation but for the analysis it is
redistributed along the height following the assumed shape.

Equivalent MDOF Y
SDOE building Modes of vibration
—= —@— —= — =
F, Mo Fon P2 | / Fap %%
—= —.— <= <
— —.— <— <— Dy,
Fi mi For [ P2 Fai 3
@ — - -
D(z)
) i)
= —@— <— =24 —
Fy z m; Fa1 Fa1
Fo Fo2 Fos
a) lateral force method b) modal response spectrum method

Figure 1.16; Equivalent lateral loading in linear seismic analysis methods

First of all, the fundamental period, T, of the building has to be determined in order
to define the maximum acceleration from the elastic response spectrum. In hand calculation,
which is what the lateral force method is developed for, the period can only be estimated by
various empirical formulas given in the standard or by other simple methods such as the
method of Rayleigh. Having determined the acceleration response, the seismic base shear
force is calculated by Newton’s second law as follows:

F, =S, (T,)-m-4 (1.36)
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where m is the mass of the whole building and A is a correction factor to take into account
that actually it is not the whole mass that exhibits rigid-bodily movement. In most
multistorey buildings the recommended value of this factor is 0.85. The redistribution of the
total base shear is proportional to the masses of the slabs, mj, and the lateral displacements,
si, determined by the approximate shape function:

Simi
2.5m,

If the shape function is indeed considered to be simply linear, the lateral
displacements can be replaced by the height of the storeys above the basement, z;.

F=F

(1.37)

Fop A

2.m,

The equivalent lateral forces can be used in combination with other effects in regular

static analysis and the dimensioning can be carried out respecting also the specific
requirements of capacity design.

As it has been shown, one advantage of the modal response spectrum analysis is that

it decouples the dynamic equilibrium equation into a series of SDOF problems. For each, a

mode of vibration and the corresponding period can be computed and the response of the

MDOF structure can be expressed as a combination of the different modes. The modal

combination does not only apply for the displacements of course, see Eq.(1.15), but also for

the equivalent lateral loading. The base shear of the mode i can be calculated with an
expression similar to Eq.(1.36).

(1.38)

*

Fbi = Sd (T| ) m, (1'39)

where m;" is the modal mass participation, previously approximated for the fundamental
mode by m and /4, and computed as:

(oW 1.40
m, “ oMo (1.40)

where ®@; is the modal vector, M is the mass matrix and v is a pointer vector indicating the
components in the considered direction. The modal lateral load vector for the mode i is once
again proportional to the mode shape and the masses:

M ((I)iTMl)Z
'®' ML ® M,

@ M
O M,

p, =@ S, (T;)=®M S, (T)) (1.41)
The application of both static methods has further requirements and limits. First of all,
the lateral force method shall only be used if the fundamental period is not too elevated
(T1<2.0; 4Tc), because in such a case it is likely that the upper modes with shorter period
may not be negligible any more, which is what is assumed in the method. The upper modes
may also be relevant if the building is irregular in elevation, i.e. abrupt, at least 20% changes
of stiffness or mass from one storey to the other are present in the structure. For such
building the use of the lateral force method is not allowed. Eurocode 8 gives a more detailed
definition for the regularity in elevation and also for the regularity in plan which is deemed to

25



Chapter 1: Introduction to Braced Frames, Seismic Design Principles and Analysis Methods

determine whether the use of independent planar models in both lateral directions is
appropriate or spatial model has to be built. Hereby these details are omitted.

If we consider every mode of a certain structure using the modal response spectrum
analysis, the sum of the modal participations is 1.0, so all the mass is considered.
Unfortunately for a multistorey building, especially when using spatial finite element models,
the number of the modes can be enormous, requiring long computation time. It is therefore
adequate to consider only a number of modes that add up to 90% modal mass participation
altogether, insofar as every mode having a participation of 5% or more is accounted for.
Usually considering the first few modes is enough to satisfy these conditions.

If all the relevant modes and the equivalent lateral loads are computed, the
combination of the modes may be done by simply summing the effects of the different
modes. It has to be noted though, that the response spectrum method by definition gives the
maxima in each mode. These maxima are not attained in the same time instant during the
earthquake; therefore the summing is a very conservative approximation. Consequently, two
other methods are commonly used instead in practice. The Square Root of the Sum of
Squares (SRSS) gives a better approximation of the maximum earthquake effect, Eg, to be
considered:

E.= > (Es) (1.42)

The SRSS method supposes that the response of the different modes is independent,
therefore it tends to give results very different from NTHA results if the periods of some
modes are close. If the periods of any two modes do not satisfy the condition below, they
cannot be considered independent and instead of the SRSS the Complete Quadratic
Combination (CQC) has to be utilized.

T, <09T, (1.43)

The CQC method determines the combination of the modal effects with regard to the
correlation coefficient, pij, of every two modes.

E. =\/iz;(EEipij EEj) (1.44)

The correlation coefficients can be collected into a symmetric correlation matrix. The
elements in this matrix on the main diagonal are 1.0 and apart from the diagonal the larger
the difference of the periods is, the smaller the correlation gets. The coefficients are
computed as follows:

2 3/2
852 (1+aij)aij >~ Where o =~ (1.45)
(1—055) +4§205ij (1+aij) i

—

Pij =

|

It is also necessary to combine the response in the two separately analysed orthogonal
directions. In Eurocode 8 the so called 30% rule is implemented, so the effects in the two
planar directions (still neglecting the vertical) need to be combined as:

Eeo, "+"0.03E,

(1.46)
0.30Eg,, "+ "Egy,

26



The introduced elastic static analysis methods that are conducted on perfect models of
the building are inherently not capable of incorporating effects such as the accidental
eccentricity of the masses or the second order effects. Consequently, in Eurocode 8 it is
required to penalize the seismic action effects by factors that represent these phenomena.

The eccentricity of the centre of mass (CoM) of the slabs and the centre of stiffness
(CoS) already implies the torsion of the building. This eccentricity can be further amplified
by the uncertainty of the distribution of the mass on the floor slab. This effect can either be
approximately taken into account by multiplying the seismic action effects of the lateral
resisting members by 6, defined below, or by estimating the accidental eccentricity, €aj, and
applying a concentrated torsional moment on every floor in both senses.

5=1+ o.eLi (1.47)

e

M, =e,;F where e, =+0.05L, (1.48)

where x is the eccentricity of a lateral resisting member to the centre of mass, Le is the
distance between the outermost resisting members and L; is the floor dimension. All these
distances are perpendicular to the direction of the seismic loading, Fi, and are depicted in
Figure 1.17. If the lateral resisting system non-symmetric the coefficients in Egs. (1.47) and
(1.48) are 0.12 and 0.10.

-

*

Figure 1.17; Eccentricity of seismic loading and accidental torsion

The lateral displacements and the vertical gravity forces together result in an
additional overturning moment, see Figure 1.18. The larger the lateral displacement is, the
more significant this moment becomes and the more it gradually decreases the structure’s
resistance to lateral loading. This effect is often referred to as the P — A effect. The P - A
cannot be computed with the initial geometry as in that case the gravity force is not eccentric
to the vertical members. In order to consider in the analysis the eccentric gravity forces either
second order computations need to be conducted, or the first order analysis result need to be
altered by approximate formulas.

In order to account for second order effects in Eurocode 8 the interstorey drift
sensitivity coefficient needs to be calculated. This coefficient is the ratio of the destabilizing
and stabilizing moment and is expressed as follows:

0= th—m ‘il (1.49)

tot
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where Pyt is the gravity load considered on and above a storey in the seismic design
situation, Vit IS the total seismic storey shear, H is the storey height and dr is the design
inelastic interstorey drift computed according to Eq.(1.23). The value of the coefficient shall
not exceed 0.3. If the coefficient is smaller than 0.1 then second order effects can be
neglected, otherwise the effects of the seismic action need to be amplified multiplying by:

1
) 1.50
10 (1.50)
The two presented formulas concerning the second order effects in Eurocode 8 were
found to be rigorous and impose significant but rather unnecessary resistance need on steel
structures [15]. The authors propose to consider the elastic displacements instead of the
plastic, but enlarging the sensitivity factor on the basis of the considered ductility:

0, =\F;wt—'deso.1w (1.51)

tot ©

where ® is 1.0 for q=1.0, 0.65 for gq=1.5 and 0.5 in every other case. If 6:>0.1m, the
amplification of the effects shall be done by:

1
1-q(6, -0.100)

(1.52)

The above expressions have been recently (2014) approved by the French Standardisation
Committee in the form of:

P, -d,

=—u <0.1 where @2, =0.5q (1.53)
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Figure 1.18; P — 4 effect of SDOF system

1.4.2. Nonlinear static seismic analysis

For the purposes of linear elastic static analysis the seismic loading is always defined
by the design spectrum which is obtained from the elastic spectrum via transformation
depending on the behaviour factor. In this transformation a rough estimation of the inelastic
behaviour is incorporated. In order to resolve the uncertainty related to the inelastic
behaviour and to verify if the assumed plastic mechanism is developed, in accordance with
the principles of capacity design, inelastic calculations may be conducted. The most common
non-linear static procedure for the seismic analysis of structures is the Pushover Analysis
(PA) that will be essentially introduced in the following.

The pushover analysis is performed for monotonically increased increments of
equivalent horizontal seismic loads (representing the inertia forces) with simultaneous and
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invariant, mostly gravity forces. This procedure uses a series of sequential elastic analyses,
superimposed to approximate a force-displacement capacity diagram of the overall structure.
The mathematical model of the structure is modified to account for reduced resistance and
stiffness due to the yielding components. The lateral distribution is increased until the
structure reaches its ultimate resistance or until a prescribed displacement of a control node.

In practice the model of the building, where all necessary material nonlinearities are
accounted for, is loaded by the simultaneous gravity forces and a lateral load pattern, see
Figure 1.19. According to Eurocode 8 provisions the pattern is either constant or modal,
mostly corresponding to the fundamental mode which is usually approximately linear as it is
depicted in the figure. In subsequent load steps the lateral loading is increased by multiplying
with a load parameter, A, but as the lateral loading is usually normalized, the parameter is
equal to the base shear that characterizes the seismic effect. The computations are controlled
by the lateral displacement of a control node i.e. the centre of mass of the top floor. The
diagram depicting the base shear, Fy, plotted against the control displacement, d, is called the
capacity curve, presented also in the figure below.
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Figure 1.19; Pushover analysis loading and capacity curve

The pushover analysis has multiple purposes. On one hand the development of the
plastic collapse mechanism can be investigated which can substantiate the judicious choice of
the q factor for elastic design. Also, the ratio of the ultimate resistance, ay, and first yield, a1,
can be determined, which may be used to further enlarge the behaviour factor, see 1.2.5. In
addition the pushover analysis can be used to verify if the structure has adequate
displacement capacity as from the definition of the seismic action a target displacement can
be calculated.

In order to cross-refer the MDOF capacity curve with the earthquake spectrum it has
to be substituted by an equivalent SDOF systems curve as the spectra refer to such systems.
The mass of the equivalent SDOF system is defined as:

m =>ma, (1.54)

where mj is the mass on the i" floor and ®; is the corresponding displacement (®,=1.0). The
transformation factor between the MDOF and SDOF systems is obtained by:

.
r= > ma?

Both the displacement and the base shear need to be divided by the transformation
factor to get the capacity curve of the SDOF system, see Figure 1.20/a.

(1.55)
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b gt (1.56)
r r

Further explanation is more spectacular if the capacity curve and also the response
spectrum is represented in Acceleration Displacement Response Spectrum (ADRS) format.
This representation is related to the capacity spectrum method [16]. For the capacity curve
the base shear needs to be transformed into acceleration with the following formula:

S,=— (1.57)

For the response spectrum the expression of the transformation acceleration - period
is the same as already introduced before:

S TT
S ="a_g | 1.58
d 602 a[zﬂ_:| ( )

In Figure 1.20/b the green curve and the dark blue representing the elastic demand
and the inelastic capacity cannot be compared. First, the elastic demand has to be
transformed into inelastic. This is usually carried out by computing an equivalent viscous
damping factor from the hysteresis damping and by this factor the elastic demand curve is
reduced [17]. The details of this procedure are hereby omitted. The inelastic demand is
depicted by the orange line and the intersection of the inelastic capacity and demand curves
gives the so called performance point of the SDOF structure. To this performance point a
bilinear, light blue, idealised capacity curve can be fitted. It is required that the areas under
the actual and the idealized curves, i.e. the deformation energy, Em", have to be equal. Thus,
the yield displacement of the SDOF system is:

. E
dy :2[dm— FTJ (1.59)
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Figure 1.20; Transformation of capacity curve and determination of target displacement
The elastic segment of the idealized curve determines the stiffness of the equivalent
SDOF system from which the period and the elastic target displacement can be computed.
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dy =S, (T*){g} (1.61)

The inelastic and the elastic target displacement of not acceleration-sensitive SDOF
systems are equal, as depicted in the figure. The target displacement of the original MDOF
system is simply obtained by using the transformation factor again:

d =7d; (1.62)

The target displacement is an objective that the capacity curve of the MDOF system
has to exceed monotonically increasing to be considered adequate. Otherwise, the structure
does not possess the ductility needed to withstand a design-strength earthquake.

As it has been explained, in pushover analysis the response of the MDOF system is
related to the response of a SDOF system, implying that the response is controlled by a single
mode shape that remains unchanged. However, in reality the invariant distribution may not
properly represent the distribution of forces during an earthquake in a MDOF system.
Moreover, the invariant force distributions cannot account for the contributions of higher
modes to the response or changes of the modal behaviour, which may not be negligible in
multi-storey buildings.

1.4.3. Nonlinear incremental dynamic analysis

In the already introduced static seismic analysis methods the structures have been
subjected to necessarily time-independent forces. It is possible however to conduct real
dynamic analysis by applying accelerations records to the supported nodes of structural
models, as it has been mentioned in 1.2.2. Time history analysis is essentially solving the
differential equations of motion for the displacements, velocities and accelerations in very
short time steps. This is necessary on one hand for the sake of accuracy and on the other hand
because the acceleration records of earthquakes change also very rapidly. Though it is
possible to conduct linear dynamic analysis, it is not particularly common, since in the
numerical simulation of earthquake responses, what dynamic analysis practically is, inelastic
material behaviour can hardly be avoided.

The acceleration records used for nonlinear time history analysis can be actual
earthquakes recorded in the past. The problem with such is that they may not be available in
sufficiently large numbers for any area of interest. Nevertheless, it is also possible to
generate artificial records of prescribed length and guiding spectrum. Eurocode 8 for instance
requires artificial acceleration records to be at least 10 seconds long and their spectrum shall
not be less than 90% of the desired 5% damped spectrum for any period. In addition to these
parameters it has to be noted that the “severeness” of records can be measured by a spectral
intensity [18] and the intensity of artificial records are usually higher than of natural ones
implying larger demands in general.

In practice a structure can be verified for being able to withstand a chosen earthquake,
but a more comprehensive understanding of the resistance can be acquired if the structure is
subjected to the same earthquake with various intensities. The idea of monotonically
increasing the strength of the seismic loading is somewhat parallel to the concept of the
introduced nonlinear static analysis methods, therefore it is sometimes referred to as dynamic
pushover. The definitions related to the dynamic pushover and a more commonly used name,
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Incremental Dynamic Analysis (hereinafter IDA), have been published by Vamvatsikos et al
[19][20].

In IDA the intensity of the earthquake is characterised by an appropriately chose
intensity measure e.g. the PGA or the spectral acceleration corresponding to the period of the
first mode, Sa(T1). The scaling of the record is done by multiplying the intensity measure by a
scale factor, a number ranging from zero up to a selected maximum. The damage measure is
another observable quantity in the nonlinear response that is suitable to characterize the
damage state of the structure. Alternatives of the damage measure are the base shear,
ductility or the maximum Interstorey Drift Ratio (IDR), which is the difference of the lateral
drift of two adjacent stories divided by the storey height in percent.

IDR = Xi+l_xi

[%] (1.63)

In later chapters of the present work on IDA diagrams the IDR will be plotted against
the scale factor of the PGA as it is presented in Figure 1.21. The performance of a building is
either limited by the IDA curve converging to a vertical asymptote, meaning the attainment
of dynamic instability, or by a predefined maximum damage measure, beyond which material
failure is assumed.
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Figure 1.21; Theoretical IDA diagram

Attention has previously been drawn that the analysis of the response to one
earthquake may not be representative as quakes can be very versatile. It is not surprising
therefore, that in Eurocode 8 a minimum of three artificial accelerograms are to be used. If at
least seven are used that correspond to the same design spectrum, it is allowed to consider the
mean of the seven independent results. The availability of an even larger number of
independent computations provides the possibility of evaluating the structural performance
on a probabilistic basis. In this approach from the large number of IDA curves cumulative
distribution functions, so called fragility curves, can be derived that provide information on
the probability of exceeding given intensities without failure. From the fragility curve and
from site-specific hazard curves the probability of failure for a given reference period can be
computed. The process of this analysis type is discussed in the previously referenced articles,
but further details are hereby omitted as in the present work probabilistic analysis is not
conducted.
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1.5. Examined problem and objectives of the thesis

As it has been discussed before, in classical design CBF-s are supposed to develop a
global plastic mechanism when subjected to seismic actions, see Figure 1.22/a. Depending
on the direction of the loading all the braces in tension get equally elongated and the ones in
compression buckle. This mechanism allows the largest possible dissipation in the structure
as every brace participates in the dissipation of the seismic input energy and therefore the
global mechanism provides the largest reduction of the internal forces in the structure. Also,
by the uniform distribution of the drifts on every floor a significant drift capacity can be
achieved. In order to utilize the maximum available plastic deformation capacity it has to be
ensured that all the braces undergo plastic deformations on every floor. In the meantime the
non-dissipative members i.e. the columns and beams have to remain elastic. In design the
occurrence of plasticity in the braces only has to be safeguarded by a notable overstrength
demand imposed on the columns and beams, in compliance with the principles of capacity
design.

a) global mechanism b) local mechanism
Figure 1.22; Global and local storey plastic collapse mechanism of CBF

Although the global plastic mechanism is the one that simplified design procedures
assume, it is well known that another collapse mechanism is very likely to develop. The
mechanism is often referred to as the weak storey or soft storey mechanism, see Figure
1.22/b, and it has been observed in recent earthquakes [21]. In a weak storey mechanism the
plastic deformations are localized on one or a very limited number of floors. When the brace
in tension reaches its axial resistance limit, the compression diagonal is already buckled, so
the columns have to carry all the additional horizontal inertia forces. While in the case of the
global plastic mechanism the columns remain straight, a weak storey mechanism causes the
double curvature of the columns as they counteract the horizontal forces by flexure. If the
lateral seismic action is large enough plastic hinges form on the top and the bottom of the
bent columns above or under the floor slabs and a storey mechanism develops. In the case of
this local mechanism the lateral displacement of the top is approximately equal to the storey
drift of the weak storey only. Furthermore, all the plastic dissipation of the building is
realized only on the weak storey and the rest remain unexploited. Consequently, the
dissipation of a local mechanism is by far smaller than of the global mechanism. Moreover,
in a local mechanism columns are subjected to significant bending which is what they are not
designed to resist originally, supposing a truss action. Because of the bending of the columns
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the weak storey behaviour incorporates the possibility of an early collapse which should be
prevented.

This thesis focuses on the likelihood of the weak storey behaviour and the weak
storey collapse of diagonally concentrically braced frames designed according to Eurocode 8
provisions. The performance of CBF-s will be evaluated by means of IDA. In the evaluation
the emphasis will primarily be put on the occurrence of the weak storey behaviour and not on
the resistance of the designs. The NTHA results will be further analysed to understand the
nature and development of the weak storey behaviour. Ultimately, the objective is to develop
supplementary conditions to Eurocode 8 that can enhance the designs by preventing the
occurrence of weak storeys.
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Chapter 2

Literature Review on the Seismic Response of Braced Frames

and Brace Behaviour

The objective of this chapter is to assess the information that were gathered from
articles existing prior to the thesis and that provided an initial base to the research.
In the chapter giving every available reference as a list is not intended. Rather,
emphasis is put on introducing the most important features of CBF-s utilizing a few
selected articles. Firstly, the cyclic behaviour and failure of the braces and other
members are observed. In the second part some issues regarding CBF related
Eurocode 8 provisions and the unfavourable weak storey behaviour are discussed.
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2.1. Failure of lateral load resisting members

As discussed before, in incremental dynamic analysis the performance of a building is
usually evaluated by means of plotting an appropriately chosen damage measure against the
seismic intensity measure. When the IDA curve converges to an asymptote, see Figure 1.21,
the lateral displacements increase without notable change of the scale factor. In this case a
plastic collapse mechanism is formed and failure of the building is attained. Though IDA
results usually exhibit such convergence, in reality the limited deformability of the building
materials may cause the local failure of certain members. Prior to the full development of the
theoretical collapse mechanism, excessive local cyclic and plastic deformations may cause
ruptures and eventually the fracture of joints or the dissipative members i.e. the braces. As
the level of statical indeterminacy is low in CBF-s, such a loss of one member participating
in the lateral resistance can be directly related to the collapse of the building. The allowable
damage measure or, in future discussions, the IDR therefore has to be given an upper bound
beyond which collapse is assumed.

In the following paragraphs the different possibilities of failure of the lateral load
resisting members of a CBF are presented and assessed. This study relies primarily on the
available literature. The objective is to give estimation to the interstorey drift range at which
the excessive damage of the braces, gusset plates or the columns causes failure. The beams
are not considered in this assessment as they are generally assisted by floor slabs in
transmitting the horizontal forces.

2.1.1. Braces

The use of rectangular or circular hollow sections for the diagonal braces is in
common practice as the catalogues of these sections are versatile. Therefore, the actual cross-
sectional area can be well adjusted to the imposed need. The other advantage of using hollow
sections for bracing is that these sections have equal or at least significant flexural stiffness
in both two principal cross-sectional directions, so requirements imposed to the slenderness
of the brace can be cost-effectively satisfied. To understand the fracture life of such axially
loaded diagonals, their cyclic behaviour has to be characterised by an idealised force -
deformation model [22][23][24].

Assuming that the brace is initially subjected to compression, the first stage of the
behaviour is described by the 0 - A branch in Figure 2.1. In this elastic state the axial
deformation is small and the out-of-plane deformation of the bar is primarily given by the
amplification of the initial imperfection. In point A the buckling load is reached. Along the A
— B branch the plastic deformation of the mid section implies the formation of a plastic hinge
and extensive axial and lateral displacement. The B — C and C — D branches correspond to
elastic unloading and tensile loading. In point D the eccentric tension causes plasticity in the
mid section again but in the other sense. Along the D — E branch the stiffness grows in
conjunction with the straightening of the bar. In point E the tensile yield is attained. Between
E and F plastic elongation is realized which results the 0 - G residual elongation after the F —
G branch of unloading.
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Figure 2.1; Theoretical elasto-plastic behaviour of axially loaded brace

When a CBF is subjected to seismic action the braces may exhibit several cycles of
the introduced force-displacement diagram, however the tensile yield is not reached in every
cycle. Figure 2.2 depicts the normalized axial force — axial displacement diagram of a brace
in a 20 second cyclic excitation by an artificial acceleration record. In this diagram most of
the tensile peaks do not cause yield, however in three cycles considerable plastic elongation
is realized. As the deformed length of the brace becomes larger than the original length,
buckling occurs even in the positive displacement range, where otherwise tensile behaviour
would be expected. In the meantime the buckling load decreases. Consequently, the bar
buckles in every cycle and plastic deformations cumulate primarily at the midspan of the bar
in a plastic hinge. Also due to the increased length, for the full development of the tensile
resistance of the brace larger axial displacements are needed. Therefore, in the case of small
tensile displacements the counteracting force in the brace is diminished significantly i.e. the
initial stiffness decreases. Moreover, the lateral displacements in buckling and the rotation of
the plastic hinge become larger. Also the residual deformations in the plastic hinge facilitate
the buckling and decrease the force corresponding to the buckling.

1.2

tension

decrease of —
stiffness \

decrease of buckling load

compression

42 10 8 -6 -4 2 0 2 4 6 8 10
Axial deformation g[%q

Figure 2.2; Characteristic normalized axial force — deformation diagram of brace
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The plastic hinge in the mid section generally appears associated with local plate
buckling. In the repeated cycles the buckled pattern folds and unfolds over and over again
and the edges in the buckled zone undergo repeated alternating plastic deformations. The
accumulation of plastic deformations may lead to a local low-cycle fatigue rupture, see
Figure 2.3. The yield in alternating directions in subsequent load cycles causes cracks to
appear and those gradually propagate in the otherwise ductile steel material. Therefore, the
net cross-sectional area of the brace and with it its resistance decrease abruptly.
Consequently, it is important to know the level of the displacement range where the cyclic
loading inflicted failure of the diagonals can be expected and also what parameters affect the
resistance to cyclic loading.

crack
initialization \

fatigue
fracture

Figure 2.3; Fatigue fracture of hollow brace subjected to cyclic axial loading

In order to examine the fracture life of rectangular and square hollow section braces
several authors conducted comprehensive experimental surveys [22][23][25][26][27][28][29]
[30]. Upon the assessment of the cyclic test results various methods and formulas were
established that aim to predict the fracture life [31][32][33][34][35]. Although the formulas
may differ, the different authors agree that the most important factors influencing the rupture
of hollow braces are the global and the local slenderness and the material grade. Taking into
consideration some or all of these factors the great majority of the formulas express the
displacement ductility capacity, u., of the braces which is defined as the ratio of the realized
axial deformation and the one corresponding to the first yield &.

AL
Uy = (2.1)
L-e,

The displacement ductility in the referenced articles is mostly determined by
experimental testing. In the test setups the loading is imposed axial displacement with the
same monotonically growing amplitude in tension and compression. The ductility result of
the tests is given by the maximum attained amplitude before failure, therefore it does not
correspond specifically to tension or compression; it is rather an absolute value. Some
authors attempted to consider not only the maximum deformation, but the whole loading
history. Shaback and Brown [31] present a cumulative measure of ductility that takes into
account the characteristics of the loading history prior to failure. The accumulated fracture
ductility, w4y, is defined as the weighted sum of the w4, and w4 > ductility in the subsequent
cycles, see Figure 2.4.

Ha :Z(O-luA,1+MA,z) (2.2)

38



Nt
\
1
3
| ! -
e
\ | g%y
| \
\
\
| |
| Ma1 - Mz2 |
]

I< 1<
Figure 2.4; Compressive and tensile ductility according to Shaback et al. [31]
Also predictive equations are given that have been calibrated by tests on cold-formed
carbon steel square hollow section bracing members. The maximum attainable ductility is:

u =C, (350/1,) " (4(b/d)-05Y (707 if. "t <70 (2.32)
ERICEL TR r

W™ =C, (350/ fy) _ [4(b/d)_0.5j ‘ [&j if: &270 (2.3b)
el s ) U

where Cs is an empirical constant (equal to 0.065), KL is the buckling length, b is the longer
and d is the shorter face of the rectangular section, t is the thickness, r is the radius of
gyration and fy is the yield strength in N/mm?2. This method requires the detailed knowledge
of the force — displacement response but this may not be available in most cases. With this
method we cannot provide a preliminary estimate for the ultimate storey drift corresponding
to the local failure of the braces. Nevertheless, other available methods for the estimation of
the displacement ductility capacity are independent of the history of the hysteretic loops.
Such relationships were given by Tremblay et al. [32], Goggins et al. [33] and Nip et al.
[34][35] for example.

Goggins et al. observed three properties influencing the capacity of their test
specimens i.e. the yield strength, the global and the local slenderness. For each parameter the
authors provide independent formulas that have been calibrated by the test data:

wy =224-14(f, —f, )/ F, o (2.4)
n, =26.22—0.7 (2.5)
n, = 29.1-1.07(%) (2.6)

Tremblay et al. proposed a simple linear relationship between the sum of the
maximum ductility, uf, reached in both tension, ut, and compression, uc, before fracture, and
the relative global slenderness:

n, =24+483L=p, +p, (2.7)

For the sake of comparison with other formulas expressing the ductility as the largest
deformation either in compression or tension, we shall assume that the reached ductility in

39



Chapter 2: Literature Review on the Seismic Response of Braced Frames and Brace Behaviour

tension and compression are equal. Hence, Eq. (2.7) can be divided by two to express the
displacement ductility:

w, =1.2+4.15)% :
L =1.2+4.15) (2.8)

Tremblay et al. observed in their test procedures that the choice between diagonal
bracing in different bays or the X-braced arrangement of the bracing members may affect the
fracture life as well. Therefore they have chosen the rotation at the bar end as a suitable
indicator of the brace damage. The ultimate rotation & is calculated as:

-0.1 0.3
0. =0.091 D dy KL (2.9)
f t ot r

where bo and do are the inner widths of the two faces of the rectangular section and KL/r is
the global slenderness. For the conversion of the rotation to out-of-plane and axial
displacements the following equations can also be found in [32]:

9:2,/% with &, = (i, +p, —1)3, (2.10)

where L is the bar length for pinned-end diagonal braces and Jy is the elongation
corresponding to tensile yield. Assuming again that the ductility in tension and compression
are equal and expressing the tensile yield as:

fy
o, = E L (2.12)
where fy is the yield stress and E is the modulus of elasticity of the material, we can express
the displacement ductility from Eq. (2.9) with the ultimate rotation:

2
f
5, :@ 2L = (1, +1,~1)3, = (2u-1) 2L (212)
0,°E
= — 405 2.13

Nip et al. conducted tests on specimens with various cross-sections, slenderness
parameters and material types. In their experimental program the differences between the
behaviour of hot-rolled, cold-formed carbon steel and stainless steel sections are emphasized.
The authors established a predictive expression for the displacement ductility that takes into
consideration the co-existing influence of both the global and the local slenderness and the
material grade. Furthermore different sets of parameters are given for the different material

types.
Hot-rolled carbon steel (HR):

i, =3.69+6.971-0.05(b/te)-0.192 (b/te) (2.14)
Cold-formed carbon steel (CF-CS):
W, =6.45+2.28).-0.11(b/te)—0.061(b/te) (2.15)
Cold-formed stainless steel (CF-SS):
W, =-3.42+19.86) +0.21(b/te) - 0.64x (b/te) (2.16)
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where:

€= 235 (2.17)

f

y

The displacement ductility results, which can be obtained by the application of the
formulas presented above, differ significantly. For the sake of comparison the ductility
calculated with Eq. (2.6, 2.8, 2.13, 2.14, 2.15, 2.16) are depicted in Figure 2.5 and Figure
2.6. The results obtained by Eq. (2.5) show such a large discrepancy from the rest that it has
been neglected. On both figures either the local or the global slenderness is constant while
the other is variable in a practically feasible range. In Figure 2.5 the local slenderness, b/t, is
taken to be 20 while in Figure 2.6 the relative global slenderness is 1.80. In the diagrams the
condition of Tremblay is the one expressed by Eg. (2.8) and Tremblay rotation is obtained by
Eq. (2.13). The dotted curve of Goggins depicts Eq. (2.6). The solid lines designated as Nip
HR, CF-CS, CF-SS depict Eq. (2.14,2.15,2.16) respectively.

- - - Tremblay - - - Tremblay rotation @ Goggins
.. —=— NipHR —+— Nip CF-CS —— Nip CF-SS

15 1
14 1

12 13 14 15 16 17 1_l.8 19 20 21
relative global slenderness A
Figure 2.5; Comparison of ductility results with the variation of the global slenderness

- - - Tremblay - - - Tremblay rotation @ Goggins
—a— Nip HR —— N|p CF- CS - N'P CF SS

ductility u
_ A A aN NN
O N B OO NP OOWON B~

10 11 12 13 14 15 16 17 18 19 20 21 22 23 24 25 26 27 28 29 30
Local slenderness b/t
Figure 2.6; Comparison of ductility results with the variation of the local slenderness

The curves presented in the two diagrams define a wide interval of the ductility,
however the solid lines represent different material types or manufacturing process. The
criteria of Tremblay and Goggins are not dependent on either the local or the global
slenderness though both are seemingly decisive factors. The ductility obtained by Tremblay’s
rotation criterion tends to overestimate the rest and according to [34] also the experimental
results. The formulas given by Nip et al. take into consideration all the relevant factors
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affecting the ductility capacity of rectangular hollow sections. Moreover, these formulas
provide the best fit with numerous experiments, see [34][35]. Consequently, in the following
we consider only these for regular carbon steel members.

The upper boundary of the studied interval of the relative global slenderness in Figure
2.5 corresponds to the limitations defined in Eurocode 8, therefore it is not only feasible, but
necessary. The lower bound of the local slenderness depicted in Figure 2.6 is the range
where most catalogued rectangular hollow sections can be found and the upper bound, 30, is
closely the limit of the highly ductile cross-sectional class 1, as defined in Eurocode 3 [10].
With respect to these two intervals an anticipated range for the displacement ductility can be
defined. If we neglect in terms of practice unlikely and extreme cross sections, Eq. (2.14)
gives the interval of approximately 4 to 13 for the displacement ductility of hot rolled
sections, while Eq. (2.15) results 4 to 8 for cold formed sections.

The loading history of a brace subjected to seismic action differs significantly from
the imposed displacement loadings that the presented formulas were calibrated with.
Nevertheless, an estimation of the anticipated maximum interstorey drift range that
corresponds to the failure of the diagonals can be calculated as demonstrated hereafter,
considering the dimensions of the CBF structures that will be presented later on in chapter 3.
In these buildings the span B and the storey height H are 6 and 3 metres respectively and the
unloaded length of the diagonals L is 6.708 metres, see Figure 2.7. From the definition of the
ductility presented in Eq. (2.1), the elongation of the brace that corresponds to failure can be
expressed with the anticipated ductility capacity and the bar length:

f
AL=Log,py=LLopy (2.18)
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Figure 2.7; Deformed shape of braced bay
If we neglect the vertical shortening, from the elongation of the brace we can express
the interstorey drift, which is the difference of the lateral displacements, X, of adjacent
floors:
(L+ALY =(B+(X, = X,)) +H?
(2.19)

Xu— X, =y(L+AL) ~H? - B
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Substituting this and Eqg. (2.18) into Eq. (1.63) given for the interstorey drift ratio:

f 2

\/[u L-y~ij ~H?’-B

IDR = Xi+l_xi — E (220)
H H

By taking into consideration the practically realizable range of the ductility capacity

of hot-rolled sections, as defined before, we can determine the IDR range where the failure of

the braces can be expected. For the studied structural arrangement this range is between 1.1
and 3.6% if the considered steel grade is S235 and it would be 1.7 to 5.5% for S355.

2.1.2. Columns

As it has been discussed before, the brace deterioration gradually devolves the
horizontal loading on the columns. Supposing that the lateral drift is realized mainly on one
floor so that a weak storey develops, the columns of this floor become double-curved and
notable bending occurs in the members that, in the hypotheses of classical design, should
only be subjected to axial loading. The columns may be restrained at both ends or only at
one, but in both cases the peak of the moment diagram is located at the floor slabs.
Therefore, in the case of large lateral drifts, plastic hinges may occur at the ends of the
columns. Ultimately, the rotation of the plastic hinges may lead to the failure of the columns,
therefore the rotation capacity has to be examined. The rotation capacity of the columns,
without adequate restraints, is not limited by the ultimate deformation of the sections but by
the local buckling of the plates on the compression side [36], see Figure 2.8. The rotation
capacity can be defined as the rotation 6wax corresponding to the maximum value Mmax
(monotonic loading) of the bending moment or the ultimate rotation & given by the
intersection of the descending post-buckling curve with the theoretical full plastic moment
My. Accordingly, two distinct regions must be considered: the pre-buckling branch and the
post-buckling region. The determination of the moment-rotation curve can be achieved using
finite elements. However, it requires very dense meshes in the local buckling zone which
increases significantly the computing cost. The pre-buckling part is monotonically increasing
and can be determined for steel section by integrating the moment curvature curve. The post-
buckling branch has been determined using the plastic mechanism theory proposed by
Gioncu which was implemented in a software program called DUCTROT M (DUCTIlity of
ROTation for Members) [37][38].
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Figure 2.8; Local buckling and plastic behaviour of column section
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The domain of plastic rotation capacity of steel sections covers a vast literature.
Unfortunately, in the case of bent and simultaneously compressed members, the available
sources are less numerous. In the available articles, to the authors’ knowledge, the case,
where the ratio of the design axial force and the plastic resistance exceeds 0.5 is not covered.
As the columns of a CBF tend to be, with few exceptions, in this upper region, a reliable
estimation of the rotational capacity of the columns cannot be given. Nevertheless, in Table
2.1, a few examples calculated with DUCTROT are presented. As it can be seen, the rotation
capacity of every example is rather elevated, even if the axial loading is significant.
However, it has to be noted, that repeated cyclic plastic deformations may rapidly decrease
the rotation capacity [37].

Table 2.1; Annual number and strength of earthquakes globally

section name N/Npi O
HEA 160 0,335 49 mrad
HEA 180 0,564 54 mrad
HEB 200 0,507 58 mrad
HEB 240 0,679 50 mrad
HEM 240 0,647 59 mrad

HD 320x198 0,695 53 mrad

On the other hand, some building codes impose limitation to the relative global
slenderness, A, of the columns to allow plastic hinges to form while avoiding their
occurrence away from the ends at unrestrained interior points. Japanese regulations [39]
define the following equation for columns with restrained connections at both ends:

i+0.781 <1.0, or for l30.15 A<1.6 (2.21)

pl pl
and for columns with an ordinary hinge on one end:

N - N —
—+1.324<1.0, or for —<0.15 1<1.07 (2.22)
N, N,
where N is the axial load and Ny is the plastic axial resistance. In New Zealand [40] a
limitation for columns with limited ductility is defined in the form of:

0.7
N _
S <{1+p-7 (2.23)
1+ B+A

where B is the so-called moment ratio that shortly is 1.0 for columns with clamped ends and
0 for columns with one hinged end. In Figure 2.9 the two limitations are compared. The
dashed curves depict the New Zealand limit and the solid lines stand for the Japanese criteria
of Eq. (2.21) and Eq. (2.22). The diagram shows a rather good correlation of the two
regulations.
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Figure 2.9; Slenderness limits of columns to prevent the development of internal plastic hinges

Other building standards also impose additional requirements on columns and braced
frames in general. In the USA both ordinary and the so called special CBF-s (SCBF) [44] are
limited in building height [41]. Such limitations are also imposed in Canada [42] and New
Zealand [43]. In the design of SCBF-s flexure is expected in braced bay columns so splices
have to be located in the middle third of the storey height. The splice has to be able to carry
50% of the moment and 100% of the shear capacity of the smaller column. According to the
Canadian standard the columns have to be continuous on every second floor at least and they
are to be designed to resist 20% of their plastic moment resistance along with the maximum
axial effect. These selected examples demonstrate that several building codes pay special
attention to the design of columns (of braced bays).

2.1.3. Connections of braces

Besides the braces and the columns there are specific performance requirements
imposed to the connections of the braces also. The lateral buckling of the diagonals forces
end rotations on the bar ends and the out-of-plane bending of the gusset plates. The
deformation of the gusset causes stress peaks at the re-entrant welded corner of the gusset
plate and this leads to crack initiation and ultimately fracture. On the behaviour and design of
ductile gusset plates several articles can be found in the literature [45][46][47]. Most of these
present studies of experiments conducted on various gusset plate arrangements, but a fracture
condition related to geometry and material properties, like in the case of hollow braces, is not
available unfortunately. Instead, in [45] for example Yoo et al. introduce a detailed procedure
to the design of higher performance gusset plates. According to corresponding standards and
related articles the gusset plates are adequately designed, if a linear clearance of 2tp, where t
is the thickness of the plate, or an elliptical clearance of 8ty is provided for a rectangular or
tapered gusset plate, see Figure 2.10. The numerous cyclic tests revealed that without the
application of advanced gusset plate design methods but respecting the minimal requirements
for clearance, crack initiation in the welds of the connections can be expected at about 2% to
3% storey drift ratio.
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Figure 2.10; Linear and elliptical clearance of gusset plates

2.1.4. Summary on the failure of members

The objective of this section was to give a description of the different failure modes
and criteria of the lateral load resisting members of CBF-s. As it could have been expected,
the definition is not clear and also not easy because of the complex nature of the cyclic,
cumulating damage-caused failure. Nevertheless, by the use of experimental results and
simplified criteria an interstorey drift ratio range, where the failure of certain members is
anticipated, can be defined. As it has been presented the failure of rectangular hollow
sections may occur at very low lateral displacements, even at 1.1 % IDR. However, the
capacity of the same section type may exceed even 3% IDR. A similar threshold was found
for gusset plates as well. The failure of the gusset can be expected approximately between
2% and 3% IDR. For the columns an ultimate drift range has not been specified due to the
lack of sources, yet the estimated rotation capacities in the few examined cases in Table 2.1
were found to be elevated. It also has to be noted, that in a CBF under seismic effect,
primarily the braces are subjected to repeated plastic excursions. In the bent columns, that are
a lot more flexible in terms of lateral displacement, plastic deformations are realized at
significantly higher drifts than in the braces. The flexibility of the columns and the
anticipated significant rotation capacity of the stocky cross sections may provide a ductility
capacity that is superior to the one of the braces.

In our future analyses the chosen damage measure will be the interstorey drift ratio.
The failure will be anticipated in the interval from 2% up to 3% in order to take into
consideration the uncertainties of the collapse criteria, but supposing that a careful detailing
of the gusset plates and a judicious choice of columns and braces has been made. It is
important to note, that by this 2-3% we suppose the use of S235 steel grade. Higher strength
structural steels would provide larger ductility capacity.
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2.2. Behavioural issues involved in the seismic design of CBF-s

2.2.1. Generalized seismic response of CBF-s

The cyclic behaviour and fracture life of the bracing members introduced before have
certain implications on the global seismic response of a braced frame. Observations and
detailed description on these effects are given by Elghazouli [12] and Tremblay [48].

In the referenced articles both authors ascertain that CBFs typically exhibit large
variations in story drift and inelastic demand over their height when subjected to strong
ground motions [49]. This behaviour is mainly due to the degradation in brace resistance that
results from large inelastic excursions and/or successive compression load cycles beyond
buckling. The low post-yield tangent stiffness of the braces can lead to a concentration of
inelasticity in one level over the height of a multi-storey frame. This behaviour would take
place even when buckling was delayed or prevented. It could also occur even when brace
capacities were relatively well balanced with demands over the height, as required in recent
revisions of EC8. The severity of this phenomenon depends on several factors including
brace properties, bracing configuration, number of stories, type of ground motions, etc.
Moreover, the cumulating damage of the braces limits the attainable maximum interstorey
drift, according to Elghazouli, at about 2 — 3%, which is consistent with the assumptions
made previously.

One important characteristic influencing the response and contributing to the
localization of the demand on a weak storey is the overstrength neglected in design. There
are several sources of overstrength such as material overstrength or non-structural members.
Most notably, overstrength is often a direct consequence of the simplification of the design
approach, particularly in terms of the redistribution of internal forces in the structure. In
European practice the compression diagonals can be neglected as the design is based on the
tensile resistance of the braces, whereas in several codes, such as US guidelines [50], the
design base is the buckling capacity in compression. In the former approach the residual
force in the compression diagonal, while in the later the reserve of the tensile brace yields
overstrength. The magnitude of the overstrength depends on the slenderness of the braces,
see Figure 2.11/a, and therefore it is usually not equal on every floor. On floors closer to the
base of a building the slenderness and consequently the neglected overstrength in EC8 design
are usually larger than on storeys on the top. Elghazouli also draws attention that the
overstrength may notably influence the ductility demand. Taking a look at Figure 2/11/b one
may see that for a CBF, designed with behaviour factor g=4 according to EC8, the ductility
demand may be higher than the assumed ductility capacity (equal to g). The demand
increases with the slenderness, that yet again indicates that the upper floors are more prone to
exhibiting weak storey behaviour.

In the inelastic response of a building the plastic deformations are mainly caused by
seismic forces corresponding to the fundamental mode and the higher modes usually result in
elastic deformations only [51]. Therefore, in an alternative approach it can be assumed that
the spectral response of the higher modes shall not be decreased by a behaviour factor that is
used for the first mode. Instead, smaller behaviour factors should be considered which
amplifies the relevance of the higher modes in the inelastic response, thus increasing the
likelihood of localization.

The concentration of demand on a weak storey may also be resulted by the specific
signature of the earthquake [48]. According to Tremblay, a near field earthquake is by far the
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most critical as it imposes one (or very few) large impulse on the structure. Such an impulse
is likely to amplify the first plastic deformations that occur [52].
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Figure 2.11; Change of overstrength and ductility demand with brace slenderness [12]

Following Tremblay [48] another factor involved in the localization of deformation is
the P-A effect. When subjected to several cycles of inelastic deformations, a structure tends
to drift towards one direction, generally after a large inelastic excursion has taken place
towards that direction. This “crawling” or “ratcheting” response is due to the gravity loads
supported by the deformed structure. These gravity loads are producing additional lateral
loads pushing the structure further away from its initial position. With the lateral sway of the
building the storey height slightly diminishes and the huge gravity forces loose potential
energy. This loss is difficult to restore because it would require the lifting of the gravity
loads, so structures naturally tend to migrate towards the direction that is associated with the
shortening.

According to Tremblay, the above-mentioned parameters affect the response of a
multi-storey CBF in a way that the larger differences between the estimated and the actual
seismic demand are located in the upper (one third) or in the lower storeys. Furthermore, the
severity of the localization increases with the number of storeys. To mitigate the detrimental
effects of the localization both authors propose that the columns should be designed with
continuous splices. This can provide supplementary resistance to the gradually decreasing
brace resistance insofar as the columns have adequate reserve. Elghazouli presents an
example where the same CBF is designed with a) constant brace cross section and pinned
column splices, b) demand-proportional diagonals and pinned splices, ¢) constant brace cross
section and continuous column splices, d) demand-proportional diagonals and continuous
splices. The responses to the same excitation obtained with NTHA are depicted in Figure
2.12. The favourable effect of the columns and the proportional braces is clear, given that the
responses of the storeys show the smallest discrepancy in the d) case. The flexural resistance
of the columns is therefore indispensable even if in linear analysis such demand may not
seem necessary. The need of the columns additional resistance is accounted for in various
redesign attempts and also building codes that are to be introduced in the following.
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Figure 2.12; Distribution of interstorey drift over height [12]

2.2.2. Solutions to the performance issues by modified design procedures

Apart from the performance problems resulted by the above discussed factors a
practicing engineer may encounter difficulties when elaborating a design with the provisions
of Eurocode 8 for CBF-s, presented in 1.3.2. To resolve such problems and enhance the
seismic performance several authors developed additional requirements or modifications to
the Eurocode 8 design criteria.

Having observed the relevance of the resistance reserve provided by the columns
Elghazouli [53] proposed a formula that expresses the ratio of the sum of the horizontal
stiffness provided by the continuous columns and the axial stiffness of every brace. The
stiffness ratio is calculated as:

LY 1.

hcosa) A
where Lq and Aq are the length and cross-sectional area of the diagonal, he and Ic are the
height and the second moment of area of the columns and a is the angle of the brace and the

By (2.24)
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horizontal plane. Depending on the uniformity of the storey overstrength factors calculated
by Eq. (1.32), by setting a requirement to the stiffness ratio (value on the horizontal axis), the
normalized ductility demand on the involved storeys can be expected to be as given by the
corresponding value on the vertical axis of Figure 2.13.
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Figure 2.12; Demand distribution in braced frames [53]

In their articles Longo et al [54][55] and Brandonisio et al [56] have a different
approach to the seismic design of CBF-s. They highlight certain drawbacks of the Eurocode
8 design procedure and propose modifications. In the referenced articles it is pointed out that
defining the overstrength factor as the minimum of the storey overstrength, Eqg. (1.30), and
penalizing the seismic internal forces of non-dissipative members with it, Eq. (1.32), does not
comply with the principles of capacity design as it only ensures the structural integrity up to
first yield and not the complete development of a global collapse mechanism. Also, it is
emphasized that the non-dimensional slenderness of the braces and the storey overstrength
factors are closely interrelated. If the choice of cross section is governed by slenderness
limitations rather than by axial strength demand unfeasible or at least vastly oversized designs
may occur. On the upper floors of a CBF the axial resistance demand in the braces is rather
small in comparison with lower floors. If multiple braced bays are implemented in the building
for the sake of providing torsional stiffness the axial resistance need may be even less. The low
axial force requires small cross section that entails large slenderness. As the slenderness has an
upper limit, Eq. (1.26), larger cross sections must be applied which gives rise to the
overstrength on the upper floors. Because of the uniformity condition, Eq. (1.29), the resistance
has to be increased on all the other floors as well and consequently the global overstrength rises
to a value significantly greater than 1.0. The high overstrength penalizes the non-dissipative
members with a substantial steel weight premium. Such a design is cost-ineffective and
imposes a significant overdesign need on the connections and foundations also. In the
meantime in taller buildings or when the plan layout consists only a limited number of braced
bays the axial demand of the braces can be so large that the cross-sectional area requirement
and the minimum limit of the slenderness for X-braced configurations, Eq. (1.27), together
result an unfeasible solution in the utilized range of cross sections.

The authors in the referenced articles agree that capacity design principles necessitate
the use of internal forces corresponding to the complete development of the global collapse
mechanism. Alternatively, the use of the maximum storey overstrength as overstrength factor.

Q=max (2.25)
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In addition Brandonisio et al. propose to obliterate the minimum slenderness limit and
instead take into account that stocky braces in compression may substantially contribute to
the resistance and enlarge the overstrength. The overstrength coefficient, &, is calculated as
the ratio of the lateral resistance corresponding to the buckling of the compression member,
Nb,rd,i, and the equivalent seismic loading above the examined storey.

2N, 4 -COSQL
f=—2Rl —— (2.26)

2.
j=i

This coefficient can only be relevant if the slenderness is below the neglected limit of
1.3, but in that case it may indicate that the considered storey has larger resistance with the
compression brace and smaller axial forces than solely considering the plastic axial
resistance of the tensile diagonal. Therefore, it is recommended to define the overstrength
factor as follows:

Q =max(£2;&) (2.26)

The contradiction between adjusting the brace resistances to the demands to respect
the uniformity condition imposed on the storey overstrength and in the meantime having to
provide adequately large cross sections not to let the slenderness rise above 2.0 is resolved by
Longo et al in [55]. The authors introduce the concept of the reduced section solution, the
concept of which is fundamentally reducing the brace section at the ends in order to calibrate
the resistance to the demand but without considerably enlarging the slenderness, see Figure
2.13.
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Figure 2.13; Concept of the reduced section solution [55]
The length of the reduction, Lr, has a lower bound in order to safeguard the

undisturbed tensile plastic deformation of the reduced section. The minimum length
commonly adopted for coupon tensile tests is:
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L, in =5.65\A (2.27)

where Ay is the reduced section area. In the diagrams presented also in Figure 2.13 one can
see that by reducing the inertia by 25% on a length of 0.3 times the bar length, the axial
buckling resistance only decreases by 10% while the slenderness increases by 5%.
Consequently the section reduction is effective in adjusting the net cross-sectional area but
maintaining the stability features of the brace.

The presented redesign methods are mostly successful in resolving the problems
encountered in design such as unfeasible designs, contradictory requirements or
unnecessarily large weight premium. In order to assess the performance of the method of
Longo et al, the IDA response of a 4-storey CBF designed for PGA=0.35g is depicted in
Figure 2.14. In the diagrams the ductility demand over the ductility limit of the braces is
plotted against the PGA. The acceleration where failure is attained (by any of multiple
conditions not detailed here) is indicated by a vertical line. The first diagram corresponds to
an initial EC8 design, yet it has to be noted, that the design violates the uniformity condition
on the top floor due to the maximum slenderness limit. The second diagram shows a solution
where the columns are designed taking into account the largest and prominent storey
overstrength. For the third diagram the reduced section solution is implemented in design, so
that every storey overstrength is equal to 1.0. The utility of the methods is obvious as they
provide feasible designs that have a resistance superior to the demand considered in design.
These redesigns however are not appropriate to promote the global plastic mechanism, as
flagrant discrepancies exhibited by the third or fourth floor even below the design strength of
the seismic action clearly indicate the presence of the weak storey behaviour.
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Figure 2.14; Performance of enhanced design method [55]

2.2.3. Solutions to the performance issues by innovative structural members

Understanding that the brace buckling and deterioration, both in terms of resistance
and dissipation, are accountable for the development of the weak storey behaviour led to the
appearance of alternative solutions, involving bracing configurations that exhibit superior
response and/or bracing configurations that encourage the more uniform distribution of the
inelastic demand. These, otherwise state-of-the-art solutions are not subjects of the
dissertation therefore they are just basically introduced in the following paragraphs.

One innovative bracing member that has dynamically spread throughout the world in
building practice and also studied by many researchers [57][58][59] is the buckling
restrained brace or commonly BRB. Buckling restrained braces are special diagonals that
consist of a ductile steel core that actually participates in the resistance and concrete/steel
mantle in which the steel core is encased. As there is no bond between the core and the
mantle due to a very thin air gap in between and since the mantle is not firmly attached to
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both brace ends, the mantle does not resist any bit of the axial loading. Instead, it ensures that
in compression the steel core does not buckle, but undergoes plastic deformations just like in
tension. Conceptual sections of a BRB showing the main parts are presented in Figure 2.15.

F=3 . . .
K steel core~ yielding zone elastic zone

concrete

)
e steel core

¥ concrete steel hollow scction/ air gap-/
X subassamhlage-/
Figure 2.15; Sections of a buckling restrained brace [59]

The advantage of utilizing BRB bars instead of conventional steel section is that in
compression the axial force — displacement diagram is not pinched, as it is presented in
Figure 2.16, and by the broader hysteretic loops of a BRB substantially more energy is
dissipated. Moreover, BRB-s do not even deteriorate rapidly due to local buckling as
conventional braces do. This favourable behaviour allows for behaviour factors in buckling
restrained braced frames by far larger (q=7 [59]) than of usual CBF-s. The trade-off for the
high performance is the elevated cost and additional practical demands in detailing.

=7

BRB conventional steel brace
Figure 2.16; Axial force — displacement cycle of buckling restrained and conventional brace [59]

Buckling restrained braces may have a strongly enhanced performance, but they do
not necessarily solve the problem of weak storey development. To this end Tremblay [48]
proposes brace arrangements that are meant to safeguard that the lateral motion of the
building follows strictly a conventional first mode in which the drift and thus the
deformations are uniform, see Figure 2.17. The concept is providing a highly reinforced,
rigid vertical truss which is pinned in one point at the base. This truss therefore does not
resist lateral seismic forces directly as it can simply rotate about its support. The purpose of
this truss is to remain elastic and consequently closely straight throughout the seismic event
and to bring all the dissipative members on every floor equally into bear. The dissipative
members may be BRB-s or conventional, bi-directional braces as well. In his corresponding
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article Tremblay found these solutions very effective and well performing. It has to be
pointed out though that such arrangements necessitate special structural and even
architectural solutions.

INELASTIC INELASTIC TRUSS WITH
TRUSS ELASTIC
ELASTIC bt BUCKLING RESTRAINED
TRUSS / ; BRACES

Figure 2.17; Innovative concentric brace arrangements [48]

The idea of the elastic truss is implemented in self-centering braced frames also [60].
These braced frames are fixed to the base by post-tensioning cables that enable the uplift of
the column base beyond a predefined overturning moment. After the uplift the braced frame
rotates about the compression support and does not carry additional seismic loading, but
provide a vertical restoring force, see Figure 2.18. Due to the uplift the frame remains elastic
and is capable to compel uniform deformation on every storey. These braced frames are
operational in not seismic situations without the need of an attached secondary bracing,
unlike the solutions presented before. The disadvantage is that since these trusses are meant
to remain elastic, they do not dissipate significant energy. Only the vertical stressing cables
or the fuses may be dissipative members. These systems are therefore usually coupled with
another system capable of dissipation, but prone to localized collapse i.e. a typical situation
in the seismic retrofit of existing buildings. Latest research focuses on adding dissipative
fuses to these systems [61].
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Figure 2.18; Self-centering braced frame [60]
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Chapter 3

Investigation into the seismic performance of various

Eurocode 8 CBF designs

In this chapter firstly the design of various CBF-s is described. The structures are
introduced, the loads and combinations are given and the method of the verification
is referred to. The objective is to verify the adequacy of the buildings by advanced
analysis methods such as the IDA. To this end, the nonlinear model built for the
dynamic analyses is described. The performance of the buildings is examined via the
IDA curves and certain regularities are identified that help to further explain the
weak storey behaviour.



Chapter 3: Investigation on the performance of various Eurocode 8 CBF designs

3.1. Design of CBF-s for numerical experiments

In the previous chapters the weak storey phenomenon has been introduced. The digest
of some articles published on the seismic behaviour of CBF-s indicated that CBF-s are
particularly susceptible to exhibit this adverse behaviour. Some authors investigated the
discovered weaknesses of the corresponding parts of Eurocode 8 and proposed
supplementary criteria. It has also been briefly referred to that several other seismic building
codes have more stringent regulations than Eurocode. All this suggests that Eurocode 8 CBF
designs may not have a satisfactory seismic performance in all respects. In order to verify
this assumption various buildings have to be designed for later numerical experimental
purposes. In the following the design process of these CBF-s is presented.

3.1.1. General introduction of buildings

The numerous buildings primarily differ in the number of storeys, but there are also
two structural systems and irregular cases. There are 4, 6, 8 and 10 storey-high buildings
denoted by CBF4, CBF6, CBF8 and CBF10, respectively. The buildings are identical in plan.
They are built on an orthogonal raster grid that consists of the same four bays in both plan
directions. A 3 dimensional view of a 4-storey CBF is presented in Figure 3.1. The span of
the bays is 6 metres each, that gives a 24x24 metre overall plan layout. The storey height is 3
metres in every building and on every floor.

Figure 3.1; Perspective view of 4-storey CBF

In the buildings where the lateral resistance in both directions is provided by braces
on the four outermost grids, see Figure 3.2/a, only the columns that are connected to the
diagonals i.e. the ones that are participating in the lateral resistance are continuous
throughout the whole height of the building, but pinned at the base. All the other column
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splices are hinged and located at the slab levels. The continuous, H-section columns are
positioned in a way that their strong principal axis, i.e. Iy second moment of area, participates
in the lateral resistance. These structural types are denoted in the results later on by the
number 1 following the storey number e.g. CBF41 (4-storey CBF with bracing in both
directions). In the buildings where the lateral resistance is provided by moment resisting
frames (hereinafter MRF) in one direction and by bracing in the other, see Figure 3.2/b, all
the columns are continuous and positioned in a way that their strong principal axis works in
the plane of the MRF and the weak in the direction of the bracing. In these buildings every
column is considered in the lateral resistance as they are interconnected by the slabs. These
buildings are denoted by the number 2 after the storey number e.g. CBF42.

Both the gravity and the lateral loadings are distributed on the steel frame members
by a concrete slab. However the steel | section beams are placed under the slab as ribs, in the
design it has been assumed that there is no composite behaviour. The slabs merely distribute
the loads and provide horizontal diaphragms and the steel frame carries the loads
independently.
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Figure 3.2; Plan view and structural model of CBF-s

The first irregularity in design is based upon the idea that an appropriate seismic
behaviour shall permit the use of a behaviour factor higher than the currently permitted in
Eurocode 8, similarly to the regulations corresponding to SCBF-s [44]. To examine the
viability of this idea, CBF41 and 61 are designed according to Eurocode 8 rules, but
considering g=5. These alternatives are indicated by the acronym Q5 in the designation of the
building. It has to be noted, that the fundamental periods of the taller buildings are so high,
that the difference between the designs with behaviour factor 4 or 5 is negligible. Another
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special case that has been considered is the change of the mass on some floors. In CBF81 on
the upper 4 floors a 20%, and in CBF61 on the upper 3 floors a 50% weight premium is
assumed. For the sake of comparability in the second case the behaviour factor is not
decreased, though the building does not satisfy the requirement of the regularity in elevation
[4]. In the designation of these buildings the letter M is indicated. The following table
summarizes all the different CBF-s and emphasizes their particularities and also gives the
period of the first mode of vibration. In the designation the acronym EC8 refers to the
method of the seismic design i.e. Eurocode 8.

Table 3.1; List and specifications of CBF-s

Building Features Period (T sec)
CBF41-EC8 4-storey CBF in both directions 1.13
CBF42-ECS8 4-storey MRF — CBF 1.19
CBF61-EC8 6-storey CBF in both directions 1.65
CBF62-EC8 6-storey MRF — CBF 1.61
CBF81-EC8 8-storey CBF in both directions 2.10
CBF82-EC8 8-storey MRF — CBF 2.04
CBF101-EC8 10-storey CBF in both directions 2.54
CBF102-ECS8 10-storey MRF — CBF 241
CBF41Q5-EC8 4-storey CBF, design with behaviour factor g=5 1.21
CBF61Q5-EC8 6-storey CBF, design with behaviour factor g=5 1.68
CBF61M-ECS8 6-storey CBF, 50% mass irregularity, upper half 1.78
CBF81M-ECS8 8-storey CBF, 20% mass irregularity, upper half 2.17

3.1.2. Loads and effects in design

The dead loads consisting of the structural self weight and regular layers on the floor
slabs are considered as an evenly distributed load on the floor slabs. The load itself and the
safety factor are:

g =6.77% v, =1.35 (3.1)

The live load is considered to be a B category (office occupation) evenly distributed
load according to Eurocode 1 [62]. The load itself and the related partial factors are:

kN

q = 3? 'Yq =15 WO,q =0.7 W2,q =0.3 (32)
Snow load has been considered to be negligible in the present study as it has no
significant effect on the lateral load bearing structure and it has no contribution to the mass
that has to be taken into consideration in seismic analysis. From Table 4.2 of Eurocode 8 the

value $=1.0 has been considered for the benefit of safety.

In order to obtain a realistic design regarding every structural member wind effect has
been considered. The definition of the loading complies with EN 1991-1-4 [63].
The fundamental value of the wind velocity is:
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vy, = 23.6 0 (3.3)
s
The season factor, directional factor and the air density are:

=10 ¢, =10 p =1.25% (3.4)

Cseason

The basic wind velocity and velocity pressure are:

Vo = Vo “ Cair °C

season

~2360
S (3.5)

1 KN
qb ZE-p-Vﬁ 20348F

The terrain category is assumed to be Ill. The turbulence, orography and terrain
factors are:

k=10 C,=10

0.07
k = 0.19[Z—°j ~0.215 (3.6)
ZO.II

with: z,=0.3m z,,, =0.05m

The pressure coefficients on the wind and leeward sides of the buildings:
Cprp=08 C.c=-05 (3.7)

where the D surface is the windward and the E is the leeward. The height of the buildings
differ therefore the roughness and exposure factors are different for each. Also for the taller
buildings (CBF8 and CBF10) two reference heights are considered. The mentioned two
factors are calculated with the formulas below:

C. =k -In [Z—J
ZO

C,=C2.C2. 14 LKk
C,-C,

The characteristic wind load of the buildings is calculated as follows and the results
are listed below:

pe,D

(3.8)

w=gq,-C, -Cpe (3.9
Table 3.2; Distributed windload on wind and leeward sides [kN/m?]
surface CBF4 CBF6 CBF8 CBF10
le= Ze:h Ze:b Ze:h Ze:b Ze:h

D 0509 0.644 0.644 0.729 0-644 0.792
E -0.318 -0.403 -0.403 -0.456 -0.403 -0.495

The safety and combination factors of the wind load are:
Yu=15 vy,,=06 v,, =00 (3.10)
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The earthquake acceleration response spectrum has been considered to be the type 1 in
EC8 assuming B type soil conditions, see Figure 3.3. The design ground acceleration is taken
to be 0.259=2.453 m/s?, where g is the acceleration of gravity. The behaviour factor, g, is 4 in
agreement with the structure-specific regulations of the standard.
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Figure 3.3; Elastic and design spectra used in the design of the CBF-s

For the above introduced loading the structural members have been verified not only
in seismic, but also in ultimate and serviceability design states. The corresponding load
combinations are:

Pus1 =Yg 9+Yq d+Yy Vou W
Pus2 =Yg 9+Vq Woq A+7Y, W

(3.11)

in ultimate limit state,
Psis1 =9 +a+ Yo, W
Psis2 =9+ Woq q+W

in serviceability limit state with characteristic combinations and
Peg =09+ Egy +W2q-0 (3.13)

in seismic limit states, where Egq denotes the seismic effect.

(3.12)

3.1.3. Analysis and dimensioning

The analysis and design has been carried out using a 3 dimensional model of the
buildings in which the braces of one bay on each side were neglected. In the seismic analysis
the modal response spectrum analysis method has been implemented considering a sufficient
number of modes to exceed 90% mass participation in the lateral directions. For the
combination of the modal responses the complete quadratic combination method has been
used. Both horizontal components of the earthquake have been considered, therefore for
buildings belonging to the structural model type 2 i.e. MRF-s in one direction, bracing in the
other, the specific sections of Eurocode 8 for MRF-s have been applied also. The q factor has
been 4 for both structural systems so that building types 1 and 2 can be compared. To
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account for accidental torsional effects the accidental eccentricity has been considered
according to Eq. (1.47). All the members were designed to respect the corresponding parts of
both Eurocode 3 [10] and 8 [4].

In the dimensioning of the diagonals it has been assumed that the braces do not carry
the gravity loads and also that there are no drilled holes that decrease the gross cross
sections. In the design of the braces the following requirements have been verified:

— The slenderness is less than 2.0; also a lower boundary of 1.3 was applied to avoid
twitching of the slender bars (though the buildings are not X-braced), EQs.
(1.26)(1.27)

— The plastic ultimate axial resistance of the tensile brace is higher than the effect, Eq.
(1.25)

— The uniformity condition is respected, i.e. the maximum overstrength does not exceed
the minimum by more than 25%, Eq. (1.29)

The columns and beams have been verified according to the provisions of EN
1993.1.1 clause 6.3.3. The evaluated formulas are:

NEd " My,Ed +AM y,Ed +kyz MZ,Ed +AMZ,Ed Sl (314)
XyNRk My,Rk Mz,Rk
- Xer —

Tm1 Tm1 Ym1

NEd +kzy My,Ed +AM y,Ed +kzz Mz,Ed +AMZ,Ed Sl (315)
XZNRk My,Rk Mz,Rk

Xer —
Ym1 Ym1 Ywm1

where:
Neg s M, g, M, g design values of internal forces
AM, ¢, AM, ¢, excess moments for class 4 sections (=0)
Ng: My g M, o plastic resistances

oy buckling reduction factors
Ky 1Ky, Ky Ky, interaction factors
Y =1.0

In seismic design states the internal effects have been amplified in accordance with Eqg.
(1.32), that is:

NEd,E = NEd,g +11-y,, - Q- NEd,E (3.16)
The interaction factors were calculated as follows (Annex B of EN 1993-1-1):
= N
k,=C, |1+(Ay—0.2 —EdJ (3.17)
Y y( ( )XyNRk/Ym
Y NEd
K, =Cpy | 1+(2%: —0.6) ——=— (3.18)
% Nee /Y
k, =06k, k,=0.6k, (3.19)
Cp:Cpr =0.6+0.4y>04 (3.20)

The buckling reduction factors were calculated as follows:
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1 1
Xy = — A= — (3:21)
b0 =Ty b+ 0l—h
L+a, (ky -02)+2, L+a, (A ~02)+ 1,
o, = o, = (3.22)

2 2
where a imperfection factor is 0.34 for bending about the y and 0.49 for bending about the z

principal axis. The lateral torsional buckling reduction factor Xt is assumed to be 1.0. In the
verification of the beams it has been assumed that concrete slab prevents the lateral torsional
buckling and also the buckling about the weak axis, but there is no composite action.
Therefore, the beams were verified with a simplified form of Eq. (3.14):

M +AM
Ney +k,, —= YE <1.0 (3.23)

XyNRk My,Rk

- Xor —

Twm1 Tm1

where:

Ky =Chry | 1+(2y-02) Neg and C,, =0.95 (3.24)

XyNRk/Yl\Al

In serviceability limit state limits 1/200 for vertical and H/500 for horizontal
deflection has been considered. In Annex B detailed results are provided on the dimensioning
of each member. In the following tables the cross sections of the internal and external
(facade) columns, beams of the braced bays, braces, and also the slenderness of the braces
and the storey overstrength factors are depicted as the later two are relevant in terms of the
seismic design. Below the tables the ratio of the maximum and the minimum storey
overstrength is indicated. As it can be seen the storey overstrengths are rather uniform in
every building. In certain cases on some floors the overstrength is slightly below 1.0 or the
slenderness is a little beyond the allowed limit. Nevertheless, despite these small deficiencies
the designs are considered adequate.

Table 3.3a; CBF41-EC8

storey int.col. ext.col. beam brace A Q
4 HEA 160 HEA 140 IPE 300 100x4 1.83 1.05
3 HEB 180 HEA 200 IPE 300 100x6.3 1.87 0.99
2 HEB 220 HEB 200 IPE 360 100x8 191 0.97
1 HEB 260 HEB 240 IPE 360 100x10 1.95 0.99

Qmax/Qminzl.OS
Table 3.3b; CBF42-EC8

storey int.col. ext.col. beam brace A Q
4 HEA 180 HEA 200 IPE 300 100x4 1.83 1.09
3 HEB 180 HEB 200 IPE 300 100x6 1.87 0.97
2 HEB 220 HEB 220 IPE 360 100x8 1.91 1.00
1 HEB 260 HEB 280 IPE 360 100x10 1.95 1.04

Qmax/gminz 1 12
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Table 3.4a; CBF61-EC8

storey int.col. ext.col. beam brace A Q
6 HEA 160 HEA 160 IPE 300 90x%5 2.08 1.00
5 HEB 180 HEA 180 IPE 300 1006 1.89 0.98
4 HEB 220 HEB 200 IPE 300 100x8 1.95 1.04
3 HEB 240 HEB 220 IPE 300 100x10 1.95 1.04
2 HEB 280 HEB 240 IPE 360 100x10 1.95 1.01
1 HEB 300 HEB 280 IPE 360 120%10 1.63 1.00

Qmax/gmin:1.06
Table 3.4b; CBF62-EC8

storey int.col. ext.col. beam brace A Q
6 HEA 180 HEA 180 IPE 300 90x5 2.08 1.00
5 HEB 180 HEB 180 IPE 300 100x6 1.89 0.98
4 HEB 240 HEB 200 IPE 300 100x8 1.95 1.01
3 HEB 260 HEB 240 IPE300  100x10 1.95 1.04
2 HEB 280 HEB 260 IPE360  100x10 1.95 0.99
1 HEB 320 HEB 320 IPE360  120x10 1.63 1.00

Qmax/gminzl.OG
Table 3.5a; CBF81-EC8

storey int.col. ext.col. beam brace A Q
8 HEA 160 HEA 160 IPE 300 90x5 2.06 0.99
7 HEB 180 HEA 180 IPE 300 100x6.3 1.87 1.05
6 HEB 220 HEB 200 IPE 300 100x8 1.95 1.01
5 HEB 240 HEB 220 IPE 300 100x10 2.01 1.10
4 HEB 280 HEB 240 IPE 360 120x10 1.63 1.01
3 HEB 300 HEB 280 IPE 360 12010 1.63 0.98
2 HEM 240 HEB 320 IPE 360 140x10 1.38 0.98
1 HEM 240 HEM 240 IPE 360 140x10 1.38 1.00

Qmax/gmin:].. 12
Table 3.5b; CBF82-EC8

storey int.col. ext.col. beam brace A Q
8 HEA 180 HEA 200 IPE 300 90x5 2.06 1.02
7 HEB 180 HEB 180 IPE 300 100x6.3 1.87 0.99
6 HEB 220 HEB 200 IPE 300 100x8 1.95 0.99
5 HEB 260 HEB 240 IPE 300 10010 2.01 1.03
4 HEB 280 HEB 260 IPE 360 120x10 1.63 1.13
3 HEB 300 HEB 300 IPE 360 120x10 1.63 1.03
2 HD320x158 HD320x158 IPE360  140x10 1.38 1.08
1 HD360x179 HD320x158  IPE 360 140x10 1.38 1.01

Qmax/gmin:].. 14
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Table 3.6a; CBF101-EC8

storey int.col. ext.col. beam brace A Q
10 HEA 160 HEA 160 IPE 300 100x5 1.86 0.98
9 HEB 180 HEA 180 IPE 300 100x8 1.95 1.00
8 HEB 220 HEB 200 IPE 300 100x10 2.01 1.00
7 HEB 240 HEB 220 IPE 300 120x10 1.60 1.11
6 HEB 280 HEB 260 IPE 360 120x10 1.60 1.02
5 HEB 300 HEB 280 IPE 360 140x10 1.36 1.07
4 HEM 240 HEB 320 IPE 360 140x10 1.36 1.01
3 HEM 240 HEM 240 IPE360 140x12.5 1.39 1.09
2 HEM 260 HEM 260 IPE360 140x12.5 1.39 1.03
1 HEM 280  HD320x198 IPE360 140x12.5 1.39 0.98

Qmax/gminzl. 11
Table 3.6b; CBF102-EC8

storey int.col. ext.col. beam brace A Q
10 HEA 180 HEB 180 IPE 300 100x5 1.86 1.02
9 HEB 180 HEB 180 IPE 300 100x8 1.95 1.02
8 HEB 220 HEB 220 IPE 300 100x10 2.01 1.02
7 HEB 260 HEB 240 IPE 300 120x10 1.63 1.10
6 HEB 280 HEB 280 IPE 360 120x10 1.63 1.01
5 HEB 300 HEB 320 IPE 360 140x10 1.38 1.07
4 HD320x158 HD320x158  IPE 360 140x10 1.38 1.00
3 HD320x158 HD360x179  IPE 360 150x10 1.27 0.99
2 HD360x179 HD360x196  IPE 360 140%x12.5 1.39 1.06
1 HD360x196 HD400x237 IPE 360 140%x12.5 1.39 1.00

Qmax/gminzl. 11
Table 3.7a; CBF41Q5-EC8

storey int.col. ext.col. beam brace A Q
4 HEA 160 HEA 140 IPE 300 90x4 2.05 1.06
3 HEB 180 HEA 180 IPE 300 90%6 2.09 1.05
2 HEB 220 HEB 180 IPE 300 90x8 2.14 1.04
1 HEB 260 HEB 220 IPE 360 100x8 191 0.99

Qmax/Qmin:1.07
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Table 3.7b; CBF61Q5-EC8

storey int.col. ext.col. beam brace A Q
6 HEA 160 HEA 140 IPE 300 100x4 1.83 1.05
5 HEB 180 HEA 180 IPE 300 1006 1.88 1.04
4 HEB 220 HEB 180 IPE300 110x6.3 1.71 1.00
3 HEB 240 HEB 220 IPE 300 100x8 1.91 1.01
2 HEB 280 HEB 240 IPE 360 100x10 1.95 1.06
1 HEB 300 HEB 280 IPE 360 110x10 1.76 1.05

Qmax/gmin:1.06
Table 3.8a; CBF61M-EC8

storey int.col. ext.col. beam brace A Q
6 HEA180  HEA160  IPE300  100x6 1.87 1.00
5 HEB 220 HEA200  IPE300  100x8 1.91 0.98
4 HEB 260 HEB220  IPE360 100x10  1.95 0.99
3 HEB 280 HEB240  IPE360  120x10  1.63 1.00
2 HEB 320 HEB280  IPE360  120x10  1.60 0.98
1 HEM 240  HEB300 IPE360  140x10  1.36 1.01

Qmax/gminzl.oz
Table 3.8b; CBF81M-EC8

storey int.col. ext.col. beam brace A Q
8 HEA 180 HEA 160 IPE 300 100x5 1.85 1.00
7 HEB 200 HEA 200 IPE 300 100x8 1.91 1.08
6 HEB 240 HEB 200 IPE 360 100x10 2.01 1.03
5 HEB 260 HEB 240 IPE 360 140x7.1 1.32 1.02
4 HEB 300 HEB 280 IPE 360 120x10 1.63 1.02
3 HEB 320 HEB 320 IPE 360 140x10 1.38 1.09
2 HEM 240 HEM 240 IPE 360 140x10 1.38 1.00
1 HEM 260 HEM 260 IPE 360 150x10 1.27 1.00

Qmax/gmin:]..og

3.1.4. Verification of ductility by pushover analysis

In order to verify whether or not the designed CBF-s have adequate ductility that
matches the considered behaviour factor pushover analysis has been conducted for most
buildings presented above. As all the results demonstrated the same behaviour regardless of
storey number, load pattern or structural model (2-way CBF or MRF-CBF) herein only a
brief description is given.

In every case plastic deformations in the mid sections of the compression braces are
realized on most if not all the floors. Tensile plastic deformation however occurs only on
one, or in case of the larger buildings, two storeys. The storey of yield is always located at
the bottom third of the building, mostly first or second floor. One representative example is
depicted in Figure 3.4. The pushover analysis has been carried out for both a constant and an
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inverted triangular load pattern, according to Eurocode 8 provisions, and these capacity
curves are depicted by red and green. The increasing branch of the capacity curves is slightly
curved as the resistance of the buckled braces decreases as the out-of-plane deformation
grows. The appearance of tensile yield on any floor practically means the end of the
increasing branch. As the first yield occurs at relatively small lateral displacements the target
displacement is never reached with the increasing branch by far. Such adversities
incorporated in the use of the pushover analysis itself have been identified before [19].

Attempts were made to enhance the behaviour of the structures but these led to
excessive reinforcement of the diagonals and adequate capacity curves were not acquired.
The standardized pushover analysis did not provide feasible designs in any case. This can be
mainly due to the fact that in structures of low level of statical indeterminacy the appearance
of plastic members changes the modal behaviour significantly. Consequently the lateral load
pattern of the pushover analysis should be updated which is not negligible as the result of the
pushover analysis is inherently very sensitive to the shape of the load pattern. One alternative
solution to the successful application of pushover analysis on CBF structures may be the
Adaptive Modal Combination Procedure of Kalkan and Kunnath [64] [65].
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Figure 3.4; Representative results of pushover analysis of CBF-s
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3.2. Description of model for nonlinear dynamic analysis

In order to determine the seismic performance of the various CBF buildings an
incremental dynamic analysis program has been carried out. The nonlinear time history
analysis computations have been executed with the use of FinelG finite element analysis
software [66]. In the following paragraphs the features of the numerical models and the
numerical experimental protocol for the evaluation of the designs will be introduced.

3.2.1. Geometry and discretization

For the nonlinear computations 2D models have been built, equivalent to the original
3D designs. Within the framework of this research all considered CBF-s are symmetrical to
at least one vertical plane, which is parallel to the outermost braced frames. This plane of
symmetry permits to consider only one half of the building, consisting of one external braced
frame and two internal unbraced frames. The columns of the unbraced frames are projected
on the plane of the main facade frame in order to reduce the problem to two-dimensional, see
Figure 3.5. The diaphragm effect of the floor slabs is modelled by horizontal constraints
between the nodes of the main frame and the projected leaning columns at the height of the
slabs. As the second row of the interior columns is cut by the plane of symmetry, half of their
mechanical properties belong to the neglected part of the building and only the other half
shall be considered. For this reason the modulus of elasticity and the ultimate stress of the
steel material for these columns is divided by two. The connections of the members to the
nodes are either pinned or perfectly rigid. In case of the columns the connection type is
determined by the building type that has been described in detail previously.

n n n n M
r : projected : :4m—:|

i columns i i i Gum |

A' A' |
‘\E “ ol “|
\ i - |
W W OM m

]

=
=
=
=
]
column m

column5

M1 g5 | Storey 1 o./

column 1

J
ey,

it it

Figure 3.5; 3D — 2D projection of CBF structure

The co-rotational formulation applied in the computation software effectively handles
large displacements, but in order to account for the expected large deformations also the
members have to be divided into multiple finite elements. The braces are divided into ten

K
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elements to have reliable convergence. For columns that are pinned at both ends and beams
not participating in the horizontal resistance such refinement of the discretization is not
needed.

3.2.2. Finite elements

Every member of the model is built up using the type 35, 2 dimensional beam element
of FinelG. The beam elements have 3 nodes and 7 degrees of freedom. The total number of
DOF corresponds to two rotational at end nodes and 5 translational, see Figure 3.6. A
relative translational DOF in the middle is necessary to represent the strong variations of the
centroid position when the behaviour of the section is not symmetric. As usual for fibre
element, the section forces at the element nodes are computed using both a longitudinal and
transversal integration scheme. The integration along the beam length is performed using 3
integration points. For each longitudinal integration point, a transversal integration scheme is
performed. On the webs of the thin-walled sections 5 integration points are located and the
flanges are divided by 7 points along the plate length and 3 along the thickness. In the fillets
additional integration points are considered.
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Figure 3.6; DOF and integrations points of finite element

The displacement constraints are modelled by nonlinear constraint elements using
lagrangian multipliers. This fictitious element is used to define additional optionally
nonlinear conditions to the system of equations. In the considered case the element expresses
that the displacements of the nodes that the element is assigned to are equal.

3.2.3. Cyclic material model

For the appropriate description of the real behaviour of a brace, a constitutive model
that accurately represents the cyclic dissipation shall be used. For steel members in a one-
dimensional stress - strain state the use of the Giuffré — Menegotto — Pinto law [67] is in
common practice. This model provides a smooth, curved transition between the elastic and
plastic branches. Furthermore kinematic hardening and the Bauschinger effect are taken into
consideration. The relationship between the stress and the deformation is written as follows:

- - (1-b)e
G=b8+ﬁ (325)
(1+8 )
g= G (3.26)
€, &,
o=2"65r (3.27)
Gy, — O,
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eo and oo define the point which is the intersection of the tangent of the initial elastic
branch and the tangent of the asymptotic branch describing the yield, see Figure 3.7. & and
or define the point of the last load reversal. The inclination of the hardening branch is defined
by the ratio of the initial (Eo) and the hardening (En) modulus of elasticity:

b= E (3.28)
EO

The curved transition between the two branches is defined by R in Eqg. (3.25). In case
of cyclic response, after each reversal the curvature reduces with the previous plastic
excursion &, according to the following expressions:

R =R, (3.29)
A, +E,
& n "8~ Zen _EGf,nl
&, = ° (3.30)
8O,n _gr,n

where Ro is the value of the curvature in the first loading, A1 and A2 are material dependent
parameters. The applied set of material parameters is [67]:

E, = 210GPa
E, = 2.1GPa

f, = 235MPa

v=03 (3.31)
R, =20

A =185

A =0.15

where fy and v denote the yield stress and the Poisson’s ratio respectively.
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Figure 3.7; Giuffré — Menegotto — Pinto constitutive law
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3.2.4. Validation of the finite element formulation, and hysteretic dissipative model

In order to validate the accuracy of the nonlinear finite element models the results of
an experimental test, carried out by Black et al [22], has been adopted and modelled with
FinelG. A bar with a 4 in X 4 in x 0.25 in square hollow section and 10 feet length is loaded
with an alternating and monotonically growing-amplitude imposed displacement sequence.
During the loading inter alia the axial displacements and the axial forces were measured. In
Figure 3.8 the measured and the computed behaviour of the brace is presented. As it can be
seen, the curves are mostly overlapping one another. The figure shows that the performance
of the hysteretic model is good as the stiffness, the ultimate strength and the degradation
phenomenon are simulated successfully. Some differences can be seen in the compression
behaviour as the buckling of plates at the mid section that decreases the compressive

resistance, is not represented by the beam element model applied in the analysis.
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Figure 3.8; Experimental and numerical brace response [22]

3.2.5. Loading, masses and seismic excitation

In the NTHA computations apart from the seismic excitation the simultaneous gravity
loading and the corresponding masses are considered. The gravity forces and the masses are
reduced into the nodes of the adjacent columns. Given that the simultaneous gravity loading
is 7.67 kN/m? the vertical force and mass that one internal column is loaded by at every slab
intersection is:

Lz — 28.147tons (3.32)
0.8

G=767KN/  .6m-6m=276.12kN M =
%nz 1m/s

The external and the corner columns are of course loaded with the half or one quarter
of the values above.

To accurately account for the buckling of the braces in compression the perfect
straight geometry of the diagonals are altered. An initial sinusoidal imperfection with an
amplitude of L/250 (in accordance with EN1993-1-1 5.3.2.) is considered. In addition, the
self weight of the braces is also applied as distributed load.

For the seismic loading seven artificial acceleration records have been selected. The
figures of the accelerograms can be found in Annex A. The length of each excitation is 20
seconds and the spectra of the ground motions have been fitted to the design spectrum, see
Figure 3.9. The used accelerograms are benchmarks in the RFCS OPUS research program
[68]. This selection of artificial records complies with the corresponding parts of Eurocode 8
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(EN1998-1 4.3.3.4.3) and so it is permitted to consider the mean of the obtained seven results
later in the evaluation. For IDA purposes the acceleration records are applied with various
intensities. The acceleration records are scaled by multiplying the peak ground acceleration
by a scale factor ranging from 0.1 up to 2.0.
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Figure 3.9; Design and artificial spectra

3.2.6. Direct integration and damping

In the numerical model mass and stiffness proportional damping has been applied.
The damping matrix is given by:
C=nM+0oK (3.33)

This type of damping is normally referred to as Rayleigh damping. In mode
superposition analysis, the damping matrix must have the following properties in order for
the modal equations to be uncoupled:

2w,&, =V/Cv, =V Mv, +8V Kv,
; (3.34)
O0=v,Cv, n#m
where on and & are the natural frequency and the damping ratio of the mode n and v denotes
the modal vector. Because of the orthogonality properties of the mass and stiffness matrices
this can be rewritten as:

20,8, =n+8w. or &, :ZLTH%S (3.35)

Apparently, the modal damping can be specified for two modes exactly. In the
numerical analysis the first and second modes were selected.

1

HEFIN
2 — o,

o,

n
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As the primary lateral resisting members in a CBF are mostly connected by welding
to gusset plates the two damping ratios were set to be equally 4%. Solving for the two
parameters of damping we get:

£ =E&,=¢

o= 2
o, + 0,

(3.36)

n=0,0,0

The dynamic equilibrium equation is solved for the seismic response of the structures
using the Newmark direct integration method. This step-by-step method determines the
displacements, velocities and accelerations at time t from the solution found at time t-4¢. For
good convergence the time step has been 0.01 second in the analysis. The method has two
parameters, o and B, that are used in the theory of the method to truncate the Taylor’s series
of the displacement and velocity:

(. At®
U =U_y +Atut At TUI—AI tomU_ +Atut At Tut —At +OLAt ut At (3-363-)
. At . y -
u, =0, +Atl, 7ut_At+...zut_At +AtU,_,, +BALU,_, (3.36b)

If the acceleration is assumed to be linear within the time step, the following equation
can be written:

(Ut B Utht )
At

Substituting this into Eq. (3.36a) and (3.36b) produces Newmark’s equations in
standard form:

U= (3.37)

1
u =u,_, +Ata,_, + (E —~ ocj AU, +aAt?, (3.38a)

U, =0,_, +(1-B)Atl,_,, +PAt, (3.38b)

The equations above can be solved by iteration for each time step or by Wilson’s direct
solution [69]. For the sake of stability[69], the two parameters of the method were chosen to be
a=0.25 and p=0.5.
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3.3. Evaluation of the designs, generalization of the response

3.3.1. Seismic response of CBF designs

The main objective of the numerical testing program is to see whether the designs are
prone to weak storey behaviour or not and if so, can early member failure be anticipated. In
order to observe these phenomena, IDA diagrams depicting the evolution of the maximum
interstorey drift ratio of each floor with respect to the scale factor of the peak ground
acceleration have been derived from the computation data. From the lateral displacement
data series of the floor slabs the instantaneous interstorey drift ratios have been calculated
and for each acceleration record and storey the maxima have been adopted. To assign one
diagram to one building the mean of the seven result sets has been considered. In every
diagram the floors are represented separately so that prominent differences between the
storey responses can easily be visualized. In Figures 3.10 — 3.15 the IDA curves of each
building are presented. In the diagrams the anticipated range of the member failure (2-3%)
and the design PGA (Scale factor = 1.0) are indicated.

Looking at the diagrams it can be observed, that the families of the curves are rather
broad. The upper floors deviate from the rest at a small scale factor, approximately 0.25,
where the occurrence of first yield is anticipated, as the behaviour factor is 4. After 0.25 on
the scale factor axis, in the nonlinear response range, the largest and the smallest maximum
IDR results show great differences.
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Figure 3.10; IDA diagrams of 4-storey CBF-s (averages of 7 records)
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Figure 3.11; IDA diagrams of 6-storey CBF-s (averages of 7 records)
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Figure 3.13; IDA diagrams of 10-storey CBF-s (averages of 7 records)

The differences are large even at a scale factor below the design level and especially
in the higher buildings the discrepancy escalates. It can be observed that the maximum
interstorey drift is tendentiously multiple times larger than the minimum. The buildings
therefore do not exhibit a well distributed dissipation; there are storeys that undergo lot larger
plastic excursions than others. It is also important to note that the rise of the outlier drifts on
the upper floors decreases and at higher scale factors other floors may even catch up. In other
words, high ductility demands are realized but asymptotic curve is not as the drifts are not
growing exponentially beyond measure. Steep increase of the curves that corresponds to the
development of a collapse mechanism is rather observed on the first and second floors in
some cases at high scale factors. This structural response corresponds more to the
development of a localized plastic collapse mechanism. In most diagrams the 2% drift ratio is
exceeded at a scale factor smaller than one, that otherwise corresponds to the design action.
So, the CBF-s also tend to exhibit early failure either because of the damage of the secondary
members (damage limitation state) or because of the failure of the primary members of the
lateral resistance in the 2-3% estimated range. Comparing the response of the different
structural solutions (CBF or MRF-CBF) we can see that the elevated flexural resistance of all
the continuous columns in building type 2 may lightly moderate the discrepancy in the
interstorey drifts, but it is clear that significant changes are not achieved.

Regarding the buildings designed initially with behaviour factor g=5, in Figure 3.14,
it can be seen that the designs are not necessarily, in every aspect worse than the originals
with g=4, see Figure 3.10/a and 3.11/a. The increase of the drifts is slightly steeper and
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asymptotic curves are attained at smaller scale factors. However, the family of the curves of
CBF61Q5-ECS8 is slimmer than the one of the original, CBF61-EC8, and also the interstorey
drift corresponding to failure is reached at a higher scale factor. It has to be noted though that
the differences between the designs with behaviour factor 4 or 5 are minor in terms of cross-
sectional sizes, see Tables 3.3/a, 3.4/a and 3.7/a, 3.7/b.

The results obtained for the cases where mass irregularities were considered are
presented in Table 8/a and b and in Figure 3.15. In these cases the discrepancy between the
upper floors, where the additional masses are located, and the lower floors is more flagrant

then for the regular buildings, see Figure 11/a and 12/a.
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Figure 3.15; IDA diagrams of CBF-s with mass irregularity (averages of 7 records)

As the results indicate a unanimous adverse behaviour in every building we can
conclude that the CBF-s designed according to Eurocode 8 are susceptible to develop weak
storeys even when subjected to seismic actions that are significantly smaller than the design
level. Moreover, in the great majority of the analysed CBF-s the 2% IDR is already exceeded at
scale factor 1.0, and in some, the results are even larger than 3% therefore the designs are not
only susceptible to exhibit weak storey behaviour, but also to an early collapse.
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Chapter 3: Investigation on the performance of various Eurocode 8 CBF designs

3.3.2. Possible response alternatives

In the diagrams of Figure 3.16 and Figure 3.17 idealized IDA curves are presented.
Each diagram corresponds to an imaginary four-storey CBF therefore four curves are
depicted denoting the floors separately. In these hypothetical examples the 2% interstorey
drift is considered to be a sharp collapse criterion. In the case of the global mechanism the
interstorey drifts are equal on every storey and the IDA curves of the different floors have to
be the same. Hence Figure 3.16/a depicts the ideal behaviour of a CBF assuming the
development of the global plastic yield mechanism in all circumstances. Though this
behaviour is expected, or at least targeted in design, in reality it can barely be realized. In the
cluttered dynamic response of a building to an earthquake excitation plasticity does not occur
in the same time on all the storeys. Consequently, there is no uniform plasticity and there is
no uniform interstorey drift either. The real curves obtained by IDA calculations are more
alike the ones presented in Figure 3.16/b. Here one may find inevitable differences between
the responses of the floors. Due to these differences, the collapse of a CBF can be realized in
various ways. This is depicted in Figure 3.17.
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Figure 3.16; Global mechanism and realistic IDA curves of CBF-s

In the diagram of Figure 3.17/a the dashed curve deviates from the cluster of the
other three. Though there is a significant rise of the drift at a low scale factor, early collapse
is not realized. Either because that particular floor is just more flexible than the others but
has adequate resistance, or because the appearing yield at higher intensities on the other three
floors decreases the requisitions of the one under consideration. The collapse limit is attained
at a scale factor higher than the design level, therefore the building is considered adequate.
Conversely, the behaviour of the building is not optimal as below the design level the lateral
displacements are concentrated on one floor. The significant drifts may cause damages in the
non-structural members, while the other floors are not efficient. Although this building
exhibits the soft storey phenomenon, there is no weak storey collapse whatsoever. Collapse is
reached when the first line intersects the failure limit before the curves of the other floors.
Though failure is attained on one floor only, this is not a weak storey failure since the
collapse is not related to the preceding weak storey phenomenon. CBF41 is one example of a
moderately developing weak storey that does not cause early failure. Furthermore, if we
impose a bit less stringent demands for the lateral drifts and we assume a judicious choice of
structural members that provides larger ductility capacities, we may say that the roughly 2.3
— 2.6% attained maximum interstorey drift ratio in CBF61, 62 and 82 shall not be considered
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failure. Thus, in these buildings the evidently realized weak storey phenomenon does not
cause early collapse either.

The diagram in Figure 3.17/b depicts a soft storey phenomenon-induced early
collapse. In this case the concentration of the large lateral displacements lead to the failure of
one or several members, therefore the building collapses at a scale factor smaller than the
design level. Moreover, the large relative drifts may cause severe early damages to the non-
structural members, which also indicates the inadequacy of the response. Although the
building may have been designed to have adequate lateral resistance, so that the failure is
reached beyond the design level, still the disproportional plastic deformations lead to an early
collapse. CBF81, 101 and 102 exhibit such inadequate response.
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Figure 3.17; Characteristic IDA curves of CBF-s

It is clear that the soft storey phenomenon has to be avoided as it facilitates collapse
or just entails an adverse plastic behaviour. In order to obtain the optimal global plastic or
more precisely, a distributed dissipative behaviour, the differences between the storey drifts
have to be reduced as much as possible. This practically means that the upper and lower
envelopes of the IDA curves are to be close to each other. However, even a building with a
weak storey likelihood can be adequate as it can be seen in Figure 3.17/a. Therefore, the
development of a weak storey and the actual collapse can be uncoupled as one does not
necessarily mean the other. The weak storey phenomenon does facilitate and therefore may
result in collapse due to extensive localized plastic deformations, but it may also result only
uneven dissipation.

In the various IDA diagrams in 3.3.1 one can observe weak storey behaviour at scale
factors below and over the design strength also, but the magnitude of the unwanted behaviour
is not necessarily proportional to the growing effect. In CBF61, 62 and 82 for example the
deviation of the weak storeys decreases at larger seismic load levels. The fact that the weak
storey behaviour may occur at low seismic excitation but may also get strongly mitigated as
the loading increases shows that the likelihood of the weak storey behaviour is not related
solely to the magnitude of the loading. So, the weak storey phenomenon is not simply due to
inadequacy to the imposed loading as one may think, but the weakness of one floor, in terms
of lateral drift, in comparison with the other floors. The soft storey behaviour is an inherent
susceptibility of the structure coming from the structural arrangement, the cross-sectional
properties and connections. If so, the possibility of the occurrence of a weak storey might be
controlled taking into consideration only the characteristics of the structure, without the exact
definition of the magnitude of the seismic action it has to withstand [70].
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Chapter 3: Investigation on the performance of various Eurocode 8 CBF designs

The assumption that the occurrence of a weak storey depends more on the structural
proportions than on the provided resistance can be proved indirectly. Considering CBF41 and
61 it can be seen that there are moderately developed weak storeys on the top floors in both
cases. Let us make an attempt to enhance the behaviour of the two buildings by providing
additional resistance on these floors. Replacing the braces obtained by the Eurocode 8 design
on the top floors by SHS 100x6 diagonals we get the IDA curves presented in Figure 3.18.
Firstly, we can see that the top floors became overreinforced. This is not surprising as the
selection of the new cross sections is not based on a refined design analysis. Comparing to
the originals in Figure 10/a and 11/a, it can also be noticed that the storeys below (3" and
5™ exhibit a worse behaviour after reinforcement. In CBF61 the presence of the weak storey
behaviour can clearly be seen on the 5" floor. The additional resistance does not enhance the
performance of the buildings just modifies the storey of the localization. The reinforcing of
the storeys that were found to be inadequate does not necessarily yield satisfactory designs
and the disappearance of the weak storey phenomenon. Therefore, it is clear that
strengthening the structure on the basis of the experienced effects may not provide better
designs and that the likelihood of the weak storey behaviour is indeed not simply a storey
resistance issue.

The observations so far show that the weak storey phenomenon is present in CBF-s
and that it can not be prevented by simple reinforcing. In order to understand the underlying
reasons of the behaviour and to determine what effects need to be introduced to an effective
design procedure, the
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Figure 3.18; IDA diagrams of reinforced CBF-s (averages of 7 records)
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Chapter 4

Examination of the weak storey behaviour and its reflection on

the Eurocode 8 design procedure

The objective of the chapter is to identify the reasons why the Eurocode 8 CBF
designs were found to have a bad performance in the previous chapter. Firstly,
particular response time series are further analysed. A general response scheme is
defined, characterized and proven by examined regularities. By the generalized
response the gradual development mode of the weak storey behaviour is described.
This understanding of the weak storey development provides a basis of critical
assessment of the Eurocode 8 design criteria in the end.



Chapter 4: Examination of the weak storey behaviour and its reflection on the Eurocode 8 design procedure

4.1. Further insight into the development of the weak storey behaviour

4.1.1. Deformations and displacements during seismic action

The analyses of the buildings presented before yielded such adverse results and
experiences that necessitate the understanding and the qualitative description of the seismic
response of CBF-s exhibiting weak storey behaviour. With the thorough examination of the
displacement data series of the whole building and the deformations of members, certain
regularities can be discovered in the behaviour regardless of storey number or the actual
applied acceleration record. These regularities are amplified and therefore rather conclusive
in cases where the weak storey behaviour is clearly realized. Such a case is given by
accelerogram 2 at 0.75 scale factor in the 4-storey CBF41, see Figure 4.1. In the following,
important observations will be presented on this example.
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Figure 4.1; IDA diagram of CBF41, accelerogram 2

Taking a look at the deformed shape of the model in Figure 4.2 after a seismic action
we can see that all the braces have a triangular buckled shape. At the mid section of the
bracing bars plastic hinges form. In repeated cycles the cumulating plastic deformations
gradually facilitate the buckling by rotation of the plastic hinge. Eventually this leads to the
angular buckled shape. In the meantime plastic elongations increase the length of the bars;
consequently the diagonals have to be already in compression after the seismic excitation
when the building is laterally unloaded. Plastic elongations therefore further amplify the

triangularity of the braces.

Figure 4.2; Deformed shape of CBF after seismic effect

Also we can notice in the figure that the magnitude of the triangular imperfection
introduced to the system by the plastic strains may vary on the different floors. The larger
triangular-like imperfection implies larger relative lateral drifts on the particular storey which
also indicates the occurrence of a weak storey. The weak storey behaviour is therefore
interrelated with large interstorey drifts, cumulating plastic elongations and the consequential
triangular brace deformation.
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Lateral displacement (m)

Interstorey drift ratio

The lateral displacements of the floor slabs during the selected 20-second excitation
are depicted in Figure 4.3. It can be seen that the top floor exhibits disproportionally large
displacements compared to the other three storeys. The development of the attained
maximum interstorey drift ratios on the different floors, presented in Figure 4.4, is even more
convincing that on the top a weak storey developed. While the motion of the first three floors
is seemingly synchronized and proportional during the 20-second record, the top floor shows
differences. The curve of this floor does not exactly follow the same reversals as the other
three, the maxima are disproportionally large and also slightly protracted. There is a clear
discrepancy between the motions of the weak storey and the other floors.
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Figure 4.4; Maximum interstorey drift ratios in CBF-41, scale factor 0.75 (accelerogram 2)

As it can be seen, the occurrence of a weak storey results qualitative differences in the
motion of the weak storey and the rest. Furthermore the prominent triangular deterioration of
the braces is also found to be juxtaposed with the weak storey development. In the following
an interrelation of this brace imperfection and the discrepancy of the motion are set in
evidence.
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4.1.2. Alteration of the dynamic response due to brace deterioration

As the braces are the main horizontal load bearing elements, mainly their axial
stiffness determines the lateral stiffness of a storey. So, the developing triangular
imperfection of these bars has to cause a significant alteration of the dynamic behaviour of
the structure. To verify this assumption a series of natural frequency analyses have been
conducted on the elastic model of the four-storey braced frame. The perfect model with two
straight bracing bars has been altered. At the midpoints of the diagonals perpendicular
offsetting by 10 centimetres at each step up to 50 centimetres has been introduced. This has
resulted triangular shape braces.

The 50 cm out-of-plane deformation of the mid section can be expressed in terms of
realised displacement ductility of the braces using Tremblay’s formula [32]:

v=0.7./5, L, With &, =(u, +14-1)3, (4.1)

where v is the displacement perpendicular to the axis of the bar, Ln is the buckling
length, uc and u are the realized tensile and compressive displacement ductility and dy is the
elongation corresponding to yield. Supposing that the tensile and compressive realized
ductility are the same, the 50 cm out-of-plane deformation is reached when both are equal to
5.5. By the use of Eqg. (1.63) one may find that 1.54% IDR corresponds to this ductility, so
the assumed imperfection is practically realizable without the risk of failure.

The triangular alteration of the diagonals has been done at every floor separately to
analyse the effect of developed weak storeys. Also the same imperfections have been applied
on every floor simultaneously which corresponds to the development of the global yield
mechanism. Furthermore, the natural frequencies of the perfect model with one diagonal on
every floor have been computed, neglecting the buckled bar in compression, accordingly to
Eurocode 8 provisions. In Table 4.1 the frequencies of the modes of vibration for the more
relevant first and second modes are listed. The rows of the table correspond to the different
levels of the introduced imperfection while the columns differ in the storey of the
imperfection. For the sake of comparison, the modal frequencies of the perfect model with
one brace are 0.84 Hz and 2.26 Hz respectively. One can see in the results of the table that
with the concurrent increase of the imperfection of all the braces the decrease of the
frequencies in the two modes is roughly proportional. However this is not the case when the
triangular modification is done to the braces of one floor only. For example the growing
imperfection on the first floor halves the frequency of the first mode but barely changes the
second. Consequently it is not only the frequency of the modes that changes.

Table 4.1; Natural frequencies of imperfect 4-storey CBF-s

imperfection | Natural frequency of mode 1 [Hz] | Natural frequency of mode 2 [Hz]
magnitude storey of imperfection storey of imperfection
[cm] 1 2 3 4 all 1 2 3 4 all
10 095 099 103 109 069 |275 312 295 236 1.90
20 0.67 087 078 082 041 |252 307 271 190 113
30 054 076 065 064 029 |246 303 262 179 0.82
40 0.47 059 058 053 022 |243 299 258 175 0.65
50 043 057 054 046 018 |242 298 256 1.73 0.56
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The introduced imperfection of the braces modifies the stiffness matrix of the
structure. It decreases the stiffness values corresponding to the end nodes of the altered
braces only. Therefore the new stiffness matrix of the structure is not proportional to the
original, while the mass matrix remains the same. So, the mode shapes have to change also.
In Figure 4.5 the modal frequencies and shapes and the modal mass participation (MMP) are
indicated. These results are presented for the perfect four-storey building and two imperfect
ones. Figure 4.5/b corresponds to a concurrent 40 cm imperfection on every floor while
Figure 4.5/c depicts the case where the same imperfection is introduced only on the 4
storey. The mode shapes of Figures 4.5/a and 4.5/b are seemingly similar. The modal
analysis of the perfect model well describes the response of a CBF where every floor
participates in the dissipation. In Figure 4.5/c the mode shapes of the building with a
developed weak storey show that the first mode is approximately the movement of the floor
above the weak one. Conversely, the second mode primarily consists of the vibration of the
stories below the weak storey; the slab above is closely still. Visibly, the existence of a floor
with a low lateral stiffness decouples the relevant modes of the building to modes that
describe the motion of the floors above or below the weak storey and these modes
substantially differ from the originals of the perfect model.

M1f=084Hz M2{=226Hz M1f=022Hz M2{=065Hz M1f=053Hz M2f=175Hz
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Figure 4.5; Mode shapes of perfect and imperfect 4-storey models

The introduced modelling of the brace deterioration by triangle-shaped diagonals is a
rough analogy that has to be verified. One possibility is to analyse the involvement of the
modes in the description of the displacements. In order to recreate the actual displacement
time series presented in Figure 4.3 by the mode shapes, Schmidt decomposition can be used.
The time dependent displacement vector, d(t), can be recreated by the elementary
contributions of the orthogonal modal vectors, vi, multiplied by time dependent coefficients.

d) =) - v+, (t) -V, +... (4.2)
In the equation above the coefficients are computed in every time instant as:
ViV,

Our objective is to see how accurately the displacements of a certain storey can be
recreated by the use of the perfect or the imperfect fundamental mode. By this, we aim to
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Chapter 4: Examination of the weak storey behaviour and its reflection on the Eurocode 8 design procedure

examine which model can describe the actual motion of the building better, the original
perfect or the analogous imperfect one. Therefore Egs. (4.2) and (4.3) are evaluated for only
one modal vector in the following cases. In the case of the perfect model the considered
mode is the first in Figure 4.5/a. In the imperfect case, because of the decoupling mentioned
before, the first mode of Figure 4.5/c has to be used to recreate the top floors motion and the
second mode of the same figure is needed to recreate the motion of the third floor. The
displacements of the 1% and 2" floors are featureless small therefore hereby they are
neglected. The real displacements of the 4™ and 3" floors and their recreation with the
involvement of the designated modes are depicted in Figure 4.6. It can be observed in both
diagrams that after the first 4 seconds, i.e. the occurrence of plastic deformation, the curve
recreated with the perfect mode gradually deviates from the real displacements. Not all the
reversals are accounted for and values become notably different also. Conversely, with the
imperfect mode shapes the displacements of both storeys are accurately or at least better
represented. These results indicate that the imperfect modes better describe the motions of
the deteriorating structure. Therefore, the previously introduced changes of the modal
behaviour of a CBF are seemingly realized in the response during a seismic action and this
may be effectively analysed by the triangular brace analogy
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Figure 4.6; Displacements of slabs recreated by Schmidt decomposition

The analysis of the imperfect models yielded important experiences in the previous
paragraphs. However, it is important to emphasize, that the modal responses are computed
using the stiffness of the initial perfect or imperfect configuration with a linear analysis. As
the force displacement curve of a deformed brace is strongly nonlinear, see Figure 2.2, with
the straightening of the bar we can expect the significant increase of the instantaneous
stiffness, step after step, even in case of small displacements. This change can substantially
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affect the modal response as it has been described before. Consequently, the modal response
analysis results presented so far shall not be considered quantitatively accurate. Instead, these
results provide a basis for the characterization of a CBF with a developed weak storey.

4.1.3. Wavelet transformation of the seismic response

So far we have identified evidence in the displacement response of a selected CBF to
the severe change of the dynamic characteristics caused by the deterioration of the braces.
From the same displacement results further information can be extracted to better confirm the
changing nature of the seismic response of CBFs. In the following the horizontal
displacement results of multiple buildings are analysed with an appropriate signal processing
tool.

The main objective of the wavelet transformation [71][72] is to decompose a random
signal into elementary contributions. The wavelet transform measures the similarity of the
analysed signal function and a series of wavelets with different translation in time and
resolution in the frequency domain. The wavelet transform, W(a,b), of the signal x(t) is given

by:
w(a,b)=%jg*(%}x(t)dt (4.4)

where g*(t) is the mother wavelet function which generates the family of the wavelets. The
mother wavelet is dilated by parameter a and translated by b which vary continuously so that
a series of son wavelets are created. One possible choice as the mother wavelet is the Morlet
function which is a modified version of the Gabor wavelet:

g(t):exp{ﬂ}.cosm (4.5)

a’ a

This complex expression defines a harmonic function that decays exponentially on
both sides over a time interval around t=b, see Figure 4.7. The parameter $ defines the length
of the envelope wave. By evaluating Eq. (4.4) on a series of son wavelets in a fixed time and
frequency domain we can map the instantaneous participation of the frequency components
of the analysed signal. The diagram depicting the results is called a scalogram which is
analogue with the spectrogram created by Fourier transformation but the time and frequency
axes are both variables, therefore the results are represented by a colormap.
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Figure 4.7; Morlet mother wavelet («=0.04, b=0, f=1)
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In our present investigation, we consider as input signal, x(t), the lateral
displacements of the 4" floor depicted in Figure 4.3 at first. Also we can decompose the
ground acceleration record to see whether it is really random, or it particularly excites certain
frequencies and by it, affects the response. Considering the former case, the wavelet
transform of the displacements of the top floor of the 4-storey CBF does not show sharp
margins in Figure 4.8. The shape is more cloud-like. This is due to the fact that the seismic
excitation and the displacement both miss any kind of harmonic regularity. Furthermore, the
displacement diagram only has a few waves over the 20 second time series and this also leads
to a bad resolution. Nonetheless, the local maxima are denoted by a white line on the
scalogram and this line shows that after the incipient featureless noise the characteristic
frequency decreases from about 0,77 Hz to 0,41-0,43Hz throughout the series. The initial
frequency roughly complies with the natural frequency of the perfect structure where the
buckled bars in compression are neglected (0.84 Hz) while the later is in agreement with the
result in Table 4.1 (0.46 Hz) corresponding to a model with developed imperfection (50 cm)
on the 4" floor. In the meantime the wavelet transform of the accelerogram, see Figure 4.9,
does not show any tendentious excitation of distinguished frequencies, so our results are not

affected by particular excitation.
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Figure 4.8; Wavelet transform of the lateral displacements of the top floor
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Figure 4.9; Wavelet transform of ground acceleration record

In order to derive further conclusions, it is necessary to show, that the response of
several other buildings, that exhibit weak storey behaviour, can be described and
approximated by the triangular imperfect models. In Figure 4.10 the maximum interstorey
drift and the wavelet transform results of the lateral displacements observed on the weak
storeys are presented for two buildings in three more cases. The corresponding imperfect
modal shapes of the buildings and the frequency results are depicted in Figure 4.11. In CBF-
6 accelerogram 1 scaled by 0.75 causes the development of a weak storey on the top floor in
the 4 — 16 second interval. Meanwhile the fundamental frequency of the 6™ storey’s motion
decreases from 0.57 Hz to 0.4 Hz. The modal response analysis of the perfect model yields
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0.61 Hz for the first mode and the introduction of the triangular imperfection on the top gives
0.4 Hz with a modal shape of large motion of the top.
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Figure 4.10/a; Maximum interstorey drift ratios and wavelet transforms of top floor displacements

In the same CBF accelerogram 6 causes the appearance of weak storeys on the top and
moderately on the 5" floor also. The gradual development of significant drifts begins after the 12"
second. The wavelet transform becomes dark around the white peak line only in the second half of
the time period, showing that this is where the motion gets strongly governed by the component with
the peak frequency. The white line monotonically decreases below 0.4 Hz. The modal analysis of an
imperfect model with 50 cm triangular imperfection of the top and 25 cm on the 5" floor
(corresponding to the maximum realised drifts) yields 0.35 Hz for the imperfect first mode.
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Figure 4.10/b; Maximum interstorey drift ratios and wavelet transforms of top floor displacements

In the third case, in CBF-8 accelerogram 1 with a scale of 0.75 results in weak storeys
on the 7™ and 8" storey also. Between 8 and 12 seconds the development of the weak storey
on the 7™ is prominent. By introducing the triangular imperfection to this floor in modal
analysis the frequency of the fundamental mode decreases from 0.48 Hz to 0.38 Hz. This
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change can be observed in the scalogram also. After the 12" second the maximum interstorey
drift of the 8" floor catches up with the 7™ gradually. In the meantime the scalogram around
the peak line becomes lighter showing the decreasing importance of the component and at the
end the peak drops down abruptly. This disturbance is again not surprising considering that
the frequency of a model with the same imperfection on the top two floors is 0.28 Hz.

30% o
S Storey 8| ! ‘
& 2% 1= = — Storey 7
£ 200 A Storey 6
=l I Storey 5
©
> 15% 41 Storey 4
g —~ — — Storey 3
% 1.0% - Storey 2
o Storey1 :
E08% 4T
0_00_,;.,__4 L : :
" Time (0 - 20 sec)
0.7
o 0.6
£ ]
P 0.5
= 0.3
0.2
0 2 4 6 8 ) 19 ) 12 14 16 18
Figure 4.10/c; Maximum interstorey drift ratios and wavelet transforms of top floor displacements
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Figure 4.11; Mode shapes of imperfect 6 and 8-storey models
In all of the presented cases a good correlation has been found between the

identification of the weak storeys, the gradually changing nonlinear response and the
imperfect models, which are quasi snapshots during the response. This permits us to
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conclude, that the presented process of the development and the properties of the weak storey
behaviour are accounted for in the actual response of a CBF. Consequently, these properties,
along with the fracture life of the dissipative members, presented in the second chapter, shall
be taken into consideration in some way in a standardized design procedure.

4.1.4. Development of the weak storey behaviour

Upon the different features and properties of the weak storey behaviour, presented so
far, the process of the development can be ascertained. Figure 4.12 depicts an organigram of
this process. The occurrence of plastic yield of the braces on one floor, results in the
permanent triangular deformation of the diagonals. The initial localization of plasticity on
one or very few floors can be caused by the overstrength relations of the floors [12], higher
mode effects [51] or random effects of the seismic excitation [52], but in the cluttered
response of a building it is more likely than the simultaneous plastic deformation anyway.

The triangular deformation, on one hand, devolves the lateral loads on the columns
that become bent. On the other hand, as the flexural stiffness of the columns is significantly
lower than the axial of the braces, the deformation also causes a crucial drop of the storey
shear stiffness. The resulting irregularity of the horizontal stiffness along the building height
modifies the global dynamic behaviour of the building and facilitates the localization of large
relative drifts on the storey under consideration, which is just further amplified by the
decoupling of the modal response. With the large drifts of the storey, plastic deformations
cumulate in the hinges at the middle of the braces, the bars deteriorate, the resistance of the
braces decrease and further plastic yield is facilitated.

This process is a recurring loop gradually increasing the damage of the weak storey.
Hence the development of the weak storey mechanism can be regarded as auto amplifying
phenomenon in case of cyclic seismic action. The loop is broken by the collapse of the weak
storey. This can happen either by not having adequate columns on and connected to the weak
storey or by the fatigue failure of the braces and gussets. The presented loop evidently leads
to failure if a sufficiently large number of cycles are provided. Yet, as the number of cycles
during a seismic action is limited, by preventing excess brace deformations and providing
flexural column resistance and stiffness by choosing adequately large cross sections, the
gradual development of the weak storey may be restrained.

Plastic deformation of diagonals
- higher mode effect %{E
- overstrength proportions (fracture of braces)
- random earthquake effects
(- degradation of the resistance)

ﬂ Brace deformation \

cumulation,

Column _ | Decrease of lateral
participation in o stiffness
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| — _
collapse / Change of modal - Local amplification of
(instability) / response and inertia drifts and
» forces deformations

Figure 4.12; Organigram of the weak storey behaviour of CBF-s
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4.2. Causes of the non-balanced dissipation and early failure in Eurocode 8
CBF designs

4.2.1. Gradual qualitative change of the seismic response

The uniformity condition imposed to the overstrength factors of every floor by Eg.
(1.30) is an attempt in Eurocode to evade the occurrence of localized dissipation on a weak
storey by promoting the simultaneous yielding of the braces on multiple, or if possible, on
every floor in a global plastic mechanism. The maximum and the minimum of the storey
overstrength, must not be different by more than 25%. With a design that respects this
condition and which is also economic, not permitting unnecessarily large overstrength, we
aim to make the axial resistances of all the diagonals just slightly larger than the effects.
However, if the maximum axial effects change during the seismic action, the application of
the uniformity condition becomes unclear.

As it has been described before the triangular deformation of the braces affects the
equivalent modal loading and also devolves some of this loading on the continuous columns.
The former effect modifies the axial forces of every diagonal in the overall building and the
later decreases the axial effects in the braces of the weak storey. In such conditions the storey
overstrengths have to change significantly, so that the uniformity condition gets violated. In
Tables 4.2/a and 4.2/b the change of the horizontal forces in the relevant first and second
modes are presented. We can see that the change is rather rapid, even 20 cm triangularity can
cause significant alteration. This out-of-plane deformation does not correspond to a fully
developed weak storey, so the violation of the uniformity condition can be expected even at
minor differences from the perfect structural arrangement.

Table 4.2/a; Change of equivalent lateral forces [kN] of the first mode
due to increasing triangular imperfection on the top floor

storey Magnitude of imperfection on top floor [cm]

perfect 10 20 30 40 50
4 490 498 442 336 274 263
3 361 348 176 78 44 32
2 228 221 106 45 23 16
1 103 101 48 20 11 8

Table 4.2/b; Change of equivalent lateral forces [kN] of the second
mode due to increasing triangular imperfection on the top floor

Magnitude of imperfection on top floor [cm]

storey perfect 10 20 30 40 50
4 -365 -367 -295 -199 -141 -108
3 184 254 456 556 594 610
2 376 335 382 428 446 452
1 256 203 196 211 217 219

In the hypothetical case of an equivalent triangular imperfection of the braces on
every floor the distribution shape of the modal loads does not change with the gradual
deterioration, only the magnitudes of the forces. This behaviour corresponds to the desired
global dissipative behaviour. In this case the response of the perfect and the imperfect
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building is similar. Therefore, with the analysis of the perfect structure, the uniform brace
deterioration and the global dissipative behaviour are indirectly supposed. Proving by the
uniformity condition that in this particular case the occurrence of the weak storey behaviour
is not expected, does not exclude the various and probable cases where incipient random
deformations cause the gradual development of a weak storey. In the Eurocode 8 design
process the verifications are carried out referring to an elastic state of structure, which
corresponds to low or reduced intensity seismic action. Conversely, in an inelastic state
closer to failure, the requirements of the standard are not appropriate. Consequently, the
uniformity condition is not adequate to drive the structure towards a distributed dissipation
on every floor in all circumstances.

4.2.2. Underestimated bending of the columns

The seismic analysis of a perfect CBF model with any linear static procedure yields
merely, or at least dominantly axial forces in the columns due to the truss action of the lateral
resisting members. However, the triangular deterioration of the braces, as it has been
described before, devolves the storey shear on the continuous columns that become bent. As
ordinary analysis does not provide such internal forces, or at least not in the possibly
realizable magnitude, the normal force resistance of the columns with regard to the
simultaneous bending in Eqg. (1.33) can be overestimated which leads to the undersizing of
the column cross-sections. Moreover, the columns may be subjected even to plastic
deformation which necessitates the use of ductile columns. This leads to an even more
rigorous demand.

Some design codes impose simple requirements to the cross sections of columns of
braced frames that account for the expected flexural effects. For example, the aim of Eqgs.
(2.21, 2.22, 2.23) is to avoid the occurrence of plastic hinges away from the column ends.
For the design of special concentrically braced frames (SCBF) [44] specific regulations have
to be respected also as it has been mentioned in Section 2.1.2. Conversely, in Eurocode 8,
there are no additional requirements for the columns, and the increase of the bending
moments due to the deterioration of the braces is not incorporated in the design either. Yet,
the principle of capacity design would require the non-dissipative columns to withstand the
elevated internal forces to permit the dissipation in the braces without structural failure.

As there are no imposed requirements to the flexural resistance or stiffness [53] of the
columns it is possible not to have any continuous columns at all, as the truss action is not
affected by the hinged splices of the columns. If all the column splices are hinged, the
bending cannot cause the underdesign of the columns. For the sake of comparison the IDA
computations were conducted on the model of CBF41 again, but with exclusively hinged
connections between every member of the structure. In Figure 4.13/a the original results
(continuous columns on the facades) are presented and the b diagram depicts the result
obtained with the hinged model. In terms of seismic design according to Eurocode 8 the
solutions identically respect the requirements. On the behaviour of the two models, however,
a clear discrepancy can be observed. Up until 0.50 scale factor the two models exhibit
roughly the same response. At higher scale factors the differences of the drift maxima on the
four floors is moderate and the rise of the curves is roughly parallel for the original
continuous-column model. Conversely, the behaviour of the hinged-column model is
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cluttered; the curves do not show any similarity and failure is attained at a lower scale factor
by another storey than of the continuous-column model.

000 025 050 075 100 125 150 175 2.00

0.00 025 050 075 1.00 125 150 175 2.00
Scale factor of PGA Scale factor of PGA

a) continuous columns b) hinged columns
Figure 4.13; IDA diagrams CBF-4 with continuous and hinged column splices (averages of 7 records)

Apparently, the seismic design process of Eurocode 8 for CBF-s does not describe
accurately the behaviour of the structure. Significant effects on the continuous columns are
not quantified properly, or in case of hinged column splices, the important participation of
the columns in the lateral resistance is neglected.

4.2.3. Global and local slenderness limits of braces

The global and the local slenderness, as well as the material grade, affects the low-
cycle fatigue fracture, i.e. the ductility of the braces. Low displacement ductility limits the
performance of structures with a well balanced dissipation and the ones with weak storey
susceptibility likewise. Therefore, an appropriate selection of ductile brace cross sections can
significantly enhance the performance of any CBF regardless of the response to the seismic
excitation.

In Section 2.1.1, in Figure 2.6 it has been presented, that a large but otherwise
probable high local slenderness can significantly limit the ductility of a hollow section brace.
Eurocode 8 requires the sections to be class 1 that are capable of large plastic deformations
without buckling of the plates. In the case of rectangular hollow section braces this means
that the breadth-to-thickness ratio can go up to 33 supposing that the yield stress is 235 MPa.

b <33¢ with ¢ = _ 235 (4.6)
t f,[MPa]

However, by using the formula of Nip et al. for hot-rolled carbon steel sections, Eqg.
(2.14), we find that the ductility capacity of a stockier brace with relative global slenderness
equal to 1.3 and with a breadth-to-thickness ratio of 30, is about 4.0 that corresponds to only
1.1% interstorey drift ratio in the buildings presented in this article. This drift capacity is
low, especially compared to the damage limitation state requirement (2%). Such an early
failure can be avoided by imposing a more rigorous condition to the local slenderness than
what is defined by Eq. (4.6). According to regulations in the United States [74], in the design
of SCBF-s [44] the maximum breadth-to thickness ratio of square hollow section braces is:

b E
=064 |—= 4.7
oo £ o
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4.2.4. Summary of the existing and necessary requirements on the seismic design of CBFs

For regular structural steel where the yield stress is 235 MPa this formula gives about
19. Considering again a brace with relative global slenderness of 1.3 but breadth-to-thickness
ratio of 19, the ductility capacity obtained is 7.11. This enlarged ductility permits exactly 2%
interstorey drift ratio.
Evidently, the cross-sectional classification, employed by Eurocode 3, which
characterizes cross sections subjected to static loading, is not appropriate to be implemented
for sections under cyclic loading. More rigorous restriction, such as the one in Eq. (4.7) is
needed to avoid the early failure of the diagonals. Alternatively, by refined relationships
between the slenderness parameters and the ductility, like the ones of Nip et al. presented in
2.1.1, diagrams can be provided that can facilitate the choice of hollow sections to meet
specific lateral drift or ductility demands, see Figure 4.14.
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Figure 4.14; Slenderness limits for imposed storey drift demands (S235, HR-SHS)

Upon all the findings presented so far in the preceding chapters, the following
statements can be made about the Eurocode 8 seismic design of CBF-s:

The buildings are mostly susceptible to exhibit weak storey behaviour;

The likelihood of the weak storey behaviour increases with the storey umber;
The weak storey behaviour may lead to the early failure of the primary
resisting members of the structure;

The plastic deformations of the braces may eventually cause a significant
change of the dynamic characteristics and the rearrangement of the inertia
forces; such effects are not considered in any way in Eurocode 8;

The incipient elastic behaviour, that the Eurocode 8 design procedure refers
to, is significantly different from the inelastic behaviour;

The uniformity condition, Eg. (1.30), is not adequate to promote the global
dissipation as it is not valid in any random state that the structure may
undergo during the seismic excitation;

The analysis of a perfect structural model leads to the underestimation of the
bending of the columns that develops with the deterioration of the braces;
therefore Eurocode 8 does not safeguard sufficient overstrength in the
columns, so it does not comply with the requirements of capacity design;
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— The Eurocode 8 design does not make difference between CBF-s with
continuous or hinged columns while the performance of the former is better;

— The local slenderness limit of hollow section braces should be more rigorous
than Eurocode 3 class 1 to safely provide the adequate ductility of the braces;

The seismic behaviour of a dissipative CBF is not as of a vertical truss, counteracting
the lateral seismic load by merely axial forces. Any design approach that assumes truss
action incorporates the possibility of the above mentioned problems. The Eurocode 8 seismic
design procedure of concentrically braced frames has to be enhanced or amended by new
criteria that take into consideration the discussed effects. Firstly, appropriate criteria shall be
introduced that aim to increase the ductility capacity of the resistant members and effectively
prevent the early failure. Also, the performance of Eurocode 8 CBF designs may be enhanced
by introducing conditions as listed below:

— CBF-s need to contain continuous columns that provide flexural resistance to

the lateral loading. Though regular analysis methods do not yield relevant

bending moment results, imposed limits to columns is a way to allow the

development of considerable bending, e.g. examples given in 2.1.2.

— Elevated local slenderness of the hollow-section braces is accountable for
low ductility capacity and consequently for the possibility of early collapse.
More rigorous criteria, such as Eq. (4.7) may prevent such scenario.

— In the detailing of gusset plates, the requirement of sufficient clearance that
allows the rotation of the diagonal can prevent the fracture of the gusset
welds.

In this Chapter certain weaknesses of the Eurocode 8 design procedure of CBF-s has
been pointed out. On one hand, some problems related to the detailing, which affect the
ductility were drawn attention to, but more importantly, factors contributing to the
development of the weak storey behaviour were identified. It is clear, that the EC8 criteria
need revision. However, in the authors point of view, it is not the basic capacity design
approach that permits rather high behaviour factors that needs to be modified. Instead, the
criteria imposed upon the uniformity of the storey overstrengths and the requirements of the
columns need to be replaced. With such modifications the weak storey behaviour may be
avoided and the expected high performance of the structure can be attained.

In the following chapter a possible method will be elaborated that aims to promote the
well distributed dissipation on every floor of a CBF. The method will be applied for the
redesign of the buildings presented in 3.1 and the performance of the new designs will be
compared to the originals to verify the methods suitability.
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Chapter 5

Robust Seismic Brace Design method

Principles, Formulation and Application

In this chapter the findings of the previous descriptive chapters are turned into
requirements and new criteria imposed upon the seismic design of CBF-s. Firstly,
the concepts of the new criteria are elaborated and the principles of the Robust
Seismic Brace Design method are established. This is followed by a thorough
investigation of the internal and external plastic work of the CBF members and
loads in plastic collapse mechanisms, which are in the focus of the method. The
robust performance of the new method is demonstrated by the redesign of the
various CBF-s presented and found to have weak storeys in Chapter 3. In the end,
simplified alternatives of the method are also given and their suitability is examined.



Chapter 5: Robust Seismic Brace Design method: Principles, Formulation and Application

5.1. Principles of the Robust Seismic Brace Design method

5.1.1. Requirements imposed to the design method

In previous chapters the inelastic seismic response of CBF-s has been introduced in
detail and upon the findings the Eurocode 8 design procedure of braced frames has been
critically discussed. In the following the most important requirements of an enhanced design
method will be defined via a brief summary of the explored response.

In a real seismic event, experiencing, and therefore expecting equal and simultaneous
displacement response of the storeys corresponding to the global plastic mechanism is
unlikely. Conversely, it is a lot more probable that plastic deformations occur separately on
one or a few floors at a time than simultaneously on every. What may be required however,
is well distributed dissipation among all the floors. The participation is favourable if the
degradation of the braces, and therefore the realized interstorey drift maxima is closely the
same on every floor.

The degradation of the braces is the consequence of the plastic deformations at mid
length due to inelastic buckling and the tensile yield. Together, the axial elongations and the
development of the plastic hinge at the mid sections result in having triangular-shape,
imperfect braces, see Figure 5.1. The amplitude of the triangular imperfection is coherent
with the development of a weak storey. The gradually increasing triangularity of the
diagonals results in the decrease of the axial force of the braces and devolves the seismic
loading on the columns. The columns counteract the loading by bending, insofar as they are
continuous at least at one end. So, the bending develops even as a result of moderate plastic
deformation of the braces, not only in a storey collapse mechanism. Therefore, a braced
frame is no longer a truss when subjected to seismic action, developing only axial forces. So,
continuous columns with adequate flexural reserve are indispensable in a CBF.

N ]

Figure 5.1; Triangular deformation of braces due to repeated plastic deformations

The flexural stiffness of the columns does not make up for the loss of lateral stiffness
due to the brace degradation, so in the global model of the CBF the lateral stiffness of the
weak storey is significantly lower than of the other floors. This modification of the structural
system causes qualitative changes in the modal response of the building. A significant, but
disproportional change of the stiffness of the system depicted in Figure 5.2 alters the modal
shapes and the natural frequencies also. The modes are uncoupled into modes that are
primarily the motions of the slabs above the weak storey or in the contrary, motion of the
ones below. In Figure 5.2 only the first two modes are presented as these are the ones that
have decisively large modal mass participation factors, the higher modes are mostly
negligible. The first mode has a significantly higher period than the second mode. So, if we
compute the maximum displacement response of the building considering the design
displacement spectrum, see Eqg. (1.19), and the combination of the modes we can find that the
response is strongly governed by the first imperfect mode.
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Figure 5.2; Modal response of a CBF with a weak storey (modelled by triangular braces)

The localization of the drifts on the weak storey may lead to even further degradation
of the braces, decrease of the stiffness and consequently to the gradual self-amplification of
the weak storey phenomenon.

The occurrence of a weak storey may result in the collapse of the building. However,
if adequate resistance is provided by the columns, the building may be able to resist the
seismic demands, though exhibiting localized displacements and unfavourable dissipative
behaviour. A regular floor is expected to have moderate interstorey drifts in the range of its
design seismic demand. Close to the resistance limit however, the drifts may grow abruptly,
resulting in an asymptotic curve. Conversely, a weak storey can exhibit larger drifts even in
case of low seismic action, but the development of the drifts may be limited at a certain level.
These two response possibilities are depicted in Figure 5.3, but may also be observed on the
examples presented in Chapter 3.

weak store

interstorey drift -

el

seismic demand
Figure 5.3; Response alternatives to growing seismic demand

The performance of the weak storey can be adequate, if the early development of the
interstorey drifts does not exceed acceptable levels i.e. drifts that disturb serviceability or
damage secondary structures. So, the weak storey behaviour shall be distinguished from the
weak storey collapse. The weak storey behaviour is the prominent localization of lateral
drifts on a certain floor(s) that may or may not cause early failure but is inevitably
unfavourable. Furthermore, the fact that the drifts on the weak storey may not grow
proportionally with the seismic action indicates, that the likelihood of the weak storey
behaviour could be analyzed without the exact definition of the magnitude of the seismic
loading. The weak storey behaviour can be regarded as an inherent susceptibility of a CBF
that can be identified by the comparison of one floor to the others and not to a given seismic
demand.
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Upon the description of the behaviour and the response of CBF-s to seismic actions
presented above, an effective design method should:

— Take into consideration the change of the modal behaviour due to the brace
deterioration and the resulting response of the CBF;

— Quantify the participation of the columns and impose requirements to their
performance in the lateral resistance of a storey;

— Prevent the occurrence of the weak storey collapse mechanism independently of the
intensity of the design seismic action;

— Prevent the occurrence of the weak storey behaviour by unifying the (maximum)
interstorey drifts on every floor;
In the following, 5.1.2 and 5.1.3 Sections propose two criteria that lead to respecting
the above principles starting from a design made by classical spectral analysis.

5.1.2. Criterion 1: preventing the weak storey collapse mechanism

Let us suppose that for a given CBF structure we compute the storey shear effects for
each storey conducting an analysis that complies with Eurocode 8 provisions. Also, we
determine the lateral resistance of each storey coming from the braces only and in a second
case the total storey shear resistance involving also the columns. Dividing the resistances
with the effects the results can be depicted in a diagram like Figure 5.4. As the resistance
over the effect is the definition of the overstrength in seismic design, the horizontal axis is
denoted by €, representing the overstrength and along the vertical axis the storeys are
presented one above the other. The maximum and the minimum of the overstrength yielded
by the braces is indicated by two red dashed lines. The Eurocode 8 criterion for the
uniformity of the overstrength requires that these do not differ by more than 25%, see Eq.
(1.29). But, in order to bridge the gap between the two levels sufficient reserve is needed,
provided by continuous columns. In the figure, on storey 3 this reserve is not accounted for.
The resistance of the storey is depleted before every brace can attain yield.
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Figure 5.4; Overstrength relations of a multi-storey CBF

One of the primary objectives of the redesign method is therefore to secure adequate
resistance on every storey that exceeds the resistance corresponding to the yield of every
brace i.e. the global plastic mechanism. As we wish to determine the combined resistance of
the braces and the columns that corresponds to the CBF behaviour in the inelastic range, the
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analysis shall not be elastic; instead plastic analysis is more appropriate. As it has been
mentioned in Chapter 1, the traditional nonlinear static method used for seismic analysis is
the pushover analysis. In pushover analysis the ultimate resistance is approached applying
the static principle of plasticity [74]. The lateral loading is monotonically increased as long
as it results in a statically admissible internal force filed i.e. the structure is in equilibrium.
The largest possible loading corresponds to the development of the collapse mechanism. In
the present method the kinematic principle will be applied. Let us consider several
kinematically admissible collapse mechanisms of a CBF and compare them. According to
theory, the realized mechanism is the one that corresponds to the smallest lateral loading.
The considered plastic mechanisms have to be obviously the favourable global mechanism
and the unfavourable weak storey mechanisms. Partial mechanisms that involve several, but
not every storey in the plastic deformation may be considered also. However, in the basic
idea of the present method the partial mechanisms are not considered. Consequently, the
global mechanism and n storey mechanisms (in an n-storey CBF) have to be computed
considering a lateral loading that corresponds to the inelastic response of the CBF. It has to
be noted though, that if we consider the inelastic response of a CBF, various load
arrangements are possible. The deterioration of the braces on the i storey results in a
response, where only the floors above the weak storey sway with large amplitudes. The
equivalent seismic load pattern corresponding to this response is having concentrated forces
at the slabs from the i" storey up to the top, see Figure 5.5. If the masses are equal (the case
of not equal masses will be considered later on), the forces are also equal, so the loading can
be characterised simply by one A parameter. This load pattern is also favourable to promote

the development of the weak storey; therefore this simplification is for the benefit of safety.
Response Equivalentload pattern  Global mechanism Local mechanism

Figure 5.5; Equivalent lateral loading of CBF with developed weak storey

In an n-storey CBF n different load patterns can be analysed each ranging from the
top down to a particular storey. For each load pattern, the load parameter corresponding to
the formation of the global, Agiob, and the local, Zioc, plastic mechanism can be computed i.e. n
parameter pairs can be calculated. If the local load multiplier is larger than the global, then
according to the kinematic principle, the occurrence of a storey collapse is prevented. So, in
order to secure that all the storeys have enough reserve so that no localized collapse shall
occur, the following criterion has to be met:

ﬂzw where i=1..n (5.1)

glob,i

Important characteristic of the requirement above is that for the evaluation the
magnitude of seismic loading is not given, but instead it is the unknown load multiplier that
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has to be determined. The plastic analysis method to be conducted and the requirement of Eqg.
(5.1) itself:
— Takes into consideration the variation of the modal behaviour due to the brace
deterioration and the resulting response of the CBF.
— Quantifies the participation of the columns and imposes requirements to their
performance in the lateral resistance of a storey.
— Isrequired to prevent the occurrence of the weak storey collapse mechanism.
— Can be carried out independently of the design seismic intensity.

5.1.3. Criterion 2: unifying the maximum drifts, promoting distributed dissipation

Although the condition of Eq. (5.1) is necessary to prevent weak storey collapse, it is
not sufficient to keep the differences of the interstorey drifts on all the floors within an
acceptable range. The reason is the following. Eq. (5.1) can be satisfied by enlarging either
the brace or the column cross sections as they are both involved in the plastic resistance of a
certain storey. If in an extreme case the resistance is only given by the brace and the columns
are negligible (or hinged at both ends), the load corresponding to the yield of the brace is
equal to the ultimate plastic resistance of the storey. As the method under consideration aims
to prevent the attainment of the storey resistance, the brace yield will not be reached either
and the storey remains elastic throughout the seismic action. Conversely, if all the resistance
is provided by the columns and the braces are neglected, the lateral displacement on this
certain floor will be a lot larger than on other floors. The bending of the columns permits
substantially larger displacements than the stiff bracing. Such a floor has the tendency to
exhibit the weak storey behaviour as it has been presented before in Figure 5.3. The
anticipated responses of these two extreme cases are depicted in Figure 5.6 along with the
theoretical behaviour of a regular, well designed floor. The two cases may be satisfactory,
satisfying all resistance design criteria, but certainly they are both unfavourable because they
impair the dissipative behaviour of the CBF. In the former case the floor is not exploited in
the dissipation, whereas the latter case is too much involved by developing weak storey
behaviour.

A
£
T
>
o
o
2
2
= high brace
participation
>

seismic demand
Figure 5.6; Improper brace or column participation in storey resistance

If the ratio of the local and global load multipliers is high i.e. significantly larger than
1.0, then the storey may be overdesigned, not participating in the dissipation. Nevertheless,
defining an upper bound value to the ratio is arguable. Firstly, the upper bound may create
design situations where the structural dimensions, that were found by conducting the
standard analysis that takes into consideration the intensity of the seismic loading and
stability of compression members, has to be decreased. As the redesign method under
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discussion is independent of the seismic intensity, such alteration is questionable. The
method should only be used to reinforce the presumably weak storeys. Furthermore, the fact,
that there are several or strong continuous columns on a floor (e.g. moment resisting frames)
can raise the ratio of Eq. (5.1) far beyond 1.0, but this does not necessarily mean that the
desired yield of the brace is not attained. In fact, such a storey is favourable as it provides
large reserve in the columns.

The objective with the introduction of a second criterion is to avoid cases where too
large or in the contrary too small inelastic deformations can be expected. For such
investigation the elasto-plastic behaviour of a weak storey needs to be examined. In the
following this behaviour is used to estimate the cyclic inelastic behaviour of soft storeys. In
Figure 5.7 the shear force of a storey, denoted by the 2 multiplier, and the interstorey drift of
the same floor are depicted by the two axes of the presented diagrams. Apart from the load
multiplier corresponding to the elastic limit, and the development of the full plastic storey
mechanism, the global load multiplier is also indicated. The black line represents the
theoretical (pushover) curve of a storey with one, straight brace. This curve exhibits a large
stiffness up until the attainment of the tensile yield of the brace. After this, large drifts are

realized while the local resistance, including the columns is reached.
A Y%

| d
Aey=Clor dgion de=pr dgiob
a) high brace participation b) high column participation

de|:d br dglob
c) idealized hysteretic curve
Figure 5.7; Theoretical elasto — plastic force — displacement curves of braced storey

The two unfavourable storey responses depicted by Figure 5.6 are represented in the
load multiplier — storey drift format in the a) and b) diagrams of Figure 5.7. If the brace
resistance, or in other words the elastic limit, is close to Agiob, large inelastic deformations and
triangular brace deterioration cannot be realized and the displacements corresponding to the
elastic limit and the development of the global mechanism are close to each other.
Conversely, in the case of the b) diagram when significant involvement of the columns is
needed to respect the first criterion of Eq. (5.1), the inelastic displacements and the
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deterioration are larger. Visibly, the inelastic storey drifts that we may expect are in
correlation with the position of the global load multiplier in the [Aor, Aioc,] range.

Regarding the drift corresponding to the yield of the brace, dur, if the yield stress is
the same on every storey, then this drift also has to be closely the same constant on every
storey. In order to promote a uniform response on every floor, it needs to be ensured, that the
inelastic drift corresponding to the attainment of the global mechanism, dgiob, is also closely
the same on every floor [76]. Therefore, the following ratio has to be quasi constant for all
the storeys:

d .
—L — const (5.2)
glob,i
Let us consider the initial stiffness up to the elastic limit and the secant stiffness of the
inelastic response depicted by a green line in Figure 5.7/c. The ratio of the stiffness values,
denoted by B, describes the relative stiffness loss resulted by the deterioration of the brace.

Ao
dbr
A

glob

d

=p (5.3)

glob

This sort of stiffness loss has been addressed before in Section 4.1.2 where using
elastic imperfect models it has been shown, that the localized change of the stiffness changes
the modal behaviour in a way that it promotes the development of the weak storey, whereas
the simultaneous and proportional decrease of the stiffness on every floor has no such effect.
In the later case the CBF maintains the modal behaviour ideal for the occurrence of
distributed dissipation with the involvement of every floor. Consequently, we may assume
that to obtain a favourable CBF design, without weak storey susceptibility when subjected to
seismic action, £ has to be the same on every floor. Therefore, by rearranging Eqg. (5.3) we
may find that the ratio of the Aor and Agion is equal to the product of ideally constant values, so
the ratio itself has to be constant in a CBF that does not exhibit weak storey behaviour. The
ratio somehow expresses the involvement of the brace of a given floor in the resistance to the
loading corresponding to the global mechanism, therefore it has been named Brace
Performance Ratio (hereinafter BPR). As a second design criterion, additional to Eq. (5.1), it
is required that the maximum and minimum BPR do not differ by more than 0.1.

BPR = s _ B ;L and BPR . +0.1>BPR__ (5.4)

It is obvious that if the BPR is close to 1.0, then the bracing is overdesigned, column
resistance is barely needed and the storey is not involved in the plastic dissipation. For this
reason it is recommended that the maximum BPR shall not exceed 0.9, or in other words, at
least 10% of the resistance to the loading defined by Agiob has to be provided by continuous
columns. It has to be noted that the above values, 0.1 and 0.9, are empirically determined.
They have been defined upon the results that are to be presented later on in this chapter.

glob,i glob,i
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5.1.4. Application of the Robust Seismic Brace Design criteria

The reinforcement of a CBF to satisfy the two criteria of Eq. (5.1) and Eq. (5.4) may
influence the buildings adequacy to Eurocode 8 requirements. The uniformity condition of
the storey overstrengths, Eqg. (1.29), can be violated as the reinforcement of the braces may
significantly increase the maximum overstrength. Therefore, the newly introduced criteria
aim to replace the uniformity condition. The requirement for the columns and beams, Eq.
(1.32), may be moderately affected if the minimum storey overstrength is increased by the
redesign, but this should be limited given that the redesign does not involve every brace.
Nevertheless, the need of considerable lateral storey shear resistance yielded by the bending
of the columns may require larger column cross sections than Eq. (1.32).

As the seismic response of a building is random, closely chaotic, the introduced
criteria do not aim to promote the unlikely simultaneous yield of the braces on every floor.
Conversely, they provide a barrier within which plastic deformations can be realized in the
diagonals of multiple storeys. It assures that the CBF tends to exhibit distributed dissipation
with the involvement of every storey regardless of the loading history and any instantaneous
plastic deformation scheme. The CBF that fulfils Eq. (5.1) and Eq. (5.4) is deemed to be
robust in terms of being able to exhibit a controlled dissipative behaviour under any seismic
effect within its design intensity range. For this reason the redesign procedure has been
named as the Robust Seismic Brace Design (henceforth RSBD) method.

The RSBD redesign method has to be conducted in the following steps:

— Initial design of the structure according to related codes i.e. Eurocode 3 and Eurocode
8 considering the response spectra, behaviour factor, conducting an elastic analysis
and dimensioning the members according to its internal force results. In the seismic
design Eq. (1.29) can be neglected.

— For n different loading patterns, considering the global and n local plastic
mechanisms computation of n Agioni and Aioc,i parameter pairs. Computation of the Aor,i
load multiplier of the braces for n local mechanisms.

— Reinforcement of the braces to respect the condition given for the BPR, Eq. (5.4).
Attention is to be paid that the modification of one brace does not only change the
corresponding local load multiplier and the brace participation ratio of that floor, but
also all the global multipliers and every other BPR in the same time.

— Reinforcement of the columns or introduction of more continuous column splices in
the building to satisfy the condition of Eq. (5.1).
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5.2. Formulation of the Robust Seismic Brace Design method

As it has been presented previously, the RSBD method is based on plastic analysis, in
which various load multipliers need to be computed with the application of the kinematic
principle. Therefore, to determine the multipliers internal and external works have to be
calculated. In the following, the basic assumptions, the work of the plastic members and the
loads will be determined and the load multipliers will be expressed.

5.2.1. Geometry and material model

In Figure 5.8 the deformed shape of a braced bay is presented, depicting the relevant
parameters that describe the geometry. The storey height and the column spacing are denoted
by H and B respectively. The initial length of the diagonal concentric braces is L and the
elongation due to the lateral drift is AL. In conjunction with the elongation of the diagonal
vertical shortening and lateral drift are realized also, that are denoted by AH and 4B. The
later is the mterstorey drit as it can be expressed as the difference between the lateral
displacements of the floor slabs above and under, denoted by X; and Xi+;. The vertical
shortening can be expressed as follows:

AH =H - H -cosAg (5.5

The cosine of the angle of the drift can be well approximated by its truncated Taylor
serics as the considered displacements in the present analysis are mherently small
Furthermore the angle itself is closely equal to the ratio of the mterstorey drift and the storey
height, supposing that the sinus of the angle and the angle itself are equal

2

cosAgozl—% (5.6)
. AB
sindp = Ap ~ — 5.7
prApx— (.7
Substituting Eq. (5.6) and Eq. (5.7) mto Eq. (5.5) we get:

2 2 2
AH = H-coshp-H=H-|1-1+ 22 |- g 22 _AB (5.8)
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Figure 5.8, Geometry model of collapse mechanism
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To express the lateral drift by the elongation of the diagonal we consider that:
(L+AL)’ =(B+AB)* +(H—AH)’ (5.9)

By neglecting the small vertical shortening we get:

AL
cosa

In plastic analysis according to the theorem of constant stresses [74], in a plastic
mechanism the stress field does not change. This means that the internal work of the
structure consists of only the dissipation of the plastic members; elastic deformations and
reversible elastic work are not realized. This provides the possibility of considering a simple
rigid — perfectly plastic material model in the following calculations, where yield stress is fy.

AB=(L+AL) —H?-B=

(5.10)

5.2.2. Internal work of the braces

The relative lateral drift of two adjacent floor slabs in a CBF forces axial elongation
on the brace which leans in the direction of the drift. Meanwhile the brace in compression
buckles see Figure 5.9. Assuming rigid plastic behaviour, the buckling is realized by the
formation of a plastic hinge at the mid-section of the compression brace. All the plastic
deformations are located in this plastic hinge, the two segments of the brace remain
undeformed. The buckled shape causes the bending of the bar, therefore the internal work of
the compression brace is realized by the work of the combined axial force and bending effect
on the plastic deformations of the hinge. It has to be noted, that the real inelastic buckling
behaviour of the compression brace is a lot more complex, as it has been briefly introduced
in Chapter 2. Here, with the perfectly plastic cross-sectional model we aim to give a strong,
upper bound estimation of the compression braces performance. The tensile brace is
subjected merely to axial force that performs work on the elongation. In the following,
expressions will be given for the deformations, the internal forces under consideration and
also for the plastic internal work of the braces.

Figure 5.9; Deformation and internal forces of braces

The rotation of the plastic hinge can be computed by the use of the out-of-plane
deformation, denoted by w. In the analysis an initial local imperfection, wp is also
considered, but at the computation of the plastic rotation angle of the hinge, 6, it is subtracted
as it describes the undeformed imperfect shape of the brace. The connection between the
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axial shortening and the out-of-plane deformation can be expressed from the triangular
geometry depicted in Figure 5.9:

[EJZ _ [ L_ALJZ + AW = AW(AL) = A—L(L—A—LJ (5.11)
2 2 2 2

The total out-of -plane deformation, considering a wo=L/200 initial imperfection also, is:

AL AL L
W(AL) = Aw(AL) + w, = /7(L_7j+2_()o (5.12)

The rotation angle of the plastic hinge 0 can be expressed as follows:

2
6(AL)=2 arctan{(w(AL) w, ) L—AJ (5.13)
The analysed braced frames all have square hollow section braces. The geometry of
these cross-sections is approximated in a way that the filleting of the corners is neglected.
Therefore, the only two parameters that are used to describe the cross-section of the braces is
the external size, a, and the plate thickness, t. The area and the plastic section modulus are
calculated with the a and t parameters as follows:

A, =a’—(a-2t)’ (5.14)
a’ a .\
Quior =Z—(a—2t)-(§—t] (5.15)
The plastic axial resistance of the section is defined as below:
Noor = Ay - Ty (5.16)
The plastic moment resistance is:
Moo =Qur - (5.17)

The plastic deformations in the hinge are resulted by the simultaneous effect of the
compression and the bending of the brace. Also, the bending is dependent of the axial force
as it is resulted by the eccentricity of the axial force to the mid-section of the brace:

My, (Nepr ) = Ne - W(AL) (5.18)

Besides, the bending and the axial force together result in the entirely plastic normal
stress distributions depicted in Figure 5.10. The stress distribution in the plastic hinge is
asymmetric as the axial compression enlarges the negative stress zone. The bending moment,
besides Eq. (5.18), can also be determined by considering that the axial force — moment
interaction defines a point on the yield surface of the cross section. To express the moment,
let us subtract S(Np), the first moment of the hatched area, An, on which the normal force is
realized, from the plastic section modulus:

Mbr (Nc,br ) =M pl,br _S(Nc,br) ) fy = I:Qpl,br _S(Nc,br):" fy (519)

By the use of Eq. (5.18) that expresses the equilibrium and Eq. (5.19), which is a
representation of the plasticity condition, an expression can be given from which the axial
force can be computed for any given axial shortening.

[Qpl,br - S(Nc,br):" f, =Ny 'W(AL) =0 (5.20)
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Figure 5.10; Normal stress distributions and deformation diagram of SHS brace cross-section
For the resolution of Eq. (5.20) the expression of the first moment of area, S(Nb), has
to be defined. In terms of the layout of the An area two cases can be distinguished. In case 1
the normal force is large enough to expand the area needed for the normal resistance into the
flanges of the section. In case 2 the area is confined to the webs only. The eccentricity of the
neutral axis, denoted by e, is calculated in the two cases as follows:

- f,
2 Ar 2“’“/ if, N, >(a—2t)t-f,
a :
e(Nc,br) = N (521)
—obr if, N, <(a—2t)t-f,
4t f,
The equation for the first moment of area using the eccentricity defined above is:
2 (6\—2’[)3
[e(Ny) ] a=—— if N, >(a-2t)t-f,
S(Ne ) =9~ 4 | (5.22)
[&(N,,)] -2t if N, <(@a—20)t-f,

By substituting Eq. (5.22) into Eqg. (5.20) the axial force can be computed from the
shortening of the brace and with Eq. (5.19) the bending moment can be determined. In the
diagrams of Figure 5.11 the normalised axial force and the normalised bending moment are
depicted in a 0 — 1% shortening range for an SHS100x4 brace with length L=6708 mm. As
the shortening grows, the triangular out-of-plane buckling increases and the axial force in the
bar decreases as it can be expected. Though the material is rigid plastic, at 0 shortening the
normal force is not equal to the plastic resistance since the wo initial imperfection has been
considered. The decay of the axial force is fast and this gives a similarly rapid rise to the
bending moment. Therefore, apart from cases of very small displacements, the internal work

of the compression braces is primarily defined by the bendlng of the plastlc hinge.
0.6 1 ‘ :

0 0?2 0?4 0?6 0?8 1 0 02 04 06 08 1
AL [%] AL [%)]
a) decrease of axial force b) increase of bending moment
Figure 5.11; Change of the axial force and the bending moment of brace with the shortening

107



Chapter 5: Robust Seismic Brace Design method: Principles, Formulation and Application

Egs. (5.19) (5.21) and (5.22) define a nonlinear yield surface in a rather complex way.
In Eurocode 3 the interaction of the axial forces and bending moments is provided also, but
in the following simplified form. The moment resistance shall not be decreased by the effect
of the normal force if:

05-a-t-f
Neor <0.25N and N, <—— (5.23)
Ymo
where ymo=1.0. Otherwise the interaction is defined by the linear formula presented below:
_ N —2a.
Mo (Nep) =M — = with n= e ang a, = 221 (5.24)
1_05aw N pl,br A\)r

In Figure 5.12 the curves of the yield surface and the Eurocode interaction formula
are depicted for the sake of comparison. As it can be seen, in the range of smaller axial
forces, the interaction curve of Eurocode suggests that the bending moment resistance is
independent of the axial force. Unfortunately, due to the fast decay of the axial force
presented in Figure 5.11/a, this is the range in which the normal force of the compression
brace can be expected. Therefore, here the use of the nonlinear yield condition is favoured.

‘ ‘—‘Yiel‘d sur‘face‘
——EC interaction
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n

Figure 5.12; Nonlinear yield surface and EC3 interaction curve of SHS section

The appropriateness of the yield condition can be identified by first determining the
tangent of the curve by the derivative of the function in Eq. (5.19). Substituting Eq. (5.21)
and Eq. (5.22) into Eq. (5.19) and considering case 2 we get for the inclination of the tangent
of the nonlinear yield surface:

N, | N2
c,br _ c,br
Mbr (Nc,br): Qpl,br _|:4t f j| 2t fy _Qpl,br : fy _8t f (525)
y y
dM,, (N.,, N
b ( b ) — c,br :_e(NC br) (5.26)
dN_, a1, ’

In case 1, neglecting the constants at the beginning as they have no influence on the
derivative:
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Mbr(Nc,br)z M_[E(Nc,br)]za'i'% 'fy

2
a r Nc r f
:{E—A"z—a*’/y} a-f, (5.27)
_a3 fy N ’A\)r a- fy _ Nc,bra_ Anzr ) fy n 'AbrNc,br _ ch,br
4 2 2 4a 2a 4a- f,
dM r NC r N
or (Ney ):_Li_ i __g(N_,) (5.28)
dN,,, 2 2a 2a-f, |

As it can be seen, the inclination of the tangent in any point of the nonlinear yield
surface is equal to the negative eccentricity of the neutral axis. Let us also determine the
relation between the plastic deformations regarding Figure 5.10. One can see that the
connection between the axial deformation, en, and the rotation of the hinge, 6, is defined
again by the eccentricity. However, the eccentricity is not constant, and as the braces are
expected to perform in the low axial force high bending moment range corresponding to case
2, it should not even be approximated with a constant. Therefore, the connection can only be
expressed in the incremental form below:

dey deo 1
0 = - =
e(Nc,br) d‘C"N e(Nc,br)

Taking a look at Eqgs. (5.26) and (5.28) as well as Eq. (5.29) we can see that the
plastic deformations are orthogonal to the tangent of the yield surface in every point.
Therefore, the nonlinear yield surface satisfies the normality rule [74] which makes it
appropriate to use in plastic analysis.

The objective of this investigation of the brace plasticity is to compute the plastic
work of both the tensile and the compression diagonal and to relate this to an appropriately
chosen parameter, e.g. the axial shortening. The internal work of the tensile brace can be
computed by a very simple equation as the axial force is constant.

AW, (AL)=N . -AL=A - f -AL (5.30)

t,br

(5.29)

pl,br

Conversely, in the case of the compression bar the axial force, the bending moment
and the plastic deformation are all functions of the shortening, so the internal plastic work is
expressed in incremental form. In the equation the work of the axial force and the bending
are calculated separately.

dW,,, (AL) =N, -dey + My, (N, )-dé

(AL)=N,,, -€(N,,)-d(AL)+M,, (N, )-d& (5.31)

dw,

c,br

In Figure 5.13/a the internal work i.e. the plastic energy dissipation of the tensile and
the compressive brace is plotted against the axial percentile elongation of the bar. The work
is normalised with the maximum work of the tensile brace. For the compression brace, the
curve can be computed by the step-by-step evaluation of the incremental expression above.
As it can be seen, the dissipation of the compression brace, compared to the tensile, is rather
small, about 15%. However, the ratio of the compressive dissipation may not be this small on
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every floor of a CBF as the compressive dissipation depends also on the slenderness of the
brace and not only the cross-sectional area. A stockier brace is expected to dissipate more
energy. Figure 5.13/b depicts the dissipation of the compression brace as a function of the
reduced slenderness, which has been changed by modifying the cross.sectional sizes and
keeping the length constant. The interval of the considered slenderness is equal to the range
permitted for seismic resistant braced frames by Eurocode 8. As it can be seen, the effect on
the dissipation is moderate. By taking into account the compression braces, the effect of the
overstrength provided by the application of stockier braces instead of slender ones can be
analysed. However, in the present study this effect is estimated to be negligible. It has to be
noted also, that the work of the compressive brace presented here, is strong an upper bound
estimation as at the plastic hinge in reality the warping of the plates, and in cyclic loading,
the appearance of small cracks result in the decrease of the resistance of the section. The
decreased internal forces dissipate less energy than the perfectly plastic cross-sectional
model. Therefore, we expect the compression braces to dissipate even less energy compared
to the tensile brace than what we have estimated here.
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0.9 4| ——tensile brace
0.8 | ——compression brace [/~ 0.2 1
07 4 A I
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0 0.2 0.4 0.6 0.8 1 13 14 1..5 1..6 17 18 19 2
AL [%] non-dimensional slenderness
a) tension and compression b) effect of slenderness on the dissipation

Figure 5.13; Dissipation of tensile and compression braces

By neglecting the dissipation of the compression braces in the plastic analysis we
introduce a not particularly large, but roughly proportional decrease of the plastic internal
work of the braces on every storey in a CBF. This simplification is very favourable in terms
of computation as it reduces the evaluation of the work of the braces to Eqg. (5.30) only.
Therefore, in our future analysis only the tensile braces will be considered at the
determination of the internal work of the braces. However, we note that the possibility to
refine the calculations with regard to the compression bars has been hereby presented.
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5.2.3. Internal work of the columns

In the columns the plastic yield of the cross section is caused by the combined axial
compression and flexural effects, similarly to the already presented braces. The main
difference, compared to the previous case, is that in the columns the normal force is a
constant parameter, not a function of the deformation and this constant axial force can be
expected to be larger than 0.4 — 0.5 times the plastic axial resistance. This is usually true for
the majority of the columns of a building. The most common cross-sectional types for
columns in steel buildings are the various wide-flange H sections (HEB, HEM, HD); also in
the examples these sections are applied. In order to simplify the model of the H-section the
filleting of the corners is neglected. Supposing that the section is symmetrical to both
principal axes, for the definition of the geometry four parameters are needed: the height h,
the breadth b and the thickness of the web and the flanges, tw and t;, see Figure 5.14. Using
these parameters, the area and the plastic section moduli for both axes are computed with the
following expressions:

A =t,-h+2(b-t,)t, (5.32)
h 2
Quty.e =t (E_tfj +b-t, (h_tf) (5.33)
Q. =2bt E+(h—2t )ﬁ (5.34)
pl,zc — f 4 f 4 .
The plastic axial and flexural resistances are:
Nyc=A-T, (5.35)
M plyc — Qpl,y,c : fy (536)
M plz,c — Qpl,z,c : fy (537)

Let us determine the axial force - uniaxial bending yield surfaces are the same way as
before, by decreasing the plastic section modulus with the first moment of the Ay area i.e. the
area on which the normal force is distributed:

M, (No) =M =S, (N)- f, =[ Q0 =S, (N) ] f, (5.39)
Mz,c (Nc) =M pl.z,c _SZ(NC) ’ fy = I:Qpl,z,c _SZ(NC):I' fy (539)
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Figure 5.14; Normal stress distributions and deformation diagrams of column H-section
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First, the eccentricity of the neutral axis has to be computed. Depending on the
position of the column, it can be bent about the y or the z principal axis. Regarding the
magnitude of the normal force, two cases can be distinguished; the distribution area of the
normal force is either confined to the web of the section (Case 2) or extends into the flanges
also (Case 1). Due to the usually elevated axial effect of the columns, Case 1 can be
anticipated in most columns of a CBF.

h N, —(h-2t)t, - f

>l 1 Lif, N, > (h=2t, )t - f,
e,(N,)= \ _ (5.40)
T if N, <(h-2t,)t,-f,
Wy
N.—h-t - f
W TN e N shet - f
2 4, - f, ’
e,(N;) = \ (5.41)
c if, N, <h-t,-f
2h- f Y

y

The equations of the first moment of area using the eccentricity are:

o (0-t)(h-2t, )

S (N,)= [e,(N,) ] ; if, N, >(h-2t,)t,- f, 542
[e,(N)T t, if N, <(h-2t, )t,-f,
) (h-2t,)t)
S (N,)= [e,(NO] -2t +~——2 if N >h-t, - f, 5.43)
[e,(N)] -h if,N, <h-t,-f,

As in this case the axial force is predefined parameter, not dependent on the
deformation, the moment corresponding to the full plastic yield can be calculated with the
equations above. The plastic work can be expressed by the internal forces as the sum of the
work of the axial force on the en deformation and of the moment on the ¢ rotation. Regarding
that the connection of the axial deformation and the rotation given by Eq. (5.29) is valid here
also, the expressions can be rewritten:

AW, (Ap) =N, &y + M, (N.)-Ap=(N.-e (N,)+M, (N,))-Ap  (5.44)
AWZ,C (A(p) = Nc eyt Mz,c(Nc)'sz(Nc 'ez(Nc)+ Mzc(Nc))A¢ (545)

In order to investigate the effect of the axial force on the plastic dissipation of a
column section, in Figure 5.15 the normalized axial force against the internal work of the H
section divided by the work of the section in pure bending is presented. The work in pure
bending is:

AW, 0 (A0)=Qy 0 f, - A (5.46)
AV\/Pl,z,c (A¢) = Qpl,z,c : fy ' Aq) (547)

It is noted, that the two diagrams are independent of the rotation itself, because
dividing Eq. (5.44) or (5.45) by Eq. (5.46) or (5.47) we can simplify with the rotation.
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Figure 5.15; Dissipation of column cross section as a function of the axial force

Both curves of Figure 5.15 can be divided into two parts. When the section is bent
about the y axis the internal work grows rapidly while the area of the normal force
distribution is in the web as both the eccentricity and the axial force is growing. Beyond the
point where the eccentricity reaches the flange plates, only the axial force keeps changing
significantly, so the increase of the work becomes more moderate. Conversely, in the case of
bending about the z axis, the rotational work is not modified significantly by the normal
force as long as the Ay area is located within the web. However, after the area reaches the
flanges also, the eccentricity grows rapidly and this leads to the rise of the internal work.
Though the increase is significant in the later case, it has to be noted, that the values roughly
over 0.7 normalized axial force are practically not attainable as the normal force usually does
not exceed this rate in actual examples.

The model that has been presented so far for the determination of the column plastic
work on one hand overestimates the actual work, as in reality the local buckling of the walls
precedes the development of the full plastic deformation. On the other hand, its dependence
on the axial force may cause difficulties further on. The axial force of the columns is
primarily defined by the gravity loads, but the lateral seismic loading also causes significant
tension or compression in the columns of the braced bay, see Figure 5.16. Consequently, the
axial force is unknown as the A load multiplier is also unknown, and A cannot even be
expressed from the equations given for the work of the column above. Therefore, the
dependence of the internal work on the load multiplier could prevent the definition of easy-
to-use formulas as it will be demonstrated later.
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Figure 5.16; Forces acting on a braced bay
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As the objective of the RSBD method is to give easy but effective conditions for the
redesign of CBF-s, it is necessary to resolve this dependence. One possible solution is to
consider a shear building model, where only the lateral equilibrium equations are satisfied
[75]. In the following we come back again to the Eurocode 3 axial force — moment
interaction curves to give another solution.

In Eurocode 3 the interaction of the axial force and the bending moment for both axes
of an H-section is defined similarly to SHS sections. For bending about the first principal
axis, y, the bending resistance is not decreased by the axial force if:

0.5-}’1\,\,-'[\,\,-fy
Ymo

where hy is the height of the web of the section (h-2xts). For bending about the z axis the
resistance is not decreased if:

N, <0.25N, . and N < (5.48)

i N —2b-t
n<a with n=— and azbs

pl,c
If the criteria of Egs. (5.44) or (5.45) are not met, the moment resistance is to be
decreased with a linear expression in case of the y axis and a quadratic in case of the z.

05 (5.49)

1-n
M, .(N.)= Mp.,y,c'm (5.50)
2
Mzc(Nc):Mplzc'|:1_(n_aj } (551)
’ - 1-a

In Figure 5.17 the yield surfaces and the interaction curves are presented for both
axes. The difference of the two approaches for the y axis is less than it was for the SHS
section of the brace. Considering, that the normalized axial force in the columns is usually
larger than 0.4, both methods give practically the same result. The two curves corresponding
to the bending about the z axis are even better matches.

1 = s
0.9 A
0.8
0.7 A

=06 -

S 05

= o3 4= My-Nyieldsurface |\ .M.
1= - = Mz-Nyield surface | | "N\ L
—— My-N EC interaction| | | N\ |
1= = MzNECinteraction| | |\

0 01 02 03 04 05 06 07 08 09 1
n
Figure 5.17; Nonlinear yield surfaces and EC3 interaction curves of H-section
Considering the bilinear interaction curve and denoting the end of the constant
moment part by Niim, given by Eq. (5.48), on the normal force axis, the bending is:
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M ply.c Nc = Nlim
M. (N)=< N, ,.—N .
y,C( C) PLe : M ply,c Nc > NIim (5 52)
Npl,c - NIim

As it has been presented before in Egs. (5.26) and (5.28), the eccentricity of the
neutral axis can be determined by derivation of the expression above. With the eccentricity,
the axial deformation can be calculated, see Eq. (5.29).

0 Nc < NIim
& (No)=1 Muse oy (5:53)
N plc NIim
Expressing the work of the columns the same way as before in Eq. (5.44) we get:
AW/(A¢)=(MthIy+N-e(N ))Ag =
Moty : " (5.54)
B N“° Ap N_>N
l,y,c l,y,c lim
vac "m p Y pl.y,
pl yc ' c = Nnm
= N 5.55
AW,..(49) -———"“—C——MI Ap N> N, (5:59)
N —N. pl,y,c c im
pl,c lim

As it can be seen, the bilinear interaction curve simplifies the strong dependence of
the plastic work on the axial force into two intervals. The choice of the suitable expression
from Eq. (5.55) still depends on the axial force, but this can only lead to a two-step iteration
i.e. supposing one scenario, verifying the assumption and perhaps modify the choice. The use
of the Eurocode 3 interaction curve for the y axis is therefore favourable as it is bilinear. In
order to be able to do the same simplification for the columns bent about the z axis, that
interaction curve has to be bilinearised also. In order to do so, an appropriately chosen niim
needs to be determined, which is the limit axial force as before in normalised format. Let us
compute the difference of the nonlinear interaction curve and its bilinear approximation as
the integral of the square of the differences:

o n-a) ] Ny.—n 2

Defining niim to make the above difference minimal gives an optimal definition of the
bilinear interaction curve. For most H-section columns used in the CBF-s of the present
research the limit has been found to be between 0.45 and 0.5. The bilinearisation of the M, —
N interaction curve leads to having the same expression for the work of the column when
bent about the z axis as the one given for y axis in Eq. (5.55). Nevertheless, the calculation
of the work of the columns is still not definite due to a particular characteristic of CBF-s.

The internal work of the columns is considered only in storey mechanisms and
obviously only on the floor of the mechanism itself. In a building all the columns, a total
number of m, may participate in the lateral resistance depending on the stiffness of the
column splices. The peak values of the bending moment diagram, see Figure 5.18,
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Nc,i+1,JF floor i
Nc,i,j\h
Nejj floor i-1
\
|

-+
Figure 5.18; Internal forces and plastic hinges of columns in storey mechanism
are located at the floor slabs. As the beams are usually connected to the columns, in a
conventional CBF, by hinges, the moment peaks may form a plastic hinge right above or
under the floor slabs, where the cross-sections may be different. Furthermore, for the
determination of the plastic moment resistance the significant axial forces in the columns
have to be considered also. As these increase at every floor slab, the resistance of the column
below a certain slab is not necessarily larger than the one above. Consequently, attention is to
be paid to appropriately select the smallest resistance at both floor slabs of the analysed
storey. For each column a pointer vector can be defined that identifies which column cross-
sections work has to be considered in the computation. The pointer vector, J, can have zero
or one values. The vector for the j" column on the i floor, assuming bending about the y
axis is:
if M <M then 1, otherwise 0

if M,..,.>M__,,. then 1, otherwise 0
J. =] y,¢,1-1,] y.CilL, ) ) (557)
MTif M >M then 1, otherwise 0

if M <M then 1, otherwise 0

y.Ci-1,j y.Cil,j

Y.Ci+l, y.C.il,j
y.Ci+l, ] y.Cil,j

It is important, that in the case of hinged column splices, the corresponding member
or members are considered to be zero in the vector above. By the pointer vector, the total
internal work of a column is computed as follows:

AW(:ol,i,j (Agﬁ) = I:A\Ny,c,i—l,j (A(/’) AWy,c,i,j (A(/’) AWy,c,i,j (A(p) AWy,c,i+1,j (A¢):| . ‘Ji,j (558)

This equation can be rewritten by factoring the ¢ rotation:

AWy i (A@) =[MJT L MET M2 MUTL s [Ag- g, (5.59)
where M is a moment resistance substituting the one given by Eq. (5.52):
M pl,y.c Nc < Nlim
M3 = N 5.60
re ——pe M pl,y,c Nc > NIim ( )
N plc NIim

The previous three equations are valid for columns bent about the z axis also with the
appropriate changes in the lower indices. For every column the product of the substituting
moments and the pointer vector can be interpreted as a total moment that has to be used for
the determination of the plastic work:
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sub sub sub sub
I:M y,ci-1,j M y.Cii,j M y.Ci,j M y,Ci+l, j :'
I\/Icol,i,j = or 'Ji,j (561)
sub sub sub sub
I:Mz,c,i—l,j I\/Iz,c,i,j Ivlz,c,i,j Mz,c,i+1,j:|

By substituting Egs. (5.61) and (5.7) into Eq. (5.59) and by summing up all the
columns, the internal work of the columns in the storey mechanism is expressed as a function
of the lateral drift as follows:

I AB

AVVcol,i (AB) = ZMcol,i,j T
-1

5.2.4. External work of the lateral loading

In the RSBD method the seismic loading is defined as horizontal concentrated forces
applied at the height of the floor slabs. The forces are defined by an unknown parameter,
denoted by A, and to account for the variability of the masses, it is multiplied by a reduced
mass vector, my. This vector is defined as the sum of the masses on a storey divided by the
smallest of all the storey masses. If the mass is constant along the height, the vector is an
identity vector; otherwise it shows the ratio of the overweight of the particular floors.

2m;
J

mp, = (5.63)
min(z mi’jj

The loading is distributed from the top down to the floor under investigation. In an n
storey-tall building n different load patterns can be defined. The i index appended to the load
parameter refers to a distribution ranging from the i storey up. According to the basic idea
of the RSBD method, the works are computed for global and local plastic mechanisms, so for
the n load arrangements n load multiplier pairs, Agion,i and Aioc,i, have to be calculated.

Figure 5.19 depicts the relevant external loads of a CBF. Both the global and the
storey mechanism are predefined; their shape is described by the 4B; lateral displacement,
which is equal on every storey if the storey heights are equal in the whole building. In the
local mechanism the lateral forces are equally displaced, their work is:

A\N,l,loc,i (AB) = ABI : ﬂ’loc,i . Zmpk (564)
k=i
In the global mechanism the lateral displacement increases with the height of the
building. Therefore, for every concentrated loading involved in the mechanism, the lateral
displacement has to be calculated individually. The external work can be computed as
follows:
AW

2,glob,i (AB) = ﬂ“glob,i 'Z(mpk ’ iABJ (5-65)

k=i
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Figure 5.19; External work of lateral loading and gravity forces

5.2.5. External work of the gravity forces

On the n floors the m columns create »xm beam-column intersections and the gravity
forces are concentrated into these intersections. The gravity forces perform their work on
vertical displacements of which two kinds can be distinguished. Firstly, in both mechanisms
due to the nonlinear approximation of the geometry, see Egs. (5.6) and Eq. (5.8), the vertical,
rigid-body displacements of the slabs can be calculated. This displacement accounts for the
second-order work of the gravity forces. Moreover, in a storey mechanism the axial
shortening that is realized in the plastic hinges of the columns also results in vertical
displacement of the gravity forces. In Figure 5.20 the vertical displacement due to the
column displacement and deformation is depicted. The figure corresponds to a column that is
continuous at both ends. If one or both splices are hinged, then there is no plastic shortening
on these ends. By the use of the pointer vector already presented before, the total shortening
of a column, assuming the bilinearization of the M-N curve, is:

AgN,i,jz[ey,i—l,j €ii S ey,i+1,j]'Ji,j'A§0=eco|'A§0 (5.66)

The product of the eccentricities and the pointer vector can be denoted by a total
eccentricity, similarly as it has been done with the moments in Eq. (5.61). Thus the work of a
concentrated P force applied on the top of a column is:

2
CO,-A(p-COSAgp):P[H A;” +ecol-A(p-( Ag’ ﬂ:

A(p3
-Ap—e
col ¢ col 2 }

AW, (Ap) = P(AH +e

(5.67)

2
:P[HAiw
2

In the expression above the third member in the brackets is very small compared to
the first two, therefore it can be neglected. Considering all the concentrated gravity forces
and columns and substituting A by Eq. (5.7), the work of the columns in a storey

mechanism is:
n, m AB? AB.
AWG I00| AB Z{ k.l [_ col 1’ ?Ij:| (568)
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Figure 5.20; Displacements and deformations of a column in a storey mechanism

In the global plastic mechanism every gravity force has to be taken into consideration.
The vertical displacements, coming only from the second order shortening this time, are the
same on the one floor, but with the height they increase. The work of the gravity forces are
computed with the formula below:

(2B)=Y"| 3G .@ikj (5.69)

5.2.6. Energy equivalence, determination of load multipliers

In order to express the load multipliers needed to evaluate the two criteria of the
RSBD method we consider the equivalence of the external and the internal works in both the
local and global mechanisms. In case of the global mechanism the equation is as follows:

AWl,glob,i + AWG,gIob = ZAWt,br,i (5-70)

Substituting Egs. (5.30), (5.65) and (5.69) into Eq. (5.70) we get:

i 2
n Kk n m [ZABKJ
Ao, -Z(mpk -2 AB ]Jr 2 G~ |= 2Ny - AB cose (5.71)
k=i 1=1 k=1| I=1 ZZ Hk i
k=1

In case of the local mechanism the energy equivalence is as the following:
AW, + AW 1oci = AW, i + AW,

col,i

Substituting Egs. (5.30), (5.62), (5.64) and (5.68) into Eqg. (5.72) we get:

(5.72)

Joc,i
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4 L. AB? AB,
ABi 'Aloc,i 'zmpk + Gk,l [ I *+ €, IJ =
k=i k=i I=1 2H| H (5 73)
-AB;-cosa; + Y M AB,

col,i,j
j=1 Hi

= Npl,br,i

The equation above can be further simplified by collating the work of the columns
and the gravity forces. Let us emphasize these parts of the equation. Furthermore, let us
consider only one column, where the gravity forces to be considered are simply denoted by
G, the eccentricity is e, and the moment is My, ¢*°:

2
+G[§EII +ey-A?BiJ:...+Mjf’f-A?B‘ (5.74)
Substituting Eq. (5.53) and (5.60) into Eq. (5.74) we get:
AB2 M pl.y.c Nc = Nlim AB
+G-—=...+ N R
2Hi WM pl,y,c Nc > NIim Hi
pl,e — "Nlim
(5.75)
0 N, <Ny, AB
-G |\/|p|‘y‘C R §
c > NIim Hi
Npl c NIim
By re-arranging the equation we get:
AB? M pl.y.c Nc < Nlim AB
+G-—-=...+¢ N, .-G —L (5.76)
2Hi WM pl,y.c Nc > I\Ilim Hi
pl.e — 'Vlim

On the right side of the expression above we can see a modified version of the
substituting moment defined by Eq. (5.60). Here the moment is reduced by the effect of the
gravity forces. Let us denote the total reduced column moment as defined by Eq. (5.61), after
the operation with the pointer vector, as Mred,ij referring to the total reduced moment of a
column. With this new column representation Eg. (5.73) is:

d d d d
I:M ;?c,i—l,j M ;?c,i,i M ;?c,i,j M ;?c,i+1yj :I
M= or 34 (5.77)
(M MSy MIS, ML ]
4 AL AB? n AB
AB; - A - > Mp, + G- = =N "AB -COse + D M- —  (5.78)
- oo 2H, o =1 H,

From Eg. (5.71) and Eg. (5.78) both the global and the local multipliers can be
expressed explicitly. However, it has to be noted, that for the determination of the local
multiplier a two-step iteration may be needed as the reduced moment depends on the axial
force, which is affected by the lateral loading for certain columns.
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i ' k=1| 1= . zsz

ﬂ’glob,i = n K (579)
(mpk -ZAB,J
k=i 1=1
m AB n m ABZ
N i ri - AB; -COS & +ZMred’i’j -?'— _ZGKI ﬁ
/110” — j=1 i k=i I=1 i (580)

AB, Zn: mp,

k=i
The formula for the calculation of Awr, Which is necessary for the determination of the
BPR is Eqg. (5.80) neglecting the participation of the columns:

N i pri - AB; -COS ¢, ZZGH —
Aor i = — al (5.81)

AB, 'Zmpk

k=i

So far the formulas have been derived with respect to second order effects i.e.
supposing that the lateral displacement is not infinitesimal. In classical limit state analysis the
work is calculated by introducing an infinitesimally small variation of the geometrically
admissible displacement field to the initial perfect geometry. In the present study this
variation is defined by the lateral drift, 4B. When 4B is infinitesimally small, i.e. closely
zero, it eliminates the second order works of the gravity forces, resulting in the following,
simplified expressions for the load multipliers:

- Z N o br,i - COS &
ﬂ“gllr:bl = In kK (582)
s
k=i 1=1
m 1
N "COS Q% + D My i a
ﬁlgziA _ _ i=L i (5.83)
Z mp,
k=i
imA _ Npl,bnrJ CoS g (5.84)

z mp,
pa

In the seismic response of building structures the drifts are moderate though, but
hardly infinitesimally small. Consequently, the large gravity forces may substantially affect
the results that we could obtain with the presented first order limit state analysis. In order to
examine and validate this effect, various separated storeys of CBF61 and 81 were analysed
by means of pushover analysis and also, to a series of predefined lateral displacements, the
storey shear has been computed by Eq. (5.80). A schematic model for the pushover analysis
is presented in Figure 5.21/a. As it can be seen the storeys above and below a specific storey
were replaced by equivalent springs and besides the constant gravity forces the parametric
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lateral loading has been applied. In Figure 5.21/b only two characteristic pushover curves (of
CBF61, 6™ and 4" floor) and the corresponding results of Eq. (5.80) are depicted as the
results of the various other floors strongly overlap.

) ﬁ%ﬁﬁq é%%fq o 400
£ 300 4
S
©
o
< 200 A
E ~ooe
R /A N Pushover 6| !
Pushover 4/ :
0 + t T T 1
O 0.00% 0.50% 1.00% 1.50% 2.00%
s e IDR [%]
a) schematic model for Pushover analysis b) Pushover and 2™ order RSBD curves

Figure 5.21; Storey pushover and 2" order RSBD results

As it can be seen in the diagram above, the local load multiplier results of the RSBD
analysis may give a good upper estimate of the pushover curves beyond a certain interstorey
drift. The depicted interstorey drift ratio range is realizable in a seismic situation and in this
range the decrease of the load multiplier may be more than 10% of the results that can be
obtained by limit analysis (0.00%). Furthermore, in later paragraphs of this chapter it will be
demonstrated, that by limit analysis unnecessarily conservative designs can be obtained.
Consequently, for the above reasons it is recommended that the RSBD method is applied
with second order computations, considering Eqs. (5.79) (5.80) and (5.81) and a predefined
lateral drift. The redesigns that are to be introduced in the following were obtained
considering 2% lateral drift, which is the acceptance limit, unless specified otherwise.
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5.3.  Application of the Robust Seismic Brace Design method

Both the reason of the development and the underlying ideas of the RSBD method
were the observed results coming from a series of CBF analyses, which were presented in
Chapter 3. In order to verify the viability of the redesign method in the following we will
attempt to enhance the response of all the introduced CBF-s by making modification so that
the buildings comply with the RSBD criteria. On one hand the original designs will be
evaluated with the RSBD method to see whether the method is capable to identify the
problematic storeys. This will be followed by the redesign of the CBF-s and the same IDA
process that can demonstrate the sufficiency of the RSBD method. Besides the CBF — CBF
(type 1) and MRF — CBF (type 2) buildings and the irregular examples (q=5 and irregular
mass), redesigns where only the braces or the columns are modified and redesigns where the
limit analysis RSBD method is applied will also be presented.

5.3.1. Performance of the reinforced type 1 and type 2 CBF-s

Below for each CBF structure two tables and two IDA diagrams are presented. The
tables show the important cross sections, the storey overstrength and the RSBD method load
multiplier and BPR results. In the first table, which corresponds to the original EC8 design,
the inadequacies of the load multipliers (first criterion) and the maximum and minimum BPR
(second criterion) are in bold letters. In the second table, the modified cross sections and also
the maximum and minimum BPR are bold. Below each table the ratio of the largest and
smallest storey overstrength, required to be below 1.25 by Eurocode 8 is also indicated.

Taking a look at the numerous examples below, one can see that the RSBD method
fairly accurately indicates the location of the weak storey(s) in the EC8 designs. Furthermore,
the more amplified the weak storey phenomenon is, the more the RSBD criteria are violated.
One may also notice that in the type 2 (MRF — CBF) buildings the weak storey behaviour is
mitigated and therefore they require less reinforcement of the columns, but mostly the same
of the braces, compared to the type 1 (CBF — CBF) structures. As the reinforcement of the
braces of any floor increases the global load multiplier, during the redesign process the need
of reinforcing floors below the ones that were found to be weak in the first (a) tables arises.
This shows that with the RSBD method cases where the reinforcement causes the weak
storey occurrence to shift to another storey, as it was demonstrated in Chapter 3, 3.3.2, can be
successfully prevented. The reinforced CBF-s usually do not meet the requirement of the
uniformity condition. Nevertheless, the response of each and every building provides lot
slimmer families of curves than of the original designs, which shows that a favourable, well
distributed dissipative behaviour is realized with the redesign. These RSBD designs are also
adequate, early failure is not observed; in fact the buildings tend to be a lot better performing
than necessary, reaching failure at elevated scale factors. The failure typically occurs on the
first and second floors in the form of rapid increase of the storey drifts that refers to collapse by
instability. This however is not weak storey collapse as it is not preceded by weak storey
behaviour. After all, a bent cantilever beam is also expected to break only in one cross section
close to the restrain.

In the cases of CBF82,101 and 102 one can observe that the top floor is presumably
over reinforced by the RSBD method as the curve of this storey deviates from the rest towards
the lower drift regions. Nevertheless, the discrepancy under consideration only occurs at high
scale factors in the diagrams and it has a moderate effect on the response.
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Table 5.1a; CBF41-EC8

. A
storey int.col. ext.col. brace Q Moc Aglob + BPR
glob
4 HEA 160 HEA 140 100x4 1.05 342.5 471.6 0.73 0.70
3 HEB 180 HEA 200 100x6.3 0.99 291.8 269.5 1.08 0.91
2 HEB 220 HEB 200 100%8 0.97 255.5 209.6 1.22 0.95
1 HEB 260 HEB 240 100x10 0.99 193.1 188.7 1.02 0.95
Qmax/Qmin=1.08
Table 5.1b; CBF41-RSBD
. A
storey int.col. ext.col. brace Q Moc Aglob + BPR
glob
4 HEA 160 HEA 200 100%5 1.30 510.2 490.4 1.04 0.84
3 HEB 180 HEA 220 100x6.3 0.99 369.9 280.2 1.32 0.88
2 HEB 220 HEB 240 100%8 0.97 307.8 217.9 1.41 0.91
1 HEB 260 HEB 260 100x10 0.99 211.5 196.1 1.08 0.91

Qmax/Qmin=1.34
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Figure 5.22; IDA diagrams of 4-storey CBFs (averages of 7 records)

Table 5.2a; CBF42-EC8

storey int.col. ext.col. brace Q Aloc Aglob j'# BPR
glob
4 HEA 180 HEA 200 100x4 1.09 427.9 467.2 0.92 0.63
3 HEB 180 HEB 200 100x6 0.97 355.0 267.0 1.33 0.77
2 HEB 220 HEB 220 1008 1.00 321.6 207.6 1.55 0.84
1 HEB 260 HEB 280 100x10 1.04 226.1 186.9 1.21 0.84
Qmax/Qminzl.lz
Table 5.2b; CBF42-RSBD
. A
storey int.col. ext.col. brace Q Aloc glob + BPR
glob
4 HEA 180 HEA 200 100%5 1.33 516.6 483.7 1.07 0.75
3 HEB 180 HEB 200 100x6 0.98 375.6 276.4 1.36 0.75
2 HEB 220 HEB 240 100x8 1.00 336.4 215.0 1.56 0.82
1 HEB 260 HEB 280 100x10 1.05 232.7 193.5 1.20 0.81

Qmax/Qmin=1.36

124



45 1

—_
X 4.0

d

03.5"

T30

4

©
220

e
S15

B0
[¢6]

—

£05 1

0.0 4 T T T 1 T T T
000 025 050 075 1.00 125 150 175 200

=25 1
=

CBF42-EC8

,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,

,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,

Scale factor of PGA
Figure 5.23; IDA diagrams of 4-storey CBFs (averages of 7 records)
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Table 5.3a; CBF61-ECS8

Scale factor of PGA

000 025 050 075 100 125 150 175 2.00

storey int.col. ext.col. brace Q Aloc Aglob j'# BPR
glob
6 HEA 160 HEA 160 90x%5 1.00 364.4 513.6 0.71 0.70
5 HEB 180 HEA 180 100x6 0.98 265.0 280.1 0.95 0.81
4 HEB 220 HEB 200 100x8 1.04 2457 205.4 1.20 0.91
3 HEB 240 HEB 220 100x10 1.04 230.7 171.2 1.35 0.96
2 HEB 280 HEB 240 100x10 1.01 197.7 154.1 1.28 0.90
1 HEB 300 HEB 280 120%10 1.00 148.8 146.7 1.01 0.90
Qmax/Qmin=1.06
Table 5.3b; CBF61-RSBD
. A
storey int.col. ext.col. brace Q Jloc glob + BPR
glob
6 HEA 160 HEA 200 100x6 1.32 545.3 537.8 1.01 0.89
5 HEB 180 HEA 200 100%6.3 1.00 335.0 293.4 1.14 0.84
4 HEB 220 HEB 200 1008 1.00 257.6 215.1 1.20 0.87
3 HEB 240 HEB 220 100x10 1.02 230.7 179.3 1.29 0.91
2 HEB 280 HEB 240 100x10 0.96 197.7 161.4 1.23 0.86
1 HEB 300 HEB 280 120%10 0.97 148.8 153.7 0.97 0.86
Qmax/Qmin=1.38
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Table 5.4a; CBF62-EC8

. A
storey int.col. ext.col. brace Q Moc Aglob + BPR
glob
6 HEA 180 HEA 180 90x5 1.00 436.9 513.9 0.85 0.62
5 HEB 180 HEB 180 100x6 0.98 343.1 280.3 1.22 0.72
4 HEB 240 HEB 200 100%8 1.01 316.2 205.5 1.54 0.80
3 HEB 260 HEB 240 100x10 1.04 300.6 171.3 1.75 0.84
2 HEB 280 HEB 260 100x10 0.99 272.6 154.2 1.77 0.78
1 HEB 320 HEB 320 120x10 1.00 186.0 146.8 1.27 0.78
QmaX/Qmin=1.06
Table 5.4b; CBF62-RSBD
. A
storey int.col. ext.col. brace Q Moc Aglob + BPR
glob
6 HEA 180 HEB 180 100x5 1.15 524.5 528.1 0.99 0.70
5 HEB 180 HEB 180 100%6.3 1.00 385.2 288.1 1.34 0.76
4 HEB 240 HEB 200 100%8 1.00 320.6 211.3 1.52 0.78
3 HEB 260 HEB 240 100x10 1.03 300.6 176.0 1.71 0.81
2 HEB 280 HEB 260 100x10 0.97 272.6 158.4 1.72 0.76
1 HEB 320 HEB 320 120x10 0.98 186.0 150.9 1.23 0.76
Qmax/Qminzl.lg

45 : : i A : 1

40 |CBF62-EC8| . |/ | ] | | CBF62-RSBD

33.5 | i i i i i i i | i

T 3.0 1

£ 25

}3;2.0

S 15 1

£ 1.0 4

8

£05 :
0.0 i 0.0

000 025 050 075 100 125 150 175 2.00 000 025 050 075 100 125 150 175 2.00
Scale factor of PGA Scale factor of PGA

Figure 5.25; IDA diagrams of 6-storey CBFs (averages of 7 records)

Table 5.5a; CBF81-EC8

storey int.col. ext.col. brace Q Aloc glob % BPR
8 HEA 160 HEA 160 90x5 0.99 402.0 609.5 0.66 0.53
7 HEB 180 HEA 180 100x6.3 1.05 296.3 325.1 0.91 0.67
6 HEB 220 HEB 200 1008 1.01 245.0 232.2 1.05 0.71
5 HEB 240 HEB 220 100x10 1.10 229.0 187.5 1.22 0.77
4 HEB 280 HEB 240 120x10 1.01 217.5 162.5 1.34 0.88
3 HEB 300 HEB 280 120x10 0.98 192.3 147.8 1.30 0.78
2 HEM 240 HEB 320 140x10 0.98 210.8 139.3 1.51 0.85
1 HEM 240 HEM 240 140x10 1.00 147.2 135.5 1.09 0.74

Qmax/Qminzl.()?
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Table 5.5b; CBF81-RSBD

storey int.col. ext.col. brace Q Aloc Aglob % BPR
8 HEA 160 HEA 240  100x6.3 1.40 689.3 662.2 1.04 0.70
7 HEB 180 HEA 240 100x8 121 471.3 353.2 1.33 0.78
6 HEB 220 HEB 200 100x10 1.22 309.2 252.3 1.23 0.80
5 HEB 240 HEB 220 100x10 111 242.6 203.8 1.19 0.77
4 HEB 280 HEB 240 120x10 1.17 217.5 176.6 1.23 0.80
3 HEB 300 HEB 280 120x10 1.07 192.3 160.5 1.20 0.72
2 HEM 240 HEB 320 140x10 1.08 210.8 151.4 1.39 0.79
1 HEM 240 HEM 240 140x10 0.98 147.4 147.2 1.00 0.69

Qmax/Qminz 143
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Figure 5.26; IDA diagrams of 8-storey CBFs (averages of 7 records)

Table 5.6a; CBF82-EC8

. A
storey int.col. ext.col. brace Q Jloc glob + BPR
glob
8 HEA 180 HEA 200 90x%5 1.02 458.5 644.2 0.71 0.52
7 HEB 180 HEB 180 100%6.3 0.99 370.3 343.6 1.08 0.66
6 HEB 220 HEB 200 1008 0.99 310.5 245.4 1.27 0.70
5 HEB 260 HEB 240 100x10 1.03 306.0 198.2 1.54 0.77
4 HEB 280 HEB 260 120%10 1.13 308.6 171.8 1.80 0.88
3 HEB 300 HEB 300 120%x10 1.03 282.0 156.2 1.81 0.79
2 HD320x158 HD320x158  140x10 1.08 306.0 147.2 2.08 0.86
1 HD360x179 HD320x158  140x10 1.01 198.7 143.2 1.39 0.76
Qmax/Qmin=1.14
Table 5.6b; CBF82-RSBD
storey int.col. ext.col. brace Q Jloc Jglob j'# BPR
glob
8 HEB 180 HEB 180 110%6.3 1.55 691.6 714.9 0.97 0.72
7 HEB 180 HEB 180 100x8 121 443.0 386.6 1.15 0.74
6 HEB 220 HEB 200 100x10 1.24 365.9 276.1 1.33 0.82
5 HEB 260 HEB 240 100x10 1.12 319.6 223.0 1.43 0.74
4 HEB 280 HEB 260 120%10 1.18 316.6 193.3 1.64 0.82
3 HEB 300 HEB 300 120%10 1.07 288.7 175.7 1.64 0.74
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. A
storey int.col. ext.col. brace Q Moc Aglob + BPR
glob
2 HD 320x158 HD 320x158 140x10 1.10 306.0 165.7 1.85 0.76
1 HD 360x179 HD 320x158 140x10 1.00 203.7 161.1 1.26 0.71
Qmax/Qmin=1.55
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Figure 5.27; IDA diagrams of 8-storey CBFs (averages of 7 records)

Table 5.7a; CBF101-EC8

storey int.col. ext.col. brace Q Joc Zglob % BPR
10 HEA 160 HEA 160 100x5 0.98 425.2 793.0 0.54 0.45
9 HEB 180 HEA 180 1008 1.00 332.7 417.4 0.80 0.62
8 HEB 220 HEB 200 100x10 1.00 281.2 293.7 0.96 0.68
7 HEB 240 HEB 220 120%10 111 279.1 233.2 1.20 0.84
6 HEB 280 HEB 260 120%10 1.02 2355 198.2 1.19 0.76
5 HEB 300 HEB 280 140x10 1.07 233.1 176.2 1.32 0.85
4 HEM 240 HEB 320 140x10 1.01 209.5 161.8 1.29 0.77
3 HEM 240 HEM 240 140%12.5 1.09 224.4 152.5 1.47 0.88
2 HEM 260 HEM 260  140x12.5 1.03 203.3 146.9 1.38 0.79
1 HEM 280  HD320x198 150%12.5 0.98 142.3 144.2 0.99 0.70
Qmax/Qmin=1.13
Table 5.7b; CBF101-RSBD
storey int.col. ext.col. brace Q Aloc Aglob % BPR
10 HEA 160 HEA 220 100x10 1.73 822.7 832.4 0.99 0.79
9 HEB 180 HEA 220 100x10 1.27 503.7 438.1 1.15 0.78
8 HEB 220 HEB 200 110x10 1.19 353.1 308.3 1.15 0.80
7 HEB 240 HEB 220 120%10 1.06 269.1 244.8 1.10 0.76
6 HEB 280 HEB 260 120%10 1.02 235.5 208.1 1.13 0.73
5 HEB 300 HEB 280 140x10 1.03 226.4 185.0 1.22 0.77
4 HEM 240 HEB 320 140x10 0.99 203.8 169.9 1.20 0.70
3 HEM 240 HEM 240 150x10 0.98 204.0 160.1 1.27 0.71
2 HEM 260 HEM 260 140x12.5 1.03 205.9 154.1 1.34 0.75
1 HEM 280  HD320x198 150%x12.5 1.00 149.6 151.3 0.99 0.72

Qmax/Qmin=1.76
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Figure 5.28; IDA diagrams of 10-storey CBFs (averages of 7 records)

Table 5.8a; CBF102-EC8

storey int.col. ext.col. brace Q Aloc Aglob % BPR
10 HEA 180 HEB 180 100x5 1.02 488.4 760.8 0.64 0.47
9 HEB 180 HEB 180 100x8 1.02 406.5 400.4 1.02 0.65
8 HEB 220 HEB 220 100x10 1.02 347.3 281.8 1.23 0.71
7 HEB 260 HEB 240 120x10 1.10 345.2 223.8 1.54 0.83
6 HEB 280 HEB 280 120%10 1.01 306.0 190.2 1.61 0.75
5 HEB 300 HEB 320 140x10 1.07 309.8 169.1 1.83 0.85
4 HD320x158 HD320x158  140x10 1.00 301.1 155.3 1.94 0.76
3 HD320x158 HD360x179  150x10 0.99 309.4 146.3 2.11 0.78
2 HD360x179 HD360x196 140x12.5 1.06 324.7 140.9 2.30 0.82
1 HD360x196 HD400x237 140x12.5 1.00 205.4 138.3 1.48 0.73
Qmax/ Qmin=1.10
Table 5.8b; CBF102-RSBD
storey int.col. ext.col. brace Q Jloc glob % BPR
10 HEB 180 HEB 180 100x10 1.90 815.6 821.2 0.99 0.80
9 HEB 180 HEB 180 100x10 1.32 503.9 432.2 1.17 0.79
8 HEB 220 HEB 220 110x10 1.20 393.5 304.1 1.29 0.80
7 HEB 260 HEB 240 120%10 1.09 345.2 241.5 1.43 0.77
6 HEB 280 HEB 280 120%x10 1.00 306.0 205.3 1.49 0.70
5 HEB 300 HEB 320 140x10 1.06 309.8 182.5 1.70 0.78
4 HD 320x158 HD 320x158 140x10 0.99 301.1 167.6 1.80 0.71
3 HD 320x158 HD 360x179 150x10 1.00 309.4 157.9 1.96 0.72
2 HD 360x179 HD 360x196 140x12.5 1.04 324.7 152.1 2.14 0.76
1 HD 360x196 HD 400x237 140x12.5 0.98 205.4 149.3 1.38 0.69

Qmax/Qmin=1.94
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Figure 5.29; IDA diagrams of 10-storey CBFs (averages of 7 records)

5.3.2. Performance of CBF-s with only brace or column reinforcement

CBF81-EC8 is an example where the weak storey behaviour is remarkably present on
multiple floors, but with the RSBD redesign a quasi ideal response is attained. The family of
the curves of the RSBD building is slim and failure drift level is reached beyond 1.5 scale
factor, see Figure 5.26. This example is appropriate to examine the contribution of the two
criteria of the redesign method and to compare solutions where only the braces or the
columns are modified.

In the building where only the braces are modified, the first requirement of the RSBD
method, Eq. (5.1) is met, but the BPR of the two storeys on the top is significantly higher
than the minimum in the building, not complying with Eq. (5.4), see Table 5.9a. These two
floors are visibly overdesigned as their curves deviate from the rest, exhibiting small lateral
displacements. Though the resistance of the reinforced building is adequate, the behaviour is
not favourable as the dissipation is not well distributed among all the floors.

In the other case where solely the columns are reinforced the building is clearly not
adequate, though the local load multiplier is larger than equal to the global on every floor,
see Table 5.9b. The BPR results show that the top two floors are under, while the fourth floor
is a bit overdesigned with 0.93 BPR. In the corresponding diagram in Figure 5.30 this
response can be observed.

Upon the presented two alternatives it is obvious that the first requirement of the
RSBD method, imposed on the load multipliers may be necessary, but it is not satisfactory to
provide favourable or adequate designs. Also, it can be concluded that the contribution to the
resistance of the braces and the columns is not interchangeable. The resistance depends
primarily on the braces. With the reinforcement of the diagonals the local load multipliers
can be increased appropriately in the first place. Furthermore, in order to safeguard a good
dissipative behaviour, the brace resistance need to be judiciously backed up or partially
replaced by the resistance of continuous columns. By satisfying the requirements imposed to
the BPR, outlier storey involvements can be ruled out.
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Table 5.9a; CBF81-RSBDbrace

. A
storey int.col. ext.col. brace Q Moc Aglob + BPR
glob
8 HEA 160 HEA 160 100x10 1.90 724.5 699.9 1.04 0.94
7 HEB 180 HEA 180 100x10 1.36 389.3 373.3 1.04 0.86
6 HEB 220 HEB 200 100x10 1.14 282.3 266.6 1.06 0.78
5 HEB 240 HEB 220 100x10 1.01 229.0 215.4 1.06 0.71
4 HEB 280 HEB 240 120x10 1.10 217.5 186.6 1.17 0.81
3 HEB 300 HEB 280 120x10 1.01 192.3 169.7 1.13 0.73
2 HEM 240 HEB 320 140x10 1.05 210.8 160.0 1.32 0.81
1 HEM 240 HEM 240 15010 1.06 157.7 155.5 1.01 0.76
QmaX/Qmin=1.88
Table 5.9b; CBF81-RSBDcolumn
. A
storey int.col. ext.col. brace Q Aloc Aglob B — loc BPR
glob
8 HEA 160 HEB 220 90x5 0.99 609.1 609.5 1.00 0.55
7 HEB 180 HEB 220 100x6.3 1.05 429.7 325.1 1.32 0.71
6 HEB 220 HEB 220 100x8 1.01 271.9 232.2 1.17 0.75
5 HEB 240 HEB 220 100x10 1.10 229.0 187.5 1.22 0.82
4 HEB 280 HEB 240 120x10 1.01 217.5 162.5 1.34 0.93
3 HEB 300 HEB 280 120x10 0.98 192.3 147.8 1.30 0.84
2 HEM 240 HEB 320 140x10 0.98 210.8 139.3 1.51 0.93
1 HEM 240 HEM 240 140x10 1.00 147.2 135.5 1.09 0.80

Qmax/Qmin=1.07
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Figure 5.30; IDA diagrams of 8-storey redesigned CBFs (averages of 7 records)
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5.3.3. Performance of reinforced irregular CBF-s

Regarding the buildings designed initially with behaviour factor g=5, it can be seen
that the designs are not necessarily, in every aspect worse than the originals with q=4, see
Figures 5.31, 5.32 and Figures 5.22, 5.24. The increase of the drifts is slightly steeper and
collapse is attained at smaller scale factors. However, the family of the curves of CBF61Q5-
EC8 is slimmer than the one of the original, CBF61-EC8, and also the interstorey drift
corresponding to failure is reached at a higher scale factor. The performance of the redesigns
is adequate in both presented cases and also slightly better than the redesigns of the original
buildings. It has to be noted though that the differences between the designs with behaviour
factor 4 or 5 are minor in terms of cross-sectional sizes, see Table 5.10b and 5.11b. The
considered examples are therefore a bit more economic with g=5 as the required structural
weight is less and also these designs can be just as adequate as the ones with q=4. Yet, the
differences that the consideration of a higher behaviour factor provides are found to be small.

The results obtained for the cases where mass irregularities were considered are
presented in Tables 5.12 and 5.13 in Figures 5.33 and 5.34. In these cases the discrepancy
between the upper floors, where the additional masses are located, and the lower floors is
more flagrant than of the regular buildings, see Figures 5.24 and 5.26. This, otherwise not
surprising statement is valid for both Eurocode originals and redesigns. The 8-storey
building, where the mass irregularity is only 20% extra, exhibits a rather satisfactory
behaviour after redesign. For the 6-storey CBF however, the family of the curves is broad
even after redesign. It has to be emphasized that in this case the mass irregularity is plus 50%
on the upper floors. In both examined cases the RSBD method provides designs that are
adequate and still have more distributed dissipation than the Eurocode 8 originals.

Table 5.10a; CBF41Q5-EC8

. A
storey int.col. ext.col. brace Q Aloc glob + BPR
glob
4 HEA 160 HEA 140 90x4 1.06 308.2 394.2 0.78 0.64
3 HEB 180 HEA 180 90%6 1.05 250.7 225.2 1.11 0.81
2 HEB 220 HEB 180 90x8 1.04 218.4 175.2 1.25 0.87
1 HEB 260 HEB 220 1008 0.99 153.0 157.7 0.97 0.79
Qmax/Qmin=1.06
Table 5.10b; CBF41Q5-RSBD
storey int.col. ext.col. brace Q Aloc Aglob j'# BPR
glob
4 HEA 160 HEA 180 90x5 1.31 423.8 433.9 0.98 0.73
3 HEB 180 HEA 200 90x6.3 1.07 304.3 247.9 1.23 0.77
2 HEB 220 HEB 220 90x8 1.03 248.6 192.8 1.29 0.79
1 HEB 260 HEB 240 100x10 1.10 185.9 173.6 1.07 0.83

Qmax/Qmin=1.27
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Figure 5.31; IDA diagrams of 4-storey CBFs (averages of 7 records)

Table 5.11a; CBF61Q5-EC8

storey int.col. ext.col. brace Q Aloc Aglob j'# BPR
glob
6 HEA 160 HEA 140 100x4 1.05 347.6 482.0 0.72 0.61
5 HEB 180 HEA 180 100x6 1.04 269.6 262.9 1.03 0.76
4 HEB 220 HEB 180 110x6.3 1.00 2121 192.8 1.10 0.76
3 HEB 240 HEB 220 100x8 1.01 200.4 160.7 1.25 0.78
2 HEB 280 HEB 240 100x10 1.06 200.8 144.6 1.39 0.83
1 HEB 300 HEB 280 110x10 1.05 144.2 137.7 1.05 0.79
Qmax/Qmin=1.06
Table 5.11b; CBF61Q5-RSBD
. A
storey int.col. ext.col. brace Q Jloc glob + BPR
glob
6 HEA 160 HEA 200 100x5 1.27 487.6 496.7 0.98 0.74
5 HEB 180 HEA 200 100x6 1.04 322.7 270.9 1.19 0.76
4 HEB 220 HEB 180 110%6.3 0.99 2215 198.7 1.11 0.74
3 HEB 240 HEB 220 1008 0.98 200.4 165.6 1.21 0.75
2 HEB 280 HEB 260 100x10 1.03 2155 149.0 1.45 0.81
1 HEB 300 HEB 280 110x10 1.01 156.5 141.9 1.10 0.77
Qmax/Qminzl.zg
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Figure 5.32; IDA diagrams of 6-storey CBFs (averages of 7 records)
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Table 5.12a; CBF61M-EC8

. A
storey int.col. ext.col. brace Q Moc Aglob + BPR
glob
6 HEA 180 HEA 160 100x6 1.00 333.8 428.1 0.78 0.67
5 HEB 220 HEA 200 100%8 0.98 230.8 233.5 0.99 0.75
4 HEB 260 HEB 220 100x10 0.99 198.6 171.2 1.16 0.80
3 HEB 280 HEB 240 120x10 1.00 197.2 151.1 1.30 0.85
2 HEB 320 HEB 280 120x10 0.98 182.3 140.1 1.30 0.79
1 HEM 240 HEB 300 140x10 1.01 150.6 135.2 1.11 0.85
Qmax/Qminzl.oz
Table 5.12b; CBF61M-RSBD
. A
storey int.col. ext.col. brace Q Ao Aglob + BPR
glob
6 HEA 180 HEA 220 100x8 1.22 477.8 445.9 1.07 0.80
5 HEB 220 HEA 240 110x8 1.02 316.7 243.2 1.30 0.80
4 HEB 260 HEB 220 100x10 0.97 218.8 178.4 1.23 0.77
3 HEB 280 HEB 240 120x10 1.00 197.2 157.4 1.25 0.81
2 HEB 320 HEB 280 120x10 0.98 197.0 145.9 1.35 0.76
1 HEM 240 HEB 300 14010 0.98 150.6 140.8 1.07 0.81
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Figure 5.33; IDA diagrams of 6-storey CBFs (averages of 7 records)

Table 5.13a; CBF81M-EC8

lloc

storey int.col. ext.col. brace Q Aloc Aglob T BPR
8 HEA 180 HEA 160 100x5 1.00 365.9 560.7 0.65 0.54
7 HEB 200 HEA 200 100x8 1.08 301.9 299.0 1.01 0.76
6 HEB 240 HEB 200 100x10 1.03 231.7 213.6 1.08 0.77
5 HEB 260 HEB 240 140x7.1 1.02 209.9 172.5 1.22 0.78
4 HEB 300 HEB 280 120%10 1.02 209.7 152.9 1.37 0.79
3 HEB 320 HEB 320 140x10 1.09 227.1 140.9 1.61 0.88
2 HEM 240 HEM 240 140x10 1.00 2115 133.9 1.58 0.78
1 HEM 260 HEM 260 150%10 1.00 150.0 130.6 1.15 0.77

Qmax/Qminzl.Og
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Table 5.13b; CBF81M-RSBD

storey int.col. ext.col. brace Q Aloc Aglob % BPR
8 HEA 180 HEA 240 100x8 1.44 629.3 591.9 1.06 0.76
7 HEB 200 HEA 240 110x8 1.20 402.4 315.7 1.27 0.81
6 HEB 240 HEB 200 100x10 111 256.7 225.5 1.14 0.79
5 HEB 260 HEB 240 140x7.1 1.02 209.9 182.1 1.15 0.74
4 HEB 300 HEB 280 120x10 1.02 209.7 161.4 1.30 0.75
3 HEB 320 HEB 320 140x10 1.09 227.1 148.7 1.53 0.83
2 HEM 240 HEM 240 140x10 1.00 2115 141.3 1.50 0.74
1 HEM 260 HEM 260 150x10 1.00 150.0 137.9 1.09 0.73
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Figure 5.34; IDA diagrams of 6-storey CBFs (averages of 7 records)

5.3.4. Performance of CBF-s reinforced by limit analysis RSBD

In the following the type 1 4, 6, 8 and 10-storey CBF-s are redesigned applying the
simpler limit analysis formulas i.e. Egs. (5.82) (5.83) and (5.84). The presented tables only
show the obtained redesigns. The changed cross sections are still bold, and any change from
the redesigns obtained taking into consideration the second order work of the gravity forces
is indicated by red letters. In the figures after the tables the 2" order and limit analysis RSBD
designs are compared via their IDA responses.

As it can be seen the limit analysis mostly entails the further enlargement of the brace
and column cross sections that have been reinforced by the 2" order application of the RSBD
method before. Except for the 4-storey CBF this reinforcement does not cause drastic
changes. The CBF-s are likewise adequate, but the formerly weak storeys are a bit
overdesigned by the limit analysis approach as their curves deviate from the rest towards
lower drifts. In addition, this unnecessary and unfavourable alteration is achieved by
additional expenses on building material. The case of the 4-storey CBF differs from the rest
significantly as response of the limit analysis redesign is remarkably worse than the 2" order
RSBD design. The curves open up like a fan as the scale factor grows and the design is just
about adequate. Conversely, the limit analysis design necessitates smaller column sections
than the 2" order RSBD.

The presented examples attest to the fact that it better to conduct the analysis taking
into consideration the 2" order work of gravity forces. However, in most cases the easier-to-
evaluate limit analysis RSBD also leads to adequate designs imposing only a reasonably
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higher structural weight premium. Therefore, the advantage of the limit analysis RSBD is
that its application is easier in exchange of minor changes of the structure and its behaviour.

Table 5.14; CBF41-RSBD with limit analysis

. A
storey int.col. ext.col. brace Q Aloc Aglob + BPR
glob
4 HEA 160 HEA 200 90%6.3 1.43 578.7 568.3 1.02 0.86
3 HEB 180 HEB 200 100%6.3 0.99 395.6 324.8 1.22 0.84
2 HEB 220 HEB 200 100x8 0.97 343.7 252.6 1.36 0.90
1 HEB 260 HEB 240 100x10 0.99 240.2 227.3 1.06 0.91
Qmax/Qmin=1.47
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Figure 5.35; IDA diagrams of 4-storey reinforced CBFs (averages of 7 records)

Table 5.15; CBF61-RSBD with limit analysis

lloc

storey int.col. ext.col. brace Q Aloc glob 0 BPR
glob
6 HEA 160 HEA 200 100%6.3 1.42 632.3 652.1 0.97 0.84
5 HEB 180 HEB 200 100x8 1.17 439.7 355.7 1.24 0.90
4 HEB 220 HEB 200 100x8 1.00 300.2 260.8 1.15 0.82
3 HEB 240 HEB 220 100x10 1.02 257.8 217.4 1.19 0.88
2 HEB 280 HEB 260 100x10 0.96 239.3 195.6 1.22 0.84
1 HEB 300 HEB 280 120x10 0.97 188.0 186.3 1.01 0.85
Qmax/Qmin=1.47
45 45 ——5si5 | .
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Figure 5.36; IDA diagrams of 6-storey reinforced CBFs (averages of 7 records)
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Table 5.16; CBF81-RSBD with limit analysis

/lloc

storey int.col. ext.col. brace Q Aloc Aglob 1 BPR
glob
8 HEA 160 HEA 220 100x8 1.74 800.2 798.7 1.00 0.76
7 HEB 180 HEB 200 100x8 1.21 479.7 426.0 1.13 0.71
6 HEB 220 HEB 200 100x10 1.22 336.3 304.3 1.11 0.75
5 HEB 240 HEB 220 100x10 1.11 269.7 245.7 1.10 0.75
4 HEB 280 HEB 240 120x10 1.17 2445 213.0 1.15 0.80
3 HEB 300 HEB 280 120x10 1.07 219.3 193.6 1.13 0.73
2 HEM 240 HEB 320 140x10 1.08 226.3 182.6 1.24 0.80
1 HEM 240 HEM 240 140x10 0.98 182.4 1775 1.03 0.72
Qmax/Qmin=1.77
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Figure 5.37; IDA diagrams of 8-storey reinforced CBFs (averages of 7 records)

Table 5.17; CBF101-RSBD with limit analysis

storey int.col. ext.col. brace Q Jloc glob % BPR
10 HEA 160 HEB 220 100x10 1.94 1000.5 986.5 1.01 0.75
9 HEB 180 HEB 220 100x10 1.27 580.1 519.2 1.12 0.71
8 HEB 220 HEB 200 110x10 1.19 380.9 365.4 1.04 0.75
7 HEB 240 HEB 220 120%x10 1.06 296.1 290.2 1.02 0.73
6 HEB 280 HEB 260 120%x10 1.02 262.6 246.6 1.06 0.72
5 HEB 300 HEB 280 140x10 1.03 253.4 219.2 1.16 0.78
4 HEM 240 HEB 320 140x10 0.99 230.9 201.3 1.15 0.72
3 HEM 240 HEM 240 150%10 0.98 231.0 189.7 1.22 0.74
2 HEM 260 HEM 260  140x12.5 1.03 223.2 182.7 1.22 0.78
1 HEM 280  HD320x198 150%12.5 1.00 184.0 179.4 1.03 0.76

Qmax/Qmin=1.98
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Figure 5.38; IDA diagrams of 10-storey reinforced CBFs (averages of 7 records)

5.3.5. Summary on the efficiency of the RSBD method

So far, examining the performance of the original EC8 designs and the RSBD
redesigns we have ascertained that the IDA curves of the originals are seemingly broader
than of the redesigns. Therefore it would be good to give a measure to this broadness to be
able to numerically compare the designs. It is appealing to consider the difference between
the maxima and minima of the IDR results, but it may also be necessary to distinguish cases
where the curves scatter out like a fan and when only one flagrant curve results in the large
difference. Another very important and so far just expected characteristic of the RSBD
method is that it provides robust CBF designs that are supposed to reliably resist earthquakes
within their design intensity range without sensitivity to any particularity of the excitation.
The existence of this alleged characteristic of the method is yet to be demonstrated.

In order to better represent the broadness of the curves the IDR results of the floors
for a given scale factor can be considered as values of a discrete random variable, the scatter
of which can be described by the standard deviation (hereinafter o). Therefore, for every
acceleration record and every scale factor the ¢ of the interstorey drifts is calculated as:

1 2 2 2
O on :\/ﬁ[(IDRl—IDR”) +(IDR,~IDR, )’ +...+(IDR,~IDR,)* | (5.85)
where the mean is:
IDR, == (IDR, +...+ IDR)) (5.86)
n

As in a low scale factor range the broadness may not be developed and in a high range
the results may be distorted by the asymptotic curves corresponding to attained collapse, this
analysis is confined to the 0.75 — 1.25 scale factor interval. To represent the broadness of the
numerous IDA curves presented before the mean of all the standard deviations in this interval
is computed. This way the broadness is expressed by one number, hereinafter referred to as
the broadness coefficient that is in IDR unit, see Figure 5.39.

To describe the robustness of the obtained results, for a given scale factor the scatter
of the broadness for every accelerogram shall be taken. If this scatter is small, the broadness
is the same for every earthquake, than the response of the examined CBF is not sensitive to
variations of the excitation, therefore it is robust. The broadness has been calculated with the
standard deviation before and to compute the scatter of these results, again the ¢ of these
standard deviations is taken for every considered scale factor. The mean of the 6-s is another
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number in IDR unit describing the robustness of the CBF-s seismic response therefore it is

called robustness coefficient.
scale factor
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Figure 5.39; Determination of the broadness and robustness coefficients

In Figure 5.40 the broadness and robustness coefficients obtained both for EC8 and
RSBD design are presented in two bar charts. As it can be seen, the broadness of the
Eurocode 8 designs grows with the building height, whereas with the RSBD method the
broadness is kept in an interval of 0.3 — 0.5% IDR for every CBF including the irregular
cases as well. Also, the Eurocode 8 design can barely show such a good performance; the
broadness of the EC8 design mostly exceeds 0.6% and may go beyond substantial 1.2%
relative storey drift. The robustness chart shows that the EC8 designs do not only have
broader IDA curves but they are also more sensitive to the particularities of the excitation.
The robustness of the EC8 originals is at least 0.20%, but it goes a lot higher up in some
cases, while all the RSBD redesigns stay in an astounding 0.1 — 0.16% range. This
demonstrates that the RSBD method indeed reliably provides seismic resistant CBF-s.
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Figure 5.40; Broadness and robustness coefficients of various CBF-s
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For the sake of further comparison between the original designs Table 5.18 collects
relevant characteristics of the CBF-s. For the original EC8 buildings and for the 2" order
RSBD redesigns the periods, the total steel requirement and the scale factor at which the 2%
storey drift is attained are given. For the comparison, the increase of the mass and the failure
intensity, and in the last two columns, the decrease of the broadness and the robustness
coefficients, see Figure 5.40, are provided. In the case of CBF101-RSBD the failure limit as
not been attained in the range of analysis, therefore the result there is not available (N.A.).

As it can be seen, the type 1 (CBF — CBF) buildings require in general a larger
structural weight premium than the type 2 ones (MRF — CBF). This is due to the fact that the
columns need a more significant reinforcement in type 1-s. Nonetheless, the additional
material need is not outstanding in any case. The failure intensity is increased in almost every
case from an unsatisfactory (<1.0) value to a by far satisfactory one. The increase ranges
between 30% up to 200%. This shows that the buildings after redesign are not only adequate,
but also possess considerable reserve. The change of the broadness coefficient is somewhat
proportional with the change of the failure intensity, showing, that the significant increase in
resistance has been achieved mostly by terminating the outlier lateral drifts on weak storeys.
The change of the robustness is rather elevated for every considered example (>40%). This
demonstrates that the RSBD method does not only enhances the resistance and prevents the
development of the weak storeys, but also provides more reliable CBF designs than Eurocode
8.

Table 5.18; Comparison of EC8 and RSBD CBF designs

period mass failure CBE period mass failure

CBF  “rsec] [ton] [SF] [sec] [ton] [SF]

Amass Afailure Abrd.ness Arbt.ness

41-EC8 113 70.10 1.02 41-RSBD 110 7257 131 352% 284% -21.9% -72.1%
61-EC8 1.65 109.09 0.88 61-RSBD 1.60 11241 1.19 3.04% 352% -26.8% -42.2%
81-EC8 2.10 160.40 0.60 81-RSBD 2.03 16435 155 2.46% 158.3% -68.0% -60.2%
101-EC8 2.54 21831 0.58 101-RSBD 250 221.84 N.A. 1.62% N.A. -71.6% -77.6%
42-EC8 119 6179 1.04 42-RSBD 117 6255 129 1.23% 240% -11.9% -60.6%
62-EC8 1.61 102.25 0.84 62-RSBD 158 103.16 152 0.89% 81.0% -30.0% -42.4%
82-EC8 2.04 150.81 0.60 82-RSBD 2.00 151.26 1.60 0.30% 166.7%  -67.8% -55.1%
102-EC8 241 207.34 0.58 102-RSBD  2.39 208.45 1.72 0.54% 196.6% -70.8% -65.8%
41Q5-EC8  1.21 69.63 0.87 41Q5-RSBD  1.17 69.95 1.25 0.46% 43.7% -42.0% -58.9%
61Q5-EC8  1.68 108.70  0.93 61Q5-RSBD  1.66 109.02 1.54 0.29% 65.6%  -36.6% -39.1%
61M-EC8  1.78 123.42 0.88 6IM-RSBD  1.74 125.76 1.35 1.90% 53.4%  -38.9%  -40.5%
81M-EC8 2.17 183.34 0.68 8IM-RSBD  2.13 185.83 1.67 1.36% 145.6% -59.0% -66.7%
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5.4. Simplifications of the Robust Seismic Brace Design method

In the previous chapter the reliability of the RSBD method has been substantiated by
numerous examples. Though the calculations can be carried out by hand evaluating formulas,
it may take a considerable amount of time. Therefore, in the following, by introducing further
simplifications we attempt to derive simpler formulas that may be used as preliminary or
approximate tools in the seismic design of CBF structures.

Let us consider the already simplified limit analysis approach of the RSBD method
and substitute Eqgs. (5.82) and (5.84) into the definition of the BPR, Eq. (5.4):

N olori 1 COS

ﬂbr,i — ;mpk
ﬂ“glob,i Z Npl,br,i COS ¢

{30

BPR, = (5.87)

k=i

Let us suppose that the masses are equal on every floor so that mp is an identity
vector. This way we get:

Npl,br,i
apr < (1—1*Y)

I Z Npl,br,i

n

)

I=i
In the denominator natural numbers have to be summed. This can be expressed as the
sum of the first and the second element multiplied by the half of the number of the elements.
Thus the BPR becomes:

(5.88)

Nplbri (n+i)'(n_2i+1)
— (5.89)

(n—i+1) Z N gy pr

Let us also suppose the ideal case that the BPR is the same constant on every floor,
therefore:

BPR, =

N
gpr = (") Nowar (5.90)

2 . Z Npl,br,i

As i ranges from 1 to the n number of floors, the first fraction is between n/2 and n for
any given storey. Consequently, the smallest brace resistance (of the top floor) shall not be
smaller than half of the largest resistance (on the first floor) in order to satisfy Eq. (90).
Evidently, such a requirement implies substantial reinforcement need on the upper floors in
tall CBF structures. This premium may lead to unwanted overdesign of the upper floors, so
that these floors eventually do not participate in the dissipation.
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Now let us suppose, that the change of the axial resistance need of the braces along
the height of the building is linear and on the top exactly the half of the resistance on the

ground floor is needed, see Figure 5.41.
ih

Npl,br,n:0-5N plbr,1

4N f\lpl,br,l
Figure 5.41; Approximate distribution of axial resistance need of braces
This demand distribution is not unfamiliar in Eurocode 8 as in section 5.4.2.4 of the
standard the envelope of the shear forces of ductile reinforced concrete walls is similar to
account for uncertainties in higher mode effects. Given such distribution, the sum of all the
brace resistances can be expressed as:

n n

Z N plbri — ( I\Ipl,br,l + I\Ipl,br,n )E =1.5N pl,br,1 E (591)
Substituting this into Eq. (5.90) we get:
n+i N N, . i
gpr = (") Nowr, —= 5|\p||,br,. .”:' (5.92)
1'5Npl,br,l§ "V plbr1

Rearranging this expression we get a formula that provides an approximation of the
axial resistance need of the braces on every floor:

n-1.5N
= BPR-T’“’” (5.93)

N

pl,br,i

To give a good estimation of the axial demand of the ground floor brace we assume
that the horizontal component of the brace axial force is equal to the base shear of the
building, calculated with Eg. (1.38) for example.

I:b
CoOS

Furthermore, let us notice, that Eq. (5.93) has the form of the realigned second
criterion of the RSBD method, Eqg. (5.4), but instead of the horizontal load multiplier the
connection is between the oblique axial forces. Therefore, by considering the horizontal
component, which is the storey base shear, and distributing it between the loaded floor slabs
it is found that:

N (5.94)

pl,br,1 =

n-1.5N
ﬁ.N ori = BPR- -pl,br,l_ CO?a
n-i+1 "™ i ] .

o, =BPR-

glob,i

Taking the first criterion, we may say that:

142



j’10c,i > 10
o (5.96)

)l100,i = ﬂ‘nr,i +/Icol,i 2 ﬂglob,i
Substituting Eq. (5.95) into Eq. (5.96) we get:
BPR - Ao, + Acot,i = Agiob,
Ay i 2 (1— BPR)&

col,i — glob,i

(5.97)

Considering the analogy presented in Eq. (5.95) the right side of Eq. (5.97) can be
substituted with:

N-1.5N a0 _cosa
N+ n—i+1
Also, by highlighting the column participation in Eg. (5.83) and still supposing mp to
be unity vector and that the storey heights are equal we may express Acol as:

i‘,Mrecjij'i
hgp = A

col,i —

(1-BPR) 2y, =(1—BPR)

(5.98)

5.99
n—-i+1 ( )

Substituting Eqg. (5.98) and Eg. (5.99) into (5.97) we can express the sum of the
continuous columns’ bending moment demand (to be determined with respect to the axial
force interaction):

iMred,i,j'i-l 115N
= . Z(l— BPR) : .Pl,br,l ) CO?a
n—i+1 n+i n—i+1 (5.100)
N n-1.5N
ZMredij =(1- BPR)&,H .COS &t
i N n+i

For the sake of comparison, the required cross sections of the braces and columns
have been determined applying Egs. (5.94), (5.93) and (5.100) also. The considered examples
are CBF41, 61, 81 and 101. In the tables below, the designs obtained with the 2" order
RSBD, the limit analysis RSBD and the lately presented approximate approach are given.

Table 5.19; CBF41 redesign with various approaches of the RSBD
2" order RSBD limA RSBD approximate RSBD
column brace column brace column brace
4 HEA 200 100x5 HEA 200 90%6.3 HEA 180 100x6
3 HEA 220 100x6.3 HEB 200 100x6.3 HEA 200 110x6.3
2 HEB 240 100x8 HEB 200 100x8 HEB 220 100x8
1 HEB 260 100x10 HEB 240 100x10 HEB 240 100x10

storey

Table 5.20; CBF61 redesign with various approaches of the RSBD
2" order RSBD limA RSBD approximate RSBD
column brace column brace column brace
6 HEA 200 100x6 HEA 200 100x6.3 HEA 200 110x6.3
5 HEA 200 100x6.3 HEB 200 100x8 HEA 200 120x6
4 HEB 200 100x8 HEB 200 100x8 HEB 200 100x8

storey
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3 HEB 220 100x10 HEB 220 100x10 HEB 220 100x10
2 HEB 240 100x10 HEB 260 100x10 HEB 240 100x10
1 HEB 280 120x10 HEB 280 120x10 HEB 280 120x10
Table 5.21; CBF81 redesign with various approaches of the RSBD

2" order RSBD limA RSBD approximate RSBD

storey column brace column brace column brace
8 HEA 240 100%6.3 HEA 220 100x8 HEA 220 100x8
7 HEA 240 100%8 HEB 200 100%8 HEA 220 120%8
6 HEB 200 100x10 HEB 200 100x10 HEB 200 100x10
5 HEB 220 100x10 HEB 220 100x10 HEB 220 100x10
4 HEB 240 120%10 HEB 240 120x10 HEB 240 120x10
3 HEB 280 120x10 HEB 280 120x10 HEB 280 120x10
2 HEB 320 14010 HEB 320 140%x10 HEB 320 140%x10
1 HEM 240 14010 HEM 240 140%x10 HEM 240 140x10

Table 5.22; CBF101 redesign with various approaches of the RSBD

2" order RSBD limA RSBD approximate RSBD

storey column brace column brace column brace
10 HEA 220 100x10 HEB 220 100x10 HEA 220 110x10
9 HEA 220 100x10 HEB 220 100x10 HEA 220 120x10
8 HEB 200 110x10 HEB 200 110x10 HEB 200 120x10
7 HEB 220 120x10 HEB 220 120x10 HEB 220 140%x10
6 HEB 260 120x10 HEB 260 120x10 HEB 260 140%x10
5 HEB 280 14010 HEB 280 140%x10 HEB 280 150%10
4 HEB 320 14010 HEB 320 140x10 HEB 320 150%10
3 HEM 240 150%10 HEM 240 15010 HEM 240 140x12.5
2 HEM 260 140x12.5 HEM 260 140x12.5 HEM 260 150%12.5
1 HD320x198  150x12.5 HD320x198 150x12.5 HD320x198 150x12.5

Looking at the tables, it can be noticed that both simplified approaches result in
structural weight premium. This is, on one hand not necessary as the designs obtained with
the 2" order RSBD are appropriate without exception, and on the other hand, this may even
lead to unwanted and unfavourable change of the seismic response, as it has been observed in
the IDA diagrams of the limit analysis designs. Nevertheless, both simplified approaches
reinforce the weak storeys of the EC8 design and give fairly good approximations of the
enhanced design of the 2" order RSBD. The important advantage of the approximate RSBD
is that it is very easy and does not require a preliminary EC8 design process like the more
accurate forms of the RSBD. The disadvantage is, that the numerous simplifications, such as
constant BPR, the brace axial resistance distribution, constant storey height and masses limit
the applicability of the approximate RSBD. In the case of the 10-storey CBF the approximate
method significantly reinforces every brace compared to 2" order RSBD solution, which has
already been found fairly (over)resistant as the collapse drift limit has not been attained even
at 2.0 scale factor. Clearly, as it has been mentioned before as a conclusion of Eq. (5.90), for
tall CBF-s the requirement of having more resistance in storey mechanisms than in the global
mechanism can be too rigorous especially on the upper floors, where the columns are
inherently weaker and do not participate in the lateral resistance as much as the columns on
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the lower floors. Therefore, it may be concluded that the current RSBD method has a height
limit of application as it tends to result in overdesign on the top floors.
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Summary and new scientific results

This dissertation has been dealing with the weak storey behaviour of concentrically
braced steel frames subjected to seismic actions. The objectives of the thesis set at the
beginning can be grouped around the following issues:

— Description of the response of CBF-s during a seismic action with special
attention to the factors related to or indicating the development of a weak
storey;

— Identification of the factors facilitating the occurrence of the weak storey
behaviour, characterisation of the development of weak storeys;

— Investigation into the performance of CBF-s designed according to Eurocode 8
and identification of the shortcomings of the corresponding parts of the
standard; recommendation for enhancements;

— Proposition of a new design method, alternatively new criteria, which are
complementary to Eurocode 8 regulations and which successfully prevent the
development of weak storeys;

In the following a bulleted list is provided that summarises the findings and the new
scientific results of the present dissertation.

In several paragraphs of Chapters 2, 3 and 4 the underlying causes and consequences
of the weak storey behaviour are examined. The findings characterising the weak storey
behaviour are as follows:

— The weak storey behaviour has a detrimental effect on the seismic
performance because it decreases the structures capacity in dissipation and
ductility;

— Hollow section members may be prone to early failure due to the local
cumulating deformations at mid span;

— The weak storey behaviour, which is the excessively large interstorey drift of
one floor, can be distinguished from the weak storey collapse i.e. failure on the
weak storey because the later is not necessarily resulted by the former. The
weak storey behaviour is unfavourable even if collapse is not attained;

— The weak storey behaviour is partly an inherent susceptibility of the structure,
which is just as related to the proportions of stiffness and resistance as the
seismic intensity;

— As the weak storey resistance is not simply resistance inadequacy on some
floors, ordinary reinforcement may not solve the weak storey problem; just
shift it to another floor;

— In order to obtain a satisfactory, well balanced dissipative behaviour, the
appropriate selection of both continuous column and brace cross sections is
needed, reinforcement of only one member type may not be satisfactory;

— The cumulating plastic deformations cause the deterioration of the braces and
this gradually devolves the lateral loading on the columns, therefore the
inelastic behaviour of a CBF cannot be characterised by a truss model;
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are.

The brace deterioration also causes a significant drop of the lateral stiffness of
the storey it is located on, and this fundamentally affects the response of the
structure. The modified modal behaviour contributes to the development of the
weak storey;

The dynamic characteristics of a brace-deteriorated CBF can be approximated
by an imperfect model in which the diagonals have a triangular imperfection.
This imperfection is resulted by the plastic elongations and is proportional
with the realised maximum interstorey drift;

The interconnected plastic deformations, brace deterioration, change of
dynamic response together create a loop that may amplify the weak storey
behaviour;

The recognition of several new aspects of the seismic response of CBF-s has paved
the way to a critical assessment of the Eurocode 8 regulations. In Chapter 4 the following
issues with the standard design procedure have been found:

The CBF-s designed according to Eurocode 8 are mostly susceptible to
exhibit weak storey behaviour;

The weak storey behaviour may lead to the early failure of the primary
resisting members of the structure;

The plastic deformations of the braces may eventually cause a significant
change of the dynamic characteristics and the rearrangement of the inertia
forces; such effects are not considered in any way in Eurocode 8;

The incipient elastic behaviour, that the Eurocode 8 design procedure refers
to, is significantly different from the inelastic behaviour;

The uniformity condition is not adequate to promote the global dissipation as
it is not valid in any random state that the structure may undergo during the
seismic excitation;

The analysis of a perfect structural model leads to the underestimation of the
bending of the columns that develops with the deterioration of the braces;
therefore Eurocode 8 does not safeguard sufficient overstrength in the
columns, so it does not comply with the requirements of capacity design;

The Eurocode 8 design does not make difference between CBF-s with
continuous or hinged columns while the performance of the former is better;
The local slenderness limit of hollow section braces should be more rigorous
than Eurocode 3 class 1 to safely provide the adequate ductility of the braces;

Besides the critical assessment, also recommendations have been made to enhance the
performance of CBF-s regardless of the presence of weak storeys. These recommendations

CBF-s need to contain continuous columns that provide flexural resistance to
the lateral loading. Though regular analysis methods do not yield relevant
bending moment results, imposed limits to columns is a way to allow the
development of considerable bending;

Elevated local slenderness of the hollow-section braces is accountable for low
ductility capacity and consequently for the possibility of early collapse. More
rigorous criteria may prevent such scenario;
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— In the detailing of gusset plates, the requirement of sufficient clearance that
allows the rotation of the diagonal can prevent the fracture of the gusset welds;

The perhaps most important result of the research presented in this dissertation is the
development of the robust seismic brace design method. The most important features of the
method are listed below:

— The RSBD method is by definition complementary to the elastic design
procedure of Eurocode 8. The method enhances the original designs, so that
the weak storey phenomenon is strongly restricted, but seismic demands are in
general determined by the initial Eurocode analysis;

— In the RSBD method the stability of the compression members is not
considered, which is another reason why it is complementary to the EC8
procedure;

— Takes into consideration the variation of the modal behaviour due to the brace
deterioration and the resulting response of the CBF;

— Quantifies the participation of the columns and impose requirements to their
performance in the lateral resistance of a storey;

— Prevents the occurrence of the weak storey collapse mechanism independently
of the design seismic action;

— Prevents the occurrence of the weak storey behaviour by unifying the
(maximum) interstorey drifts on every floor;

— The possibility of second order analysis is incorporated in the RSBD method;

— The first requirement of the redesign method, imposed to the global and local
load multipliers, aims to avoid the storey failure before realizing plastic
deformations in the designated dissipative members i.e. the braces. This
approach is related to the principles of capacity design.

2‘10c,i

—=2>1.0 where i=1..n
glob,i
— The requirements concerning the brace performance ratios provide a well
balanced distribution of the dissipation so that outlier interstorey drifts do not
impair the performance of the CBF.

BPR = Aot and BPR .. +0.1>BPR__
glob,i

— Two simplified forms of the RSBD method have been introduced, which
provide more conservative designs, but still enhance the original Eurocode 8
design.

The RSBD redesign method has to be conducted in the following steps:

— Initial design of the structure according to related codes i.e. Eurocode 3 and
Eurocode 8 considering the response spectra, behaviour factor, conducting an
elastic analysis and dimensioning the members according to its internal force
results. In the seismic design the uniformity condition can be neglected.

— For n different loading patterns, considering the global and n local plastic
mechanisms computation of n Agion,i and Aioc,i parameter pairs. Computation of
the Aori load multiplier of the braces for n local mechanisms.
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— Reinforcement of the braces to respect the second criterion of the RSBD
method. Attention is to be paid that the modification of one brace does not

only change the corresponding local load multiplier and the brace participation

ratio of that floor, but also all the global multipliers and every other BPR in

the same time.

— Reinforcement of the columns or introduction of more continuous column
splices in the building to satisfy the first condition.

The presented buildings, that satisfy the two requirements of the RSBD method but
violate the uniformity of the storey overstrength condition of Eurocode 8, are adequate and
exhibit a favourable dissipation without exception. The original structures designed according
to EC 8 mostly do not. Therefore, the RSBD method is recommended to redesign and enhance
concentrically braced steel frames.

One possibility of further development of the method is obliterating its dependence on
an initial design, making it a complete design procedure. This may be carried out with the
definition of design ground acceleration dependant minimum plastic load multipliers that both
the local and the global multipliers need to exceed. Also, it had been found that requiring even
in tall buildings that the local load multiplier must be larger than the global may be too
rigorous. This may provide a limitation in building height to the application of the RSBD
method. The limit may be extended by considering only partial mechanisms that extend to
several floors instead of the global plastic mechanism. Furthermore, introducing uncertainties
such as the real yield stress of the material may necessitate the revision of the two RSBD
criteria. These questions may be subjects of further research.
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Annex A: Acceleration records used for IDA

Accelerogram 1

Maximum Acceleration: 2.944g

at time t=9.660sec

Maximum Velocity: 281.408cm/sec

at time t=15.180sec

Maximum Displacement: 131.222cm

at time t=10.830sec

Acceleration RMS: 0.845g
Velocity RMS: 83.301cm/sec
Displacement RMS: 40.909cm

Annex A

Response Acceleration [g]

Period [sec]

Characteristic Intensity (Ic): 3.474
Specific Energy Density: 138851.852cm2/sec

Sustained Maximum Acceleration (SMA): 2.790g
Sustained Maximum Velocity (SMV): 230.570cm/sec
Effective Design Acceleration (EDA): 2.940g

Predominant Period (Tp): 0.340sec
Mean Period (Tm): 0.427sec

Time series:
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Time [sec]
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Accelerogram 2

Maximum Acceleration: 2.943g

at time t=7.460sec

Maximum Velocity: 322.775cm/sec
at time t=15.940sec

Maximum Displacement: 145.242cm
at time t=10.790sec

Response Acceleration [g]

Acceleration RMS: 0.881g
Velocity RMS: 88.454cm/sec
Displacement RMS: 57.478cm

Characteristic Intensity (Ic): 3.698
Specific Energy Density: 156560.414cm2/sec

Period [sec]

Sustained Maximum Acceleration (SMA): 2.797g
Sustained Maximum Velocity (SMV): 251.539cm/sec

Effective Design Acceleration (EDA): 2.628g

Predominant Period (Tp): 0.400sec
Mean Period (Tm): 0.441sec

Time series:
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Annex A: Acceleration records used for IDA

Accelerogram 3

Maximum Acceleration: 2.944g

at time t=10.620sec

Maximum Velocity: 312.570cm/sec
at time t=11.340sec

Maximum Displacement: 112.512cm
at time t=4.830sec

Response Acceleration [g]

Acceleration RMS: 0.845¢g

Velocity RMS: 90.150cm/sec 0

0 1 2 3
Displacement RMS: 42.184cm Period [sec]
Characteristic Intensity (Ic): 3.475
Specific Energy Density: 162623.410cm2/sec
Sustained Maximum Acceleration (SMA): 2.751g
Sustained Maximum Velocity (SMV): 255.916cm/sec
Effective Design Acceleration (EDA): 2.629g
Predominant Period (Tp): 0.460sec
Mean Period (Tm): 0.439sec
Time series:
3
g2 ﬁ l | " \
¥ b b A b o by
 ob - camayii o ”"M‘ M W'W | MM/W oy WJ A e
i Ay e
I 2 3 4 s s 7 5 s 1 n T B @t BT B B o
Time [sec]
g igg A /‘111 i )‘[\\ 0 f\,v"r‘v\
glog' | ’J‘H’\ ey (,.'/’{“’"'H’JL“’/ L/P‘Un“ ‘/f’\‘ !/J .\v"\‘” k{ar‘h\ ‘/( \L\"‘w‘/‘«ﬂ"‘\\\,‘,/“\u}'\y A ,rr l““w‘ /V
o 1 2 3 4 5 6 7 8 9 10 1 12 13 14 15 16 17 18 19 20
Time [sec]
E 50
'%-100

o 1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17
Time [sec]

18 19 20

158



Accelerogram 4 8

Maximum Acceleration: 2.948g

at time t=7.890sec

Maximum Velocity: 274.624cm/sec
at time t=5.940sec

Maximum Displacement: 116.615cm

Response Acceleration [g]
N

3
at time t=8.880sec ,
Acceleration RMS: 0.894g 1
Velocity RMS: 88.202cm/sec 05 .

Displacement RMS: 53.380cm

Characteristic Intensity (Ic): 3.781
Specific Energy Density: 155670.330cm2/sec

Sustained Maximum Acceleration (SMA): 2.876g
Sustained Maximum Velocity (SMV): 215.560cm/sec
Effective Design Acceleration (EDA): 2.777g
Predominant Period (Tp): 0.300sec

Mean Period (Tm): 0.426sec

Time series:
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Annex A: Acceleration records used for IDA

Accelerogram 5

Maximum Acceleration: 2.943g

at time t=10.570sec

Maximum Velocity: 281.020cm/sec
at time t=9.360sec

Maximum Displacement: 170.284cm
at time t=11.890sec

Response Acceleration [g]

Acceleration RMS: 0.835g
Velocity RMS: 84.709cm/sec 0
Displacement RMS: 67.712cm Period [sec]

Characteristic Intensity (Ic): 3.415
Specific Energy Density: 143583.960cm2/sec

Sustained Maximum Acceleration (SMA): 2.858g
Sustained Maximum Velocity (SMV): 227.838cm/sec
Effective Design Acceleration (EDA): 2.767¢
Predominant Period (Tp): 0.380sec

Mean Period (Tm): 0.430sec

Time series:
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Accelerogram 6

Maximum Acceleration: 2.946g

at time t=8.160sec

Maximum Velocity: 284.823cm/sec
at time t=13.750sec

Maximum Displacement: 134.135cm
at time t=7.430sec

Acceleration RMS: 0.879g
Velocity RMS: 87.955cm/sec
Displacement RMS: 56.510cm

Characteristic Intensity (Ic): 3.688

Response Acceleration [g]

Period [sec]

Specific Energy Density: 154798.067cm2/sec

Sustained Maximum Acceleration (SMA): 2.746g
Sustained Maximum Velocity (SMV): 211.650cm/sec
Effective Design Acceleration (EDA): 2.681g

Predominant Period (Tp): 0.420sec
Mean Period (Tm): 0.425sec

Time series:
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Annex A: Acceleration records used for IDA

Accelerogram 7 8

Maximum Acceleration: 2.944g

at time t=11.620sec

Maximum Velocity: 321.298cm/sec
at time t=12.420sec

Maximum Displacement: 100.305cm
at time t=11.900sec

Response Acceleration [g]
N

2
Acceleration RMS: 0.836g !
Velocity RMS: 88.697cm/sec os T > 3
Displacement RMS: 45.033cm Period [sec]

Characteristic Intensity (Ic): 3.418
Specific Energy Density: 157421.560cm2/sec

Sustained Maximum Acceleration (SMA): 2.829¢
Sustained Maximum Velocity (SMV): 245.205cm/sec
Effective Design Acceleration (EDA): 2.688g
Predominant Period (Tp): 0.300sec

Mean Period (Tm): 0.430sec

Time series:
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Annex B

Column design results CBF41-EC8

storey  section Neg Myed Mzeq NRrk Myrk M_zrk XAy XA eff.
4 HEA 140 3409 2.2 0.9 737.9 40.8 19.9 0.86 0.60 0.85
3 HEA 200 7524 4.8 1.8 1264.3 100.9 47.9 0.93 0.76 0.82
2 HEB 200 1218.6 5.5 2.0 1835.4 151.0 71.9 0.94 0.77 0.89
1 HEB 240 1743.5 55 2.0 2491.0 247.5 1171 0.96 0.83 0.87
4 HEA 160 491.4 0.0 0.0 911.8 57.6 27.6 0.89 0.66 0.82
3 HEB 180 982.8 0.0 0.0 1534.6 113.1 54.3 0.92 0.73 0.88
2 HEB 220 1474.2 0.0 0.0 2138.5 194.3 92.6 0.95 0.80 0.86
1 HEB 260 1965.6 0.0 0.0 2782.4 301.5 141.5 0.97 0.85 0.83
Column design results CBF42-EC8
storey  section NEeg Myed Mzeq Nrk Myrk Mzrk XAy X1 eff.
4 HEA 200 350.2 924 2.0 1264.3 100.9 47.9 0.93 0.76 0.90
3 HEB 200 7784 110.9 3.1 1534.6 113.1 54.3 0.92 0.73 1.01
2 HEB 220 1259.7 121.7 55 2138.5 194.3 92.6 0.95 0.80 0.93
1 HEB 280 1819.6 224.8 55 3087.9 360.5 168.6 0.98 0.87 1.01
4 HEA 180 2954 53.9 3.1 1064.6 76.4 36.8 0.91 0.72 0.80
3 HEB 180 586.6 95.5 4.6 1534.6 1131 54.3 0.92 0.73 0.96
2 HEB 220  586.6 95.5 4.6 1534.6 1131 54.3 0.95 0.80 0.96
1 HEB 260 11574 237.2 7.1 2782.4 301.5 141.5 0.97 0.85 0.94
Column design results CBF61-EC8
storey  section  Neg Myes Mz \ Myrc  Mari Xy 1 eff.
6 HEA 160  308.1 2.6 8.0 911.8 57.6 27.6 0.89 0.66 0.79
5 HEA 180 671.5 3.5 1.7 1064.6 76.4 36.8 0.91 0.72 0.92
4 HEB 200 1058.5 6.3 2.5 1835.4 151.0 719 0.94 0.77 0.78
3 HEB 220 1474.6 7.3 3.4 2138.5 194.3 92.6 0.95 0.80 0.89
2 HEB 240 1917.0 11.0 4.0 2491.0 2415 1171 0.96 0.83 0.96
1 HEB 280 2416.0 11.0 4.0 3087.9 360.5 168.6 0.98 0.87 0.93
6 HEA 160 4914 0.0 0.0 911.8 57.6 27.6 0.89 0.66 0.82
5 HEB 180 982.8 0.0 0.0 1534.6 1131 54.3 0.92 0.73 0.88
4 HEB 220 1474.2 0.0 0.0 2138.5 194.3 92.6 0.95 0.80 0.86
3 HEB 240 1965.6 0.0 0.0 2491.0 247.5 1171 0.96 0.83 0.95
2 HEB 280 2457.0 0.0 0.0 3087.9 360.5 168.6 0.98 0.87 0.91
1 HEB 300 2948.4 0.0 0.0 3503.9 439.2 204.5 0.98 0.89 0.95
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Annex B: Details of Eurocode analysis and design of CBF-s

Column design results CBF62-EC8

storey  section Neg Myeq Mzed Nrk Myrk Mzrk Ay X2 eff.
6 HEA 180 3126 73.6 1.0 1064.6 76.4 36.8 0.91 0.72 0.96
5 HEB 180 698.6 105.9 1.8 1534.6 113.1 54.3 0.92 0.73 0.92
4 HEB 200 1117.7 17.7 2.9 1835.4 151.0 71.9 0.94 0.77 1.03
3 HEB 240 1578.8 132.4 3.7 2491.0 247.5 1171 0.96 0.83 0.92
2 HEB 260 2070.8 156.0 49 27824 301.5 141.5 0.97 0.85 1.02
1 HEB 320 2638.1 229.5 49 3790.6 505.0 220.7 0.99 0.89 0.99
6 HEA 180  297.1 63.3 1.2 1064.6 76.4 36.8 0.91 0.72 0.85
5 HEB 180 580.6 91.2 2.6 1534.6 113.1 54.3 0.92 0.73 0.96
4 HEB 240 8719 128.0 4.1 2491.0 247.5 1171 0.96 0.83 0.78
3 HEB 260 1156.5 144.2 53 27824 301.5 141.5 0.97 0.85 0.89
2 HEB 280 1438.5 1721 7.4 3087.9 360.5 168.6 0.98 0.87 0.98
1 HEB 320 1720.1 325.1 7.4 3790.6 505.0 220.7 0.99 0.89 0.99
Column design results CBF81-EC8
storey  section NEeg Myed Mzeq Nrk Myrk Mzrk XAy X1z eff.
8 HEA 160  309.2 2.0 0.0 911.8 57.6 27.6 0.89 0.66 0.53
7 HEA 180 681.5 3.0 1.0 1064.6 76.4 36.8 0.91 0.72 0.92
6 HEB 200 1092.0 6.0 2.0 1835.4 151.0 719 0.94 0.77 0.80
5 HEB 220 1539.3 6.0 2.0 2138.5 194.3 92.6 0.95 0.80 0.92
4 HEB 240  2007.7 12.0 4.0 2491.0 2415 1171 0.96 0.83 1.01
3 HEB 280 2518.1 13.0 4.0 3087.9 360.5 168.6 0.98 0.87 0.97
2 HEB 320 3047.0 20.0 7.0 3790.6 505.0 220.7 0.99 0.89 0.95
1 HEM 240 3640.3 20.0 7.0 4690.6 497.5 236.4 0.97 0.84 0.96
8 HEA 160 4914 0.0 0.0 911.8 57.6 27.6 0.89 0.66 0.82
7 HEB 180 982.8 0.0 0.0 1534.6 113.1 54.3 0.92 0.73 0.88
6 HEB 220 1474.2 0.0 0.0 2138.5 194.3 92.6 0.95 0.80 0.86
5 HEB 240 1965.6 0.0 0.0 2491.0 2475 1171 0.96 0.83 0.95
4 HEB 280 2457.0 0.0 0.0 3087.9 360.5 168.6 0.98 0.87 0.91
3 HEB 300 29484 0.0 0.0 3503.9 439.2 204.5 0.98 0.89 0.95
2 HEM 240 3439.8 0.0 0.0 4690.6 497.5 236.4 0.97 0.84 0.87
1 HEM 240 3931.2 0.0 0.0 4690.6 497.5 236.4 0.97 0.84 0.99
Column design results CBF82-EC8
storey  section  Neg Myes Mz [\ My Mari Xy 1 eff.
8 HEA 160  301.6 95.8 1.1 1264.3 100.9 47.9 0.93 0.76 0.86
7 HEA 180 685.0 102.8 1.8 1534.6 113.1 54.3 0.92 0.73 0.90
6 HEB 200 1108.7 113.9 2.8 1835.4 151.0 71.9 0.94 0.77 1.01
5 HEB 220 1577.7 144 4 4.2 2491.0 247.5 1171 0.96 0.83 0.93
4 HEB 240 20714 144 4 6.9 2782.4 301.5 141.5 0.97 0.85 1.02
3 HEB 280 2616.6 168.0 6.9 3503.9 439.2 204.5 0.98 0.89 1.01
2 HEB 320 3181.1 175.0 9.7 4728.2 638.7 280.6 0.99 0.89 0.88
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storey  section Neg Myeq Mzed Nrk Myrk Mzrk Xy X2 eff.
1 HEM 240 3826.7 231.9 9.7 4728.2 638.7 280.6 0.99 0.89 1.03
8 HEA 160  296.1 59.7 1.1 1064.6 76.4 36.8 0.91 0.72 0.82
7 HEB 180  585.7 93.0 1.8 1534.6 1131 54.3 0.92 0.73 0.95
6 HEB 220 8727 129.2 2.8 2138.5 194.3 92.6 0.95 0.80 0.92
5 HEB 240 1158.9 140.3 4.2 2782.4 301.5 141.5 0.97 0.85 0.88
4 HEB 280 1445.0 183.3 6.9 3087.9 360.5 168.6 0.98 0.87 0.97
3 HEB 300 1728.6 195.8 6.9 3503.9 439.2 204.5 0.98 0.89 1.03
2 HEM 240 2009.5 215.3 9.7 4728.2 638.7 280.6 0.99 0.89 0.89
1 HEM 240 22924 436.1 9.7 5365.1 818.3 395.5 1.00 0.93 0.88
Column design results CBF101-EC8
storey section NEeg Myed Mzeq Nrk Myrk Mzrk XAy X1 eff.
10 HEA 160 313.0 2.0 1.0 911.8 57.6 27.6 0.89 0.66 0.57
9 HEA 180 696.5 3.0 1.0 1064.6 76.4 36.8 0.91 0.72 0.94
8 HEB 200 1124.3 6.0 2.0 1835.4 151.0 71.9 0.94 0.77 0.83
7 HEB 220 1599.1 6.0 2.0 2138.5 194.3 92.6 0.95 0.80 0.95
6 HEB 260  2101.3 12.0 4.0 2782.4 301.5 141.5 0.97 0.85 0.91
5 HEB 280  2650.4 14.0 4.0 3087.9 360.5 168.6 0.98 0.87 1.02
4 HEB 320  3215.2 23.0 7.0 3790.6 505.0 220.7 0.99 0.89 1.00
3 HEM 240  3825.7 23.0 7.0 4690.6 497.5 236.4 0.97 0.84 1.01
2 HEM 260  4468.8 18.0 6.0 5160.6 593.1 280.1 0.98 0.86 1.03
1 HD320x198  5147.1 14.0 5.0 5929.1 817.6 359.6 0.99 0.89 0.99
10 HEA 160 4914 0.0 0.0 911.8 57.6 27.6 0.89 0.66 0.82
9 HEB 180 982.8 0.0 0.0 1534.6 113.1 54.3 0.92 0.73 0.88
8 HEB 220 1474.2 0.0 0.0 2138.5 194.3 92.6 0.95 0.80 0.86
7 HEB 240 1965.6 0.0 0.0 2491.0 2415 1171 0.96 0.83 0.95
6 HEB 280  2457.0 0.0 0.0 3087.9 360.5 168.6 0.98 0.87 0.91
5 HEB 300 29484 0.0 0.0 3503.9 439.2 204.5 0.98 0.89 0.95
4 HEM 240  3439.8 0.0 0.0 4690.6 497.5 236.4 0.97 0.84 0.87
3 HEM 240  3931.2 0.0 0.0 4690.6 497.5 236.4 0.97 0.84 0.99
2 HEM 260  4422.6 0.0 0.0 5160.6 593.1 280.1 0.98 0.86 0.99
1 HEM 280  4914.0 0.0 0.0 5644.7 697.0 328.3 0.98 0.88 0.99
Column design results CBF102-EC8
storey  section Ned Myed Mzeq Nri Myri Mzri Xy Xz eff.
10 HEB 180 315.5 134.5 14 1534.6 113.1 54.29 0.92 0.73 0.98
9 HEB 180 720.0 114.7 14 1534.6 113.1 54.29 0.92 0.73 0.97
8 HEB 220 1175.7 128.9 2.8 2138.5 194.3 92.57 0.95 0.80 0.88
7 HEB 240 1679.1 160.0 4.2 2491.0 247.5 117.12 0.96 0.83 1.00
6 HEB 280 2227.4 161.5 4.2 3087.9 360.5 168.64 0.98 0.87 0.95
5 HEB 320 2816.3 203.9 7.1 3790.6 505.0 220.69 0.99 0.89 1.01
4 HD320x158  3443.1 202.5 9.9 4728.2 638.7 280.59 0.99 0.89 0.96
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Annex B: Details of Eurocode analysis and design of CBF-s

storey section Neg Myeq Mzed Nrk Myrk Mzrk Xy X2 eff.
3 HD360x%179  4109.0 186.9 9.9 5365.1 818.3 395.51 1.00 0.93 0.92
2 HD360%x196 4794.5 2521 22.7 5882.1 901.7 436.16 1.00 0.93 1.01
1 HD400%x237 5575.7 398.0 22.7 70712 11012  560.95 1.00 0.94 1.02
10 HEA 180 296.0 63.7 1.4 1064.6 76.4 36.8 0.91 0.72 0.86
9 HEB 180 588.3 103.4 1.4 1534.6 113.1 54.3 0.92 0.73 0.94
8 HEB 220 880.0 138.8 2.8 2138.5 194.3 92.6 0.95 0.80 0.91
7 HEB 260 1168.3 165.7 4.2 2782.4 301.5 141.5 0.97 0.85 0.87
6 HEB 280 1457.2 194.0 4.2 3087.9 360.5 168.6 0.98 0.87 0.96
5 HEB 300 1750.4 228.0 7.1 3503.9 439.2 204.5 0.98 0.89 1.01
4 HD320x158 2039.6 2521 9.9 4728.2 638.7 280.6 0.99 0.89 0.87
3 HD320x158  2327.1 250.7 9.9 4728.2 638.7 280.6 0.99 0.89 0.99
2 HD360x179 2615.7 347.0 22.7 5365.1 818.3 395.5 1.00 0.93 0.95
1 HD360x196  2900.9 498.5 22.7 5882.1 901.7 436.2 1.00 0.93 0.99
Column design results CBF41Q5-EC8
storey  section NEeg Myed Mzeq Nrk Myrk Mzrk XAy X1z eff.
4 HEA 140 295.8 1.0 0.0 737.9 40.8 19.9 0.86 0.60 0.68
3 HEA 180 648.6 1.0 1.0 1064.6 76.4 36.8 0.91 0.72 0.87
2 HEB 180 1038.1 3.0 1.0 1534.6 113.1 54.3 0.92 0.73 0.95
1 HEB 220 1476.5 3.0 1.0 2138.5 194.3 92.6 0.95 0.80 0.88
4 HEA 160 4914 0.0 0.0 911.8 57.6 27.6 0.89 0.66 0.82
3 HEB 180 982.8 0.0 0.0 1534.6 113.1 54.3 0.92 0.73 0.88
2 HEB 220 1474.2 0.0 0.0 2138.5 194.3 92.6 0.95 0.80 0.86
1 HEB 260 1965.6 0.0 0.0 2782.4 301.5 141.5 0.97 0.85 0.83
Column design results CBF61Q5-EC8

storey section  Neg Myes  Maeg Nri Myrc  Mari Xy 1 eff.
6 HEA 140 2954 0.0 0.0 737.9 40.8 19.9 0.86 0.60 0.67
5 HEA 180 650.2 1.0 0.0 1064.6 76.4 36.8 0.91 0.72 0.85
4 HEB 180 1035.3 3.0 1.0 1534.6 113.1 54.3 0.92 0.73 0.95
3 HEB 220 1447.9 5.0 2.0 2138.5 194.3 92.6 0.95 0.80 0.86
2 HEB 240 1896.4 6.0 2.0 2491.0 247.5 1171 0.96 0.83 0.93
1 HEB 280 2389.1 6.0 2.0 3087.9 360.5 168.6 0.98 0.87 0.90
6 HEA 160 4914 0.0 0.0 911.8 57.6 27.6 0.89 0.66 0.82
5 HEB 180 982.8 0.0 0.0 1534.6 1131 54.3 0.92 0.73 0.88
4 HEB 220 1474.2 0.0 0.0 2138.5 194.3 92.6 0.95 0.80 0.86
3 HEB 240 1965.6 0.0 0.0 2491.0 247.5 1171 0.96 0.83 0.95
2 HEB 280 2457.0 0.0 0.0 3087.9 360.5 168.6 0.98 0.87 0.91
1 HEB 300 2948.4 0.0 0.0 3503.9 439.2 204.5 0.98 0.89 0.95
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Column design results CBF61M-EC8

storey  section Neg Myeq Mzed Nrk Myrk Mzrk Xy X2 eff.
6 HEA 160 424.4 2.6 8.0 911.8 57.6 27.6 0.89 0.66 1.02
5 HEA 200 9415 3.5 1.7 1264.3 100.9 479 0.93 0.76 1.01
4 HEB 220 1470.7 6.3 2.5 2138.5 194.3 92.6 0.95 0.80 0.88
3 HEB 240 19715 7.3 3.4 2491.0 247.5 1171 0.96 0.83 0.98
2 HEB 280 2503.8 11.0 4.0 3087.9 360.5 168.6 0.98 0.87 0.95
1 HEB 300 3095.3 11.0 4.0 3503.9 439.2 204.5 0.98 0.89 1.02
6 HEA 180  737.1 0.0 0.0 1064.6 76.4 36.8 0.91 0.72 0.96
5 HEB 220 1474.2 0.0 0.0 2138.5 194.3 92.6 0.95 0.80 0.86
4 HEB 260 2211.3 0.0 0.0 2782.4 301.5 1415 0.97 0.85 0.93
3 HEB 280 2702.7 0.0 0.0 3087.9 360.5 168.6 0.98 0.87 1.01
2 HEB 320 3194.1 0.0 0.0 3790.6 505.0 220.7 0.99 0.89 0.95
1 HEM 240 3685.5 0.0 0.0 4690.6 497.5 236.4 0.97 0.84 0.93
Column design results CBF81M-EC8
storey  section NEeg Myed Mzeq Nrk Myrk Mzrk XAy X1 eff.
8 HEA 160  394.3 0.0 0.0 911.8 57.6 27.6 0.0 0.89 0.66
7 HEA 200 858.4 2.0 0.0 1264.3 100.9 479 2.0 0.93 0.76
6 HEB 200 1356.7 3.0 1.0 1835.4 151.0 71.9 3.0 0.94 0.77
5 HEB 240 1880.9 7.0 2.0 2491.0 247.5 1171 7.0 0.96 0.83
4 HEB 280 2402.3 8.0 3.0 3087.9 360.5 168.6 8.0 0.98 0.87
3 HEB 320 2960.6 15.0 5.0 3790.6 505.0 220.7 15.0 0.99 0.89
2 HEM 240 3572.3 17.0 5.0 4690.6 497.5 236.4 17.0 0.97 0.84
1 HEM 260 4234.7 11.0 4.0 5160.6 593.1 280.1 11.0 0.98 0.86
8 HEA 180 617.6 0.0 0.0 1064.6 76.4 36.8 0.91 0.72 0.81
7 HEB 200 1235.3 0.0 0.0 1835.4 151.0 71.9 0.94 0.77 0.88
6 HEB 240 1852.9 0.0 0.0 2491.0 247.5 1171 0.96 0.83 0.90
5 HEB 260 2470.5 0.0 0.0 2782.4 301.5 1415 0.97 0.85 1.04
4 HEB 300 2961.9 0.0 0.0 3503.9 439.2 204.5 0.98 0.89 0.95
3 HEB 320 3453.3 0.0 0.0 3790.6 505.0 220.7 0.99 0.89 1.03
2 HEM 240 3944.7 0.0 0.0 4690.6 497.5 236.4 0.97 0.84 1.00
1 HEM 260 4436.1 0.0 0.0 5160.6 593.1 280.1 0.98 0.86 1.00
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Resumé francais

1. INTRODUCTION A LA PROBLEMATIQUE DE LA THESE

Les contreventements en acier sont des moyens couramment utilisés pour assurer une
rigidité latérale et une résistance aux batiments en acier, mais aussi aux batiments mixtes acier-
béton et aux batiments en béton armé, voir Figure 1. En outre, ils constituent 1’une des
solutions recommandées pour un renforcement parasismique. La performance sismique des
ossatures contreventées a été étudiée par de nombreux auteurs au cours des derniéres
décennies, et plusieurs problémes ont été identifiés en liaison avec la réponse réelle des
ossatures, et les méthodes de conception et dimensionnement sismique a spécifier dans les
normes ou les codes tels que I'Eurocode 8. Parmi les nombreux sujets, on peut citer entre autres
le comportement cyclique des diagonales, les dispositions efficaces et les assemblages de ces
diagonales, les exigences imposées a ces mémes ¢éléments souvent I’objet de controverses, la
localisation de déformations inélastiques pouvant conduire a un comportement d’étage faible,
etc. La conclusion principale de la plupart des recherches menées sur la performance sismique
des ossatures contreventées est de constater que la réponse réelle de ces ossatures peut différer
beaucoup de celle des modéles simplifiés préconisés dans les codes. En conséquence, pour
obtenir un comportement sismique satisfaisant, ces codes peuvent d’étre amendés ou méme
fondamentalement modifi¢s. Ce sera le cas de ’Eurocode 8-1 dans le présent travail de these.
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Figure 1; Bdtiment contreventé

Afin de se concentrer sur un sujet suffisamment important pour constituer un travail de
thése de doctorat, notre choix a porté sur I’éventualité d’un comportement dissipatif localisé
sur un étage de I’ossature. Les objectifs de la recherche sont les suivants:

- Donner une description plus réaliste de la réponse sismique des ossatures
contreventées;

- ldentifier les facteurs contribuant au développement d’un comportement
dissipatif localisé sur un étage;
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- Examiner la performance des ossatures contreventées dimensionnées
conformément a I'Eurocode 8;

- ldentifier les points faibles des régles de I’Eurocode 8 a I’origine de ce
comportement insuffisant;

- Proposer une méthode de redimensionnement complémentaire a la procédure
actuelle de I’Eurocode 8 faisant appel a d’autres critéres, notamment en
comportement plastique et élasto-plastique, et vérifier la validité de cette
méthode de redimensionnement sur plusieurs exemples d’ossatures démontrant
la disparition complete de mécanismes dissipatifs localisés a un ou quelques
¢tages;

Dans la conception habituelle, les ossatures contreventées sont censées générer un
mécanisme global plastique lorsqu'elles sont soumises a des actions sismiques, voir la Figure
2/a. Selon le sens de ces actions, les diagonales de traction s’allongent plastiquement et celles
en compression flambent. Ce mécanisme offre la plus grande dissipation possible dans
I’ossature résistante puisque chaque diagonale d’étage contribue a la dissipation de 1'énergie
sismique. Le mécanisme global fournit donc la plus grande réduction possible des forces
internes de I’ossature. En outre, en raison de répartition uniforme des déplacements latéraux
de chaque étage, une capacité de déplacement plus importante peut étre obtenue. Afin d'utiliser
la quantité maximale de dissipation plastique, il convient de s’assurer que toutes les diagonales
subissent des allongements plastiques a chaque étage compatibles avec leur ductilité en
comportement cyclique alterné. Les éléments non dissipatifs, c’est-a-dire, les poteaux et les
poutres doivent rester élastiques. Dans une conception correcte, l'apparition de la plasticité
dans les diagonales doit étre préservée par une condition de surrésistance imposée aux poteaux
et aux poutres, en conformité avec le principe dit de « dimensionnement en capacité ».

Bien que le mécanisme global plastique soit celui que les méthodes de conception
simplifiées supposent, il y a le risque qu'un autre mécanisme de ruine se produise. Celui-ci est
souvent désigné comme mécanisme d’étage faible, voir la Figure 2/b, et il aurait été observé
au cours de tremblements de terre récents (Northridge, Christchurch). Dans un mécanisme d’un
ou quelque étages faibles, les déformations plastiques sont localisées sur un ou un nombre
limité d'étages successifs. Lorsque la diagonale en traction atteint sa limite de résistance
plastique, la diagonale comprimée a déja flambé, si bien que les poteaux doivent apporter leur
contribution dans la reprise des forces sismiques horizontales. Alors que dans le cas du
mécanisme global plastique les poteaux restent rectilignes, un mécanisme d’étage faible va
provoquer la double courbure des poteaux. Si l'action sismique latérale est importante, des
rotules plastiques peuvent se former aux extrémités haute et basse des poteaux fléchis, soit au-
dessus soit au-dessous des dalles de plancher et un mécanisme plastique local se développe a
I’étage. Dans cette situation de mécanisme local, les déplacements latéraux des étages
supérieurs sont approximativement égaux au déplacement de I'étage faible. En outre, toute la
dissipation plastique du batiment se limite a celle de 1'étage faible, le reste de 1’ossature
demeurant inexploitée. En conséquence, la dissipation d'un mécanisme local est de loin
inférieure a celle du mécanisme global. En outre, dans un mécanisme local, les poteaux peuvent
se trouver soumis a une flexion importante, alors qu'ils ne sont pas congus a l'origine pour
résister de la sorte, mais pour fonctionner comme des éléments de treillis. En raison de la
flexibilité des poteaux, le comportement d’étages faibles implique le risque d’une ruine rapide
par grand déplacement latéral.
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Figure 2; Mécanisme global et mécanisme local d’un étage faible

Comme déja annoncé plus haut, la thése porte sur I’éventualité du comportement
dissipatif d’étages faibles d’ossatures contreventées dimensionnées conformément a
I'Eurocode 8. La performance des ossatures contreventées sera évaluée au moyen de I'ADI
(Analyse Dynamique Incrémentale). En fait, I'accent sera mis davantage sur l'apparition de
mécanismes commengants d’étages faibles que sur la vérification du dimensionnement en
résistance, encore que des aspects de résistance en fatigue oligocyclique des diagonales, de
résistance en flexion hors-plan des goussets auxquels sont attachées ces diagonales, et de
résistance plastique des poteaux en tant qu’éléments comprimés et fléchis ne puissent étre
négligés dans notre approche.

2. EFFICACITE DES BATIMENTS DIMENSIONNES SELON EUROCODE 8

Dans la littérature existante, il convient de dire que certaines faiblesses des régles de
I'Eurocode 8 ont déja été identifiées. Toutefois, il n’existe pas a notre connaissance d’études
approfondies avec des méthodes précises pour se prémunir de 1’éventualité de mécanismes
dissipatifs locaux d’étages. Afin de pouvoir apprécier I’insuffisance de I’Eurocode 8 a ce sujet,
plusieurs batiments ont été dimensionnés selon cet Eurocode et seront ultéricurement testés
par des simulations numériques de type ADI.

Les batiments peuvent se distinguer par leur nombre d'étages, mais également par la
disposition spatiale des systémes résistants a 1’action sismique, et aussi par la régularité ou
I’irrégularité en €lévation et en plan des batiments. Dans le présent travail, on a adopté des
batiments de 4, 6, 8 et 10 étages, désignés par CBF4, CBF6, CBF8 et CBF10 respectivement.
Les batiments sont identiques dans le plan sans irrégularité géométrique dans ce plan. Ils sont
construits sur un réseau orthogonal qui se compose de quatre portées identiques dans les deux
directions du plan. Chaque portée est de 6 métres, qui donne un contour carré en plan de 24 x
24 métres. La hauteur entre étages est de 3 métres, voir la Figure 3. Deux types de batiment
ont été étudiés.
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Figure 3; Plan et élévation des bdtiments

Dans les batiments de type 1, la résistance aux actions latérales est fournie par
triangulation par diagonales dans les deux directions. Dans les batiments de type 2, on a
triangulation par diagonales dans une direction et ossatures en portiques dans 1’autre direction
orthogonale. Le tableau suivant résume les différents batiments étudiés, souligne leurs
particularités et donne aussi la période du premier mode de vibration. Dans la désignation, le
symbole EC8 veut indiquer que les batiments sont dimensionnés ici avec les seules régles de

aN{

i

I’Eurocode.
Tableau 1; Bdtiments contreventés
Bdtiment Caractéristique Peériode (Ty
sec)
CBF41-EC8 4 étages, deux ossatures contreventées 1.13
CBF42-ECS8 4 étages, portique — ossature contreventée 1.19
CBF61-EC8 6 étages, deux ossatures contreventées 1.65
CBF62-ECS8 6 étages, portique — ossature contreventée 1.61
CBF81-EC8 8 étages, deux ossatures contreventées 2.10
CBF82-EC8 8 étages, portique — ossature contreventée 2.04
CBF101-EC8 10 étages, deux ossatures contreventées 2.54
CBF102-EC8 10 étages, portique — ossature contreventée 241
CBF41Q5-EC8 4 étages, dimensionnement avec facteur g=5 1.21
CBF61Q5-EC8 6 étages, dimensionnement avec facteur =5 1.68
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CBF61M-EC8 6 étages irrégularité de masse de 50% en partie supérieur 1.78
CBF81M-EC8 8 étages irrégularité de masse de 20% en partie supérieur 2.17

Pour effectuer les calculs de I'analyse dynamique non linéaire (ADI) on a utilisé le
logiciel FinelG d'éléments finis. Pour 1’action sismique sept accélérogrammes artificiels ont
¢été sélectionnés. La durée de chaque accélérogramme est de 20 secondes avec implicitement
les spectres de réponse de ces accélérogrammes calés sur le spectre de dimensionnement de
I’Eurocode 8-1, voir Figure 4. Avec chaque accélérogramme, plusieurs ADI sont effectuées
en faisant croitre progressivement l'accélération maximale du sol par un facteur multiplicatif
(facteur d’échelle) variant de 0.1 a 2.0, dit « facteur d’échelle », de mani¢re a couvrir un large
domaine d’accélérations de part et d’autre de l’accélération de dimensionnement (qui
correspond évidement au facteur multiplicatif 1.0)

9

~N ©o

w A~ o o

- N

Spectral acceleration (5% damping)

Period

Figure 4; Spectre de dimensionnement et spectres des accélérogrammes artificiels

L'interprétation principale du programme de simulations numériques consiste a Voir Si
les ossatures contreventées sont susceptibles ou non de comportement a étages faibles, voire
de ruine anticipée de ces étages a des niveaux d’accélération inférieurs a celui de
dimensionnement. Afin de faciliter cette interprétation, I'évolution du déplacement relatif
maximal entre étages (IDR) en fonction de I’augmentation du facteur d'échelle de 1'accélération
maximale du sol a été calculée a partir des résultats du calcul numérique. Dans chaque
diagramme, les étages sont représentés séparément de sorte que des différences importantes
entre réponses d'étages peuvent €tre facilement visualisées. D’un simple coup d’ceil, on peut
savoir si les familles de courbes se regroupent dans un faisceau étroit ou sont dispensées, Voir
Figure 5. Dans le domaine de comportement dissipatif, les différences peuvent étre parfois
grandes, méme pour un facteur d'échelle en dessous de la valeur 1.0 de dimensionnement. On
peut trouver que la différence maximale entre les déplacements relatifs d’étages est plusieurs
fois supérieure a la différence minimale. Dans pareille situation, I’ossature ne présente donc
pas une dissipation correctement répartie; il y a des étages qui subissent des incursions
plastiques beaucoup plus prononcées que d'autres. Il est également important de noter que le
comportement singulier d’un étage supérieur peut se stabiliser au-dela d’une certaine valeur
du facteur d'échelle et que d’autres étages peuvent méme le rattraper. Dans la plupart des
diagrammes ainsi tracés le déplacement relatif de 2% est dépassé pour un facteur d'échelle
inférieur a 1.0, qui traduit I'insuffisance du dimensionnement selon 1’Eurocode. Pour
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précision, la fourchette limite retenus de 2 a 3% pour un déplacement relatif d’étages peut étre
justifiée sur des bases empiriques de I'endommagement des éléments secondaires (Etats
Limites de Dommages), ainsi que la fatigue oligocyclique des diagonales de contreventement,
de leurs goussets d’attache et la résistance des autres éléments de 1’ossature résistante, en
particulier les poteaux (Etats Limites Ultimes).

45 - "
40 - ,,,,, (;BF6Z EC8

0.00 025 050 075 100 125 150 1.75 2.00 000 025 050 075 100 125 150 175 200
facteur d'échelle de l'acceleration facteur d'échelle de l'acceleration

Figure 5; Diagrammes de I’ADI déduits de I’ADI

3. ASPECTS A L’ORIGINE AU DEVELOPPEMENT D’ETAGE FAIBLE

Les analyses des batiments étudiés ayant montré un comportement plus ou moins
prononcé d’étages faibles, la compréhension et la description qualitative des phénoménes a
I’origine de ce comportement s’impose de toute évidence. Examinant la déformée du modele
de la Figure 6 suite a une action sismique, on peut voir que toutes les diagonales ont une forme
triangulaire flambée. Dans la section médiane des diagonales de contreventement, des rotules
plastiques se sont formées. Sous les cycles répétés de I’action sismique, les déformations
plastiques se sont cumulées, facilitant de plus en plus le flambage par rotation de la rotule
plastique. Finalement, cela conduit a une géométrie triangulaire de la diagonale. Les
allongements plastiques augmentent la longueur des barres; si bien que les diagonales se
trouvent étre naturellement en compression lorsque le batiment est déchargé latéralement de
I’excitation sismique. Plus les allongements plastiques se développent, plus la triangularité des
diagonales est prononcée

e} O

//\\ o
/ \

m/\\mwm
it -

Figure 6; Déformation plastique des diagonales

A la Figure 7, la courbe de la force axiale - déplacement axial d'une diagonale durant
20 secondes d’excitation cyclique est présentée. Sur cette courbe, plusieurs des pics en traction
ne provoquent pas de plasticité, mais seulement en trois cycles, un allongement considérable
en traction plastique se produit. Comme la longueur de la diagonale déformée devient plus
grande que la longueur d'origine, on constate que le flambement se produit méme du co6té des
déformations positives ou on s’attendrait normalement a un comportement de traction. En
paralléle, la charge de flambement diminue, conduisant a chaque cycle a des déformations

\
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\
4
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plastiques cumulées principalement en milieu de la barre avec formation d’une rotule plastique.
Avec I’augmentation de la longueur de la barre, le plein développement de la résistance en
traction de la diagonale va nécessiter des déplacements axiaux plus importants. 1l en résulte,
lorsque de petits déplacements en traction ont lieu, que ’effort dans la diagonale est diminué

de fagon significative, et donc également sa rigidité initiale.
1.2

traction

compression

-12 -10 -8 -6 -4 -2 0 2 4 6 8 10
Déformation axiale €[%d

Figure 7; Courbe force — déformation d’une diagonale en cyclique

L'accroissement progressif de la triangularité se traduit par une diminution de la force
axiale dans les diagonales et un report de la charge sismique sur les poteaux. Or, la rigidité en
flexion des colonnes ne permet pas de compenser la perte de rigidité latérale consécutive a la
dégradation des diagonales. Ainsi la rigidité latérale de I'étage faible devient nettement
inférieure a celle des autres étages. Cette modification de la répartition des raideurs entraine
des changements qualitatifs dans la réponse modale du batiment. Une modification
significative de la répartition des raideurs du systéme, voir Figure 8, modifie I’allure des modes
ainsi que les fréquences naturelles. Les modes se décomposent en modes décrivant le
mouvement des dalles au-dessus de 1'étage faible et en mode résonance de ceux dessous. Dans
la Figure 8, seuls les deux premiers modes sont présentés puisqu’ils correspondent aux modes
dont les facteurs de participation sont les plus élevés, les modes supérieurs étant pour la plupart
négligeables. Le premier mode posséde une période sensiblement plus élevé que le second
mode. Donc, si on calcule la réponse en déplacement du batiment sur base du spectre de
réponse en déplacement et de la combinaison des modes, on constate que la réponse est
fortement régie par le premier mode imparfait.
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Figure 8; Réponse d 'une portique imparfait
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La triangulation des barres de contreventement induit un report des charges latérales
sur les colonnes. Par ailleurs, comme la rigidité en flexion des colonnes est sensiblement
inférieure a la raideur axiale des diagonales, ce mode de déformation a également pour
conséquence une diminution substantielle de la rigidité au cisaillement latérale. L'irrégularité
de la répartition de la raideur horizontale sur la hauteur du batiment modifie le comportement
dynamique global et induit une localisation de grands déplacements au droit de 1'étage
considéré. Le phénoméne est amplifié par un phénoméne de « découplage » de la réponse
modale. Les grands déplacements induisent des déformations plastiques qui se cumulent dans
des rotules plastiques situées au milieu des barres qui se détériorent avec pour résultat une
chute de la résistance rendant ainsi plus aisé¢ le développement et 1’accumulation de
déformations plastiques.

Ce processus est une boucle récurrente au cours de laquelle les dommages de 1'étage
faible augmentent progressivement. Ainsi I’initiation du mécanisme étage faible aura pour
conséquence d’accentuer le phénomeéne qui s’amplifie au cours des cycles et donc on peut
déduire que le phénomene induit une rupture dans le comportement modal et que cette derniere
s’accentue. Ainsi le phénoméne s’auto-alimente et a pour conséquence d’accroitre la
plastification localisée. La boucle est rompue par l'effondrement de 1'étage faible. Cela peut se
produire soit par ruine des poteaux qui ont une capacité de résistance insuffisante ou sont
discontinus soit par fatigue des diagonales et des goussets. La boucle présentée conduit
évidemment a la ruine de la structure si cette derniére est soumise a un nombre de cycles
suffisants. Le nombre de cycles au cours d'un séisme reste limité. Ainsi en empéchant les
déformations dans les diagonales et en offrant une résistance accrue des colonnes en flexion,
le développement progressif de 1'étage faible peut étre empéché.

Déforamtion plastique de diagonale
- mode superieures
- proportions de surresistance
-effets du tremblement de terre aléatoires
(- degradation cumulative)

ruine
fracture de diagonale)

Y

ﬁ Déformation de la barre \

Participation des . | Diminution dela
poteaux dansla T | rigidité latérale

résistance

ruine ‘ Variation de la réponse Amplification de

(instabilité) / et des effort sismiques déplacement et de la
déformation

Figure 9; Organigramme du développement d ‘étage faible

La condition dans I'Eurocode 8 pour promouvoir une plasticité simultanée de toutes les
barres de traction, assurant de la sorte un comportement plastique global s’exprime en exigeant
que le maximum et le minimum de la surrésistance des diagonales (dans la situation sismique
de calcul) ne différent pas de plus de 25%.

Lnax <1.25 1)
Qmin

Dans la situation de calcul de I’Eurocode 8, les vérifications sont effectuées dans
I’hypothése d’un état élastique de la structure, permis par ['utilisation du facteur de
comportement conduisant a une action sismique d’intensité réduite. En revanche, dans un état
inélastique, proche de la ruine, les exigences de type (1) de la norme ne sont plus adaptées a
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priori. Dés I’instant ou la plasticité se développe a un niveau de I’ossature, la distribution
¢lastique des forces statiques équivalentes de [D’action sismique va se trouver
fondamentalement modifié.

Pour s’assurer que les déformations plastiques restent localisées exclusivement dans les
diagonales, le dimensionnement des poteaux et des poutres de la structure primaire est effectué
en majorant la partie sismique de leurs sollicitations par différents facteurs. Ainsi la résistance
axiale de ces ¢léments, calculée conformément a I'Eurocode 3 en tenant compte d’une
interaction éventuelle avec la flexion, Npird(Med), doit satisfaire I'exigence ci-apreés:

NRd(MEd)ZNEd,G +1.1-7,, - 2-Ngg g ou 2=, (2)

L'analyse élastique et statique des sollicitations sismiques d'une ossature contreventée
sans imperfection des barres ne donne seulement que des forces axiales dans les poteaux et les
poutres dans I’hypothése d’un fonctionnement en treillis. En réalité, la détérioration
triangulaire des diagonales, comme cela a été décrit précédemment, conduit a transférer a
chaque niveau une part de I’effort tranchant horizontal sismique sur les poteaux (en général
continus sur la hauteur), qui se trouvent par conséquent fléchis. Comme l'analyse élastique
classique ne fournit pas de forces internes représentatives de cette situation, ou tout au moins
pas avec ’amplitude qui convient, la résistance axiale des poteaux est surestimée et conduit a
un sous-dimensionnement des sections de ces poteaux. En outre, il n’est pas exclu que les
poteaux soient soumis a une déformation plastique, exigeant de leur part un comportement
ductile, d’ou des exigences de dimensionnement encore plus sévéres (par exemple avec une
limitation de I’effort normal et de 1’élancement).

Sur la base de toutes les observations de la thése sur le comportement d’ossatures
contreventées, les conclusions suivantes peuvent étre tirées sur la conception parasismique de
I’Eurocode 8:

- Les ossatures montrent une grande sensibilit¢ a faire apparaitre un
comportement d’étage faible;
- Un comportement d’étage faible peut conduire a une ruine précoce de 1’étage et

donc de la structure primaire;

- Les déformations plastiques des diagonales peuvent provoquer un changement
significatif du comportement dynamique de 1’ossature, d’ou une redistribution

des forces sismiques équivalentes. En aucune fagon, ces modifications ne sont

considérées dans la procédure de dimensionnement de I'Eurocode 8;

- Le comportement inélastique de 1’ossature primaire que I’Eurocode 8 laisse de
coté, est significativement différent de son comportement élastique;
- Lacondition d'uniformité selon la relation Eg. (1), non suffisante sur le plan de

la dissipation globale, est également vraisemblablement affectée par le caractére

aléatoire de l'excitation sismique qui disparait lors du dimensionnement au

moyen du spectre de réponse;
- L’analyse d'un modele d’ossature sans imperfections de forme conduit a une
sous-estimation de la flexion des poteaux qui se développe avec la détérioration

des diagonales; aussi I’Eurocode 8 ne garantit-il pas une surrésistance suffisante

pour les poteaux;

- Enfin T’Eurocode 8 ne donne aucune spécification pour les ossatures
contreventées au sujet de ’effet de continuité des poteaux en général sur toute

la hauteur de 1’ossature;
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4. METHODE DITE « ROBUST SEISMIC BRACE DESIGN »

La premicre idée a la base de la méthode RSBD repose sur la nécessité d’utiliser un
mode¢le inélastique d’analyse de la structure a la place du modé¢le élastique initial. Dans cette
situation de comportement, en raison de la détérioration des diagonales, les déplacements se
produisent essentiellement au-dessus de I’étage faible. Les forces sismiques équivalentes
correspondant a ce mouvement d’ensemble sont alors constantes, réparties du sommet de
I’ossature jusqu’a I'étage faible, comme le montre la Figure 10. Afin d'éviter une ruine d’étage
faible, il convient de vérifier que cette distribution de forces provoque un mécanisme plastique
global a un niveau de multiplicateur de charge Agiob,i inférieur a celui du multiplicateur Aioc,i du
mécanisme d'étage local. Dans une ossature contreventée de n étages, n distributions de forces
différentes sont a considérer, si bien que la condition ci-dessous doit étre satisfaite pour n
paires de multiplicateurs :

@21.0 where i=1..n 3)
glob,i
NN )
A
Lo L ~ o L
R /\glob N /\Ioc
> ~
AN
AN

Figure 10; Modeéles de calcul plastique

La condition (3) peut étre satisfaite par le renforcement soit de la diagonale, soit les
sections des poteaux, les deux types d’éléments étant impliqués dans la résistance plastique
d'un certain étage. Si, dans un cas limite, la résistance n’est donnée que par la diagonale et si
celle des poteaux est négligeable (ou Si ces poteaux sont articulés aux deux extrémités), 1’effort
tranchant horizontal correspondant a la plasticité de la diagonale en traction est alors égal a la
résistance plastique de 1'étage. Comme la méthode vise a empécher la réalisation d’un
mécanisme d’étage, la plasticité de la diagonale ne doit pas étre atteinte et donc 1'étage reste
¢lastique durant toute l'action sismique. Inversement, si toute la résistance est fournie par les
poteaux et si celle des diagonales de 1’étage est négligeable, le déplacement latéral au niveau
de cet étage sera beaucoup plus grand que sur les autres étages, car la flexibilité des poteaux
permet des déplacements plus importants que ceux dis a la triangulation. On peut considérer
qu’un tel plancher a tendance a présenter un comportement d’étage faible. Les réponses de ces
deux cas limites sont représentées dans la Figure 11 avec comparaison au comportement
souhaitable d'un étage normal.
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intensité sismique
Figure 11; Réponses possibles d’un étage

L'objectif d'un deuxiéme critére est précisément d'éviter des cas ou trop ou trop peu de
déformations inélastiques vont se produire. Dans ce but, le comportement élasto-plastique d'un
¢tage faible doit étre considéré. Sur la Figure 12, la force de cisaillement d'un étage,
représentée par son multiplicateur A, et le déplacement relatif d’entre le haut et le bas du méme
¢tage constituent les deux axes des diagrammes représentés. La ligne noire représente la courbe
de chargement (type « pushover ») d'un étage avec une diagonale rectiligne. La courbe rouge
représente le déchargement avec une déformation triangulaire de la diagonale, plus importante
sur la figure de droite que sur celle de gauche. Si la résistance de la diagonale, ou en d'autres
termes sa limite élastique correspondant au multiplicateur Ao, est proche de Agion, de grands
déplacements inélastiques associés a une forte détérioration triangulaire de la diagonale ne
peuvent se produire, et dans ce cas les déplacements correspondant a la limite élastique de et a
la formation du mécanisme global dgion SOnt proches I'un de ’autre. Inversement, si Agiob €St
significativement plus grand que Abr, les poteaux permettent de grands déplacements avant que
le mécanisme global ne se développe. Manifestement, la grandeur du déplacement inélastique
auquel on peut s’attendre est en étroite corrélation avec la position du multiplicateur de charge
global Agiob dans I’intervalle [Aor, Aloc]. C’est la raison pour laquelle un deuxiéme critére de la
méthode consiste a resserrer cet intervalle, autrement dit a imposer que le maximum et le
minimum du rapport BPR ci-aprés ne différent pas de plus de 10%.

BPRmin +0'12 BPRmax avec BPR| = ﬂbr'i (4)

glob,i

Il est évident que si le BPR est proche de 1.0, la triangulation est surdimensionnée, le
role des poteaux est a peine nécessaire et 1'étage n’est pas vraiment impliqué dans la dissipation

plastique. Pour cette raison, il est recommandé que le BPR maximal ne dépasse pas 0.9.
Y%

PGA

deI:d br dglob - deI:d br dglob

Figure 12; Etage surdimensionné (a gauche) et étage faible (a droite)
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Afin de disposer des multiplicateurs de charge nécessaires pour évaluer les deux critéres
de la méthode RSBD, on doit exprimer 1'équivalence des travaux extérieurs et intérieurs pour
les mécanismes locaux et globaux. Dans le cas d’un mécanisme global I'égalité est la suivante:

WZ. glob,i +WG ,glob ™ Z t,br,i (5)

Sous forme développée et sans rentrer ici dans tous les détails, cette égalité donne:

e (zAsj
iglob,l Z(mpk ZAB j z — | = Z N ol bri ABI -COS ¢ (6)
k= = kL)1 22 H, i

k=1

Dans le cas d’un mécanisme local, I’égalité est la suivante:
W, oot FWa 00 =W pr i + Wi, (7)

Aloc,i G,loc,i t,br,i

Sous forme développée et sans rentrer dans les détails, cette derniere égalité donne:

k=i I=1 i (8)
AB,

=N -ABi-COSai+ZM it
i1

pl,br,i

col,i, j H

Des relations (6) et (8), les multiplicateurs globaux et locaux peuvent étre déduits
explicitement. Cependant, il est a noter que, pour la détermination du multiplicateur local un
calcul itératif en deux étapes peut étre nécessaire dans la mesure ou le moment résistant
plastique des poteaux peut étre réduit par interaction avec la force axiale, laquelle est
dépendante des forces sismiques latérales du mécanisme a connaitre.

3 N OB, 008, - 336, (ZIABJ
o 2ZH

;tglob,i = n K (9)
(mpk -ZABJ
k=i =1
n AB, &) B2
Npl,br,i'ABi'Cosai_'-ZMred,i,j'?_ZZGKI oH.
j’Ioc,i = = n : o= : (10)

AB; z mp,
k=i

La formule pour le calcul de Abr, qui est nécessaire a la connaissance de BPR; se déduit
de la relation (10), en négligeant la participation des poteaux:

& . AB?
Npori A -COSa; =3 > Gy oH
Ao = — : (11)

AB; 'Zmpk

k=i
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5. RESULTATS NUMERIQUES ET PERFORMANCE DE LA METHODE RSBD

Ci-aprés, pour les deux ossatures contreventées déja considérées plus haut a la figure
5, les résultats de la méthode sont donnés dans les tableaux 2, 3, 4 et 5 et sur les figures 13 et
14 illustrant les réponses en déplacements relatifs d’étages selon I’analyse dynamique
incrémentale (ADI). Les tableaux donnent les sections les plus importantes, les sur-résistances
et les multiplicateurs de charge de la méthode RSBD. Dans les tableaux 2 et 4, qui
correspondent au dimensionnement initial selon I’ECS, les insuffisances des multiplicateurs de
charge (premier critére) et les valeurs du BPR maximum et minimum (deuxiéme critére) sont
signalées en caracteres gras. Dans les tableaux 3 et 5, les sections modifiées par la méthode
RSBD et aussi les nouvelles valeurs du BPR maximum et minimum sont également en gras.
Au-dessous de chaque tableau, le rapport entre la plus grande et la plus petite surrésistance des
diagonales imposée au plus égal a 1,25 par I’Eurocode 8, est également indiqué.

Examinant ces deux exemples, on peut voir que la méthode RSBD corrige systématique
la présence de I'étage(s) faible(s) dans les batiments dimensionnés selon ’EC8. En outre, le
phénomene d’étage faible est d’autant plus amplifi¢ avec ’EC8 que les critéres de la méthode
RSBD sont davantage violés. On peut également remarquer que dans le batiment de type 2
(contreventé par triangulations dans la direction de D’action sismique et par portiques
transversalement), le comportement d’étage faible est atténué. Ce type de batiment nécessite
moins de renforcement des poteaux, mais en général le méme renforcement des diagonales, par
rapport aux batiments de type 1 (contreventement par triangulations dans les deux directions).
Comme le renforcement des diagonales augmente le multiplicateur de charge global, la nécessité
de renforcer les étages en dessous de ceux qui ont été trouves faibles dans la version EC8 des
tableaux pourrait se poser. En fait, les exemples montrent qu’avec la méthode RSBD, la situation
ou le renforcement d’un étage faible risque de provoquer le transfert de la faiblesse d’étage a un
autre étage, est évitée avec succes. Les ossatures triangulées renforcées selon cette méthode, ne
répondent pas rigoureusement a la condition d'uniformité des déplacements relatifs inélastiques.
Néanmoins, les réponses de chaque batiment montrent des familles de courbes formant un
faisceau beaucoup plus étroit que celui des courbes initiales avec ’EC8. Un comportement
dissipatif bien plus favorable, mieux distribu¢ sur la hauteur de 1’ossature est donc réalisé avec
le renforcement. Ces dimensionnements corrigés avec la méthode RSBD ont méme tendance a
étre beaucoup plus performants que nécessaire, la ruine se produisant pour des facteurs d'échelle
d’accélération sismique supérieurs a 1(par exemple de 1’ordre de 1,5). Cette ruine se produit
généralement sur les premier et deuxiéme ¢étages, avec une augmentation rapide des
déplacements qui traduit un effondrement par I'instabilité dynamique.

Tableau 2; CBF62-ECS8

Poteau Poteau Aloc

Etage intérieur. exterieur. diagonale Q Aloc Aglob Aglob BPR
6 HEA 180 HEA 180 90x5 1.00 436.9 513.9 0.85 0.62
5 HEB 180 HEB 180 100x6 0.98 343.1 280.3 1.22 0.72
4 HEB 240 HEB 200 100x8 1.01 316.2 205.5 1.54 0.80
3 HEB 260 HEB 240 100x10 1.04 300.6 171.3 1.75 0.84
2 HEB 280 HEB 260 100x10 0.99 272.6 154.2 1.77 0.78
1 HEB 320 HEB 320 120x10 1.00 186.0 146.8 1.27 0.78

Qmax/Qmin=1,06
Tableau 3 CBF62-RSBD
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Poteau Poteau Aloc

ctage intérieur. extérieur. diagonale Q Hloc Aglob Aglob BPR
6 HEA 180 HEB 180 100x5 1.15 524.5 528.1 0.99 0.70
5 HEB 180 HEB 180 100%6.3 1.00 385.2 288.1 1.34 0.76
4 HEB 240 HEB 200 100x8 1.00 320.6 211.3 1.52 0.78
3 HEB 260 HEB 240 100x10 1.03 300.6 176.0 1.71 0.81
2 HEB 280 HEB 260 100x10 0.97 272.6 158.4 1.72 0.76
1 HEB 320 HEB 320 120x10 0.98 186.0 150.9 1.23 0.76

Qmax/Qmin=1,19

45
40
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X35 1

£,30 1
;%0 25
2.0
15
10
05
0.0

depl. rel. d

000 025 050 075 100 125 150 175 200 000 025 050 075 100 125 150 175 2
facteur d'echelle de l'acceleration facteur d'échelle de l'acceleration

Figure 13; Réponses en déplacements relatifs selon I’ADI
Tableau 4; CBF81-EC8

00

¢iage ot Poteal  jiagonale @ Aloc g —2 BpR
intérieur. exterieur. Aglab
8 HEA 160 HEA 160 90x5 0.99 402.0 609.5 0.66 0.53
7 HEB 180 HEA 180 100%6.3 1.05 296.3 325.1 0.91 0.67
6 HEB 220 HEB 200 100x8 1.01 245.0 232.2 1.05 0.71
5 HEB 240 HEB 220 100x10 1.10 229.0 187.5 1.22 0.77
4 HEB 280 HEB 240 120x10 1.01 217.5 162.5 1.34 0.88
3 HEB 300 HEB 280 120x10 0.98 192.3 147.8 1.30 0.78
2 HEM 240 HEB 320 140x10 0.98 210.8 139.3 151 0.85
1 HEM 240 HEM 240 140x10 1.00 147.2 135.5 1.09 0.74
Qmax/ Qmin=1,07
Tableau 5; CBF81-RSBD
étage . Poteau Poteau diagonale  Q Aloc glob o ppR
intérieur. extérieur. Aglob
8 HEA 160 HEA 240 100x6.3 1.40 689.3 662.2 1.04 0.70
7 HEB 180 HEA 240 100x8 1.21 471.3 353.2 1.33 0.78
6 HEB 220 HEB 200 100x10 1.22 309.2 252.3 1.23 0.80
5 HEB 240 HEB 220 100x10 1.11 242.6 203.8 1.19 0.77
4 HEB 280 HEB 240 120x10 1.17 2175 176.6 1.23 0.80
3 HEB 300 HEB 280 120x10 1.07 192.3 160.5 1.20 0.72
2 HEM 240 HEB 320 140x10 1.08 210.8 151.4 1.39 0.79
1 HEM 240 HEM 240 140x10 0.98 147.4 147.2 1.00 0.69

Qmax/Qmin=1,43
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Figure 14; Réponses en déplacements relatifs selon I’ADI

Afin de pouvoir quantifier la largeur des faisceaux de courbes, les résultats IDR des
¢tages pour un facteur d'échelle donné peuvent étre considérés comme des valeurs d'une
variable probabiliste discréte dont la dispersion peut étre décrite par I'écart-type o. Pour chaque
enregistrement d'accélération et chaque facteur d'échelle, la valeur o des déplacements relatifs
entre étages peut étre calculée comme suit:

1 2 2 2
O o =\/ﬁ[(IDR1—IDRﬂ) +(IDR, —IDR, )" +...+(IDR, ~ IDR, ) } (12)
ou la moyenne est donnée par:
IDR, =1(IDR1+...+IDRH) (13)
n

Comme pour les faibles valeurs du facteur d'échelle, 1’épaisseur du faisceau ne peut
étre développée et comme pour les fortes valeurs de ce facteur les résultats peuvent étre faussés
par le comportement asymptotique des courbes correspondant a I’atteinte de I'effondrement, il
apparait opportun de limiter ce type de calcul de 6 dans I’intervalle de facteur d'échelle 0,75
a 1,25. En calculant la moyenne de tous les écart-types dans cet intervalle, on obtient de la
sorte un écart-type moyen des déplacements relatifs, exprimé par un chiffre unique ci-aprés
dénommeé le « coefficient d’épaisseur du faisceau de courbesy.

Pour décrire la robustesse des résultats obtenus par la méthode RSBD a un facteur
d'échelle donné, 1’écart-type pour chaque accélérogramme est calculé. Pour savoir si la
dispersion entre les écart-types des divers accélérogrammes est faible et donc si la réponse de
I’ossature examinée est sensible ou non aux variations aléatoires de 1'excitation sismique, on
calcule a nouveau I'écart-type de ces écart-types, d’ou une valeur ¢ pour chaque facteur
d'échelle considéré. La moyenne des o sur I’intervalle de facteur d’échelle 0,75 a 1,25 décrit
alors la robustesse de la réponse sismique (en unité IRD), il est désigné « coefficient de
robustesse ».

Sur la Figure 15, les coefficients d’épaisseur et de robustesse obtenus avec le
dimensionnement EC8 et celui corrigé par la méthode RSBD sont présentés dans deux
histogrammes. Comme on peut le voir, le coefficient d’épaisseur des batiments selon
I’Eurocode 8 croit avec la hauteur des batiments, alors qu'avec la méthode RSBD ce coefficient
est maintenu dans un intervalle de 0,3 a 0,5% IDR pour chaque ossature, y compris celles avec
une forte irrégularit¢ de la distribution des masses. En outre, le dimensionnement selon
I’Eurocode 8 peut difficilement montrer une telle performance; le coefficient d’épaisseur de la
plupart des batiments congus selon ’EC8 dépasse 0,6% et peut aller méme au-dela de 1,2%.
L’histogramme de robustesse montre de plus que les ossatures congues selon I’EC8 sont
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nettement plus sensibles aux aléas de I'excitation sismique. Le coefficient de robustesse est
d'au moins 0,20% avec ’EC8, mais il est beaucoup plus élevé dans certains cas, alors que tous
les renforcements avec la méthode RSBD restent remarquablement dans la plage 0,10 - 0,16%
IDR. Cela permet d’affirmer que la correction par la méthode RSBD conduit a des ossatures

contreventées fiables en résistance au regard des variations aléatoires de 1’action sismique.
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Figure 15; Histogrammes de [’efficacité de I’Eurocode 8 et de la méthode RSBD
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1. A DISSZERTACIO ROVID OSSZEFOGLALASA

A ,,Weak storey behaviour of concentrically braced steel frames subjected to seismic
actions” cimii doktori disszertaci6 a Budapesti Miszaki ¢és Gazdasdgtudomanyi Egyetem
Epitémérnoki Karan és az INSA de Rennes egyetemen folytatott kozos feliigyeletti doktori
képzés €s a hozza kapcsolddd kutatds eredménye. A disszerticid €s a teljes eljaras nyelve az
érintett felek altal kotott szerzodésnek megfelelden angol. Az alabbiakban egy révid, magyar
nyelvii tartalmi Osszefoglalo, illetve a magyar doktori eljards kovetelményeinek eleget téve a
disszertdcid tézsei keriilnek bemutatésra.

A disszertacid elsd fejezetében azok az ismeretek kerlinek bemutatasra, amelyek
sziikségesek ahhoz, hogy racsos merevitd szerkezetek szeizmikus viselkedésérdl és
méretezésérdl beszélni lehessen. Definiciok és elvek kertlinek ismertetésre ¢és betekintés
nyerhetd az Eurocode 8 idevonatkozo részébe is.

A masodk fejezet Iényegében a vonatkozd irodalombol kiemelt  darabok
bemutatasanak szentelt. A fejezet elsO része a szerkezeti elemek, ugymint acél zartszelvényii
racsok, csomdlemezek illetve acél oszlopok varhatdo ciklikus tonkremenetelével foglalkozik.
A masodk rész a teriileten tevékenykedd legjelentésebb szerzOk kutatdsi eredményeinek
rovid bemutatasa

A harmadik fejezet az Eurocode 8 szerint tervezett kdzpontos racsozassal merevitett
keretek foldrengés valaszat vizsgalja. Eldszor bemutatasra keriinek azok a 4 ¢és 10 sznt
kozotti 24x24 méter alapteriileti épiiletek, melyeken novekményes dinamikai analizissel
keril megvizsgalasra azok viselkedése. A fejezet részletes leirdst ad tovabba a wvalds
dinamikai  analizishez  hasznadlt modellek  felépitésérdl, a  hasmalt  végeselemekrol,
anyagmodellr6l  és  egyéb  vonatkozd  paraméterekrél < Az elvégzett  nagyszamu
modellkisérletek lehetoséget adnak a merevitett keretek viselkedésének atfogo jellemzésére
¢s az eredményekben ismétlddd szabalyszerlisé gek is megallapitasra keriinek.

A negyedik fejezet elsé felében bemutatdsra keriill a kdzpontos racsozassal merevitett
keretek sajatsagos viselkedése foldrengés esetén. Megallapitdst nyer, hogy hogyan fligg Ossze
a gyengeszinti viselkedés, a halmozodd képlékeny alakvaltozds, a merevitd rudak
allagromlasa és az ¢épliet modalis viselkedésének ebbdl szarmazd mindségi valtozisa. A
gyengeszinti  viselkedéssel Osszefliggésbe hozhaté tényezOk azonositasa lehetévé teszi a
fejezet masodk felében az  Eurocode 8  vonatkozd részeinek  kritkai vizsgalatat,
hidnyossagainak felismerését.

Az otodik fejezetben felhaszndldsra keriinek a korabban, a gyengesznti viselkkedésrdl
tett megallapitasok egy 1) tervezési eljaras kialakitasdban. A Robust Seismic Brace Design
(roviden RSBD) névre keresztelt modszer alapvetden két 1) feltételt fogalmaz meg,
amelyeket az Eurocode 8 eljarasaval parhuzamosan, illetve annak egyes részei helyett kell
alkalmazni. A modszer elvét tekintve képlékeny analizis alapu és a szerkezet nem rugalmas
viselkkedésére épitett. A modszer célja egyfeldl a gyengeszinti tonkremeneteli mechanizmus
kialakulasanak megakadalyozisa, illetve a képlékeny alakvaltozasok aranyos elosztdsa a
szintek kozott. A fejezet egy jelentds részét a képlékeny analizishez szikséges belsé és kiilsd
munkdk meghatdrozasdnak bemutatdsa teszi ki. Ugyan a képlékenység anyagi nemlinearitast
feltételezz, a  merev  képlékeny anyagmodell haszmalatinak koszonhetden a moddszer
viszonylag egyszerli, kézi szamitdssal is kiértékelhetd képletek alkalmazisara vezet. A
fejezet végén a moddszer alkalmassdgianak vizsgalatira a kordbbival azonos novekményes
dinamikai  vizsgilat eredményei taldlhatok. A  kordbban mar felhasmalt épiiletek

189



Uratervezésre keriinek az RSBD modszerrel, és nagyszimu diagram bemutatasaval nyer
igazolast, hogy a modszer egyenletes megbizhatosdggal, a vizsgalt modellek mindegyikénél
jelentésen javita a foldrengéssel szembeni ellendllist ¢és megsziinteti a gyengesznti
viselkedést.
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2. A DISSZERTACIOBAN VIZSGALT PROBLEMA BEMUTATASA

Tobbszintes acél, Oszvér vagy akar vasbeton szerkezetli épiiletek vizszintes
merevitésére gyakran hasznalt megoldas az egyes oszlopkozok ferde racsozasa acél
szelvényekkel, lasd [. dbra. Ez a szerkezettipus meglévd épiiletek foldrengéssel szembeni
megerOsitésére is elterjedten alkalmazott. A racsozis viselkedését foldrengés hatdsdra az
elmilt évtzedekben szamos szerz0 vizsgalta. Kutatasakk soran tobb  problémat is
azonositottak, melyek a feltételezett és a wvalos viselkedés kozotti jelentds kiilonbségekkel,
vagy a szabvanyos tervezési eljarasokkal kapcsolatosak. A vizsgalt témak kozil a
legfontosabbak  a  rdcsrudak  képlékeny  ciklkus  viselkedésének  leirdsa,  Ujszeri
racselrendezési  formak, ellentmondd kovetelmények a hatalyos szabvanyokban illetve a
képlekeny alakvaltozisok lokaliziciojaval kapcsolatos, un. gyengeszmti tonkremenetel A
korabbi kutatdsok Osszefoglalo tanulsaga, hogy a racsozissal merevitett keretek szeizmikus
viselkkedése jelentdsen eltér attdl az egyszertsitett modellétdl, amelyet a vonatkozd
szabvanyok, igy az Furocode 8 is feltételez. gy tehat nyilvanvald, hogy az EC8 vonatkozd
kovetelményei modositdsra szorulnak.

1. abra; Kozpontos racsozassal merevitett épiilet

Az vonatkozd kérdések Osszessége tilmutat egy doktori disszertacid keretem, ezért a
dolgozatban bemutatott vizsgalatok targyat a lokalisan, egy sznten, foldrengés hatdsara
kialakuld gyengesznti tonkremenetel képzi. A disszertaci6 az alabbi kérdésekre kivan
valaszt adni:

- Mik a gyengeszmti visekedés okai, illetve az azt befolyasolo szerkezeti
tényezok?

- Mi a gyengeszinti visekedés kialakuldsanak modja és menete?

- Milyen hatassal van a gyengeszint a teljes épiilet ellenallasanak szmtjére és
mennyiben segiti eld a tonkremenetelt?
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- Altaldban milyen viselkedés varhat6 egy Eurocode 8 szerint tervezett ricsos
merevitéstdl? Hajlamos-e a szerkezet gyengeszinti viselkedést mutatni?
- Mely Eurocode 8 kovetelmények tamasztanak megkérddjelezhetd elvarasokat

a szerkezettel szemben?

- Milyen hatasokat ¢és hogyan szikséges még figyelembe venni a méretezési
eljarasban?

A kutatds végsé cékitlizése olyan méretezési eljarads kidolgozasa, amely az Eurocode
8 kereteibe illeszthetd, ¢és amellyel kikiiszobdlhetd a rdcsos merevitések gyengeszinti
viselkkedése ¢és tonkremenetele. Tovabbi elvaras az 1) eljardssal szemben, hogy nagyméretii
egyenletrendszerek, illetve Osszetett nem lnedris szamitasok nélkil, kéz eljardssal is
alkalmazhatd legyen, ez altal gyors és hatékony alternativat biztositva a tervezéshez.

Tervez€s soran a koOzpontos racsozassal merevitett keretekrél hagyomanyosan azt
feltételezziik, hogy erds foldrengés hatasara a 2/a. dbran lathatd globalis képlekeny
mechanizmus alakul ki Ebben a mechanizmusban az elmozdulds wanyanak fliggvényében az
egylkk oldali atlok képlékenyen megnyulnak, még a nyomott rudak kihajlanak. Ez a
szeizmikus valasz kedvezd, mert ez teszi lehet6vé a legnagyobb tetOponti elmozdulast és ez
nyeli el a leghatékonyabban a foldrengés energidjat 1évén, hogy az Osszes rdcsrdd azonosan
részt vesz a disszipacioban. Az energa elnyelésével kialakuld csillapitds Iehetové teszi a
méretezésben figyelembe vett egyenértékli szeizmikus terhek jelentds redukciojat. Azért,
hogy ez a kedvezd viselkedés kialakulhasson, biztositani kell, hogy csak az energia ehyeld
racsrudak szenvednek képlékeny deformaciokat, a gerenddk és foként az oszlopok nem. Ezt a
kapacitas tervezési filozofilnak megfelelden az oszlopok ¢és gerenddk eléirt mérteki
tuiméretezésével lehet elérni

7777777

2/a; Globalis mechanizmus 2/b; Gyengeszinti mechanizmus
2. abra; Globdlis és gyengeszinti képlékeny mechanizmus

A szabvanyos tervezésben a szeizmikus terhek az un. viselkkedési tényezovel
redukaltak. Ennek megengedett ért€ke kozpontos racsozassal merevitett keretek esetén
viszonylag magas q=4, ami a gyakorlatban annyit jelent, hogy az egyenértékli vizszmntes
terhek a fOldrengés intenzitds 25%-4bol szarmaztatottak. Az e f0lott rész a képlékeny
elyelésre illetve kisebb részben a szerkezeti csillapitdsra bizott. A redukalt terhekbdl a belsd
erOket egyszerli rugalmas analizissel kell meghatdrozni, igy a szerkezeti tulajdonsagok
megvaltozasa a képlékeny deformiciok hatisara elhanyagolt.

Az Eurocode 8 a racsrudak egyidejii képlékeny alakvaltozisat és ezzel a globalis
mechanizmus  eldsegitését azzal probala biztositani, hogy megkdveteli, hogy szeizmikus
tervezési helyzetben a legnagyobb és a legkisebb racsrid kihasznaltsag nem térhet el tobbel,
mint 25%. Ez a kovetelmény az alabbi képletekben keril megfogalmazasra.
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Annak Dbiztositdsdra, hogy az oszlopok ¢és gerenddk nem szenvednek képlékeny
alakvaltozasokat, az Eurocode 8 a bennik fellépd, a foldrengésbdl szarmazd normalerdket,
NEa E, kiilonb6zé tuiméretezési tényezokkel noveli. (Yov=1.25 Q= Qmin)

NRd(MEd)ZNEd,G"'l-l'?/nv'Q'NEd,E (3)

A tartdszerkezet geometridjabol fakadd racsos tartd hatds miatt €s a rugalmas analizis

miatt a tartdoszerkezeti elemekben kis elhanyagolassal kizdrdlag tengelyirdnya erdk ébrednek

lisd 3. dbra, nyomaték nem. Eppen ezért a fenti (3) kovetelmény kizarolg a normél
teherbirassal szemben tdmasztott.

|
Nl

| —
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| ‘ huzott oszlop ‘ huzott oszlop ‘

3. abra; Rdcsos tarto erdjatéka

Annak ellenére, hogy a tervezés sordn a globdlis mechanizmus feltételezett (és
latszolag biztositott), ismert tény, hogy a merevitett keretek igen hajlamosak egy masik
mechanizmus, a kordbban mar emlitett gyengeszinti mechanizmus kialakitasara, lasd 2/b
abra. A gyengeszinti mechanizmus soran képlékeny deformaciok csak egy, vagy igen limitalt
szami szinten jelentkeznek. Ebben az esetben a réacsrudak tobbségének képlekeny
energachyeld képessége kiaknazatlan marad ¢és az oldaliranyt alakvaltozasok is leginkabb
csak a gyenge szntr6l szirmaznak. a gyengeszinti mechanizmus kapacitdsa tehdt messze
elmarad a globalis mechanizmusétél. Tovabbi hatranyt jelent, hogy a szmtmechanizmusban a
folytonos (nem csuklosan toldott) oszlopok is érintettek, azok végein képlékeny csuklok
alakulnak ki, Mas széval a szintmechanizmusban az oszlopoknak olyan jelentds
nyomatékokat kell elviselniiik, amelyre a tervezés soran nem is lettek méretezve. Ez
magaban hordozza az igen korai tonkremenetel lehet6ségét ezért, valamint a kedvezotlen
disszipacios tulajdonsagok miatt a gyengeszinti  mechanizmus kialakuldsanak
megakadalyozasa feltétleniil szikséges.

A disszertici6 az FEurocode 8 szerint tervezett kozpontos racsozissal merevitett
acélvazak gyengeszinti viselkedésével foglalkozik. Egy atfogd numerikus szimulicios
program keretében feltardsra keril a szabvanynak megfeleld épiiletek  kedvezdtlen
visekkedésre  mutatott hajlama. Az analizis eredményeinek mélyebb  kiértékelésével
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azonositasra keriilnek a gyengeszinti viselkedést eldsegitd tényezOk mely egy Uj, az un.
Robust Seismic Brace Design (RSBD) modszer kifejlesztéséhez  vezet. A modszer
hatékonyan megakadalyozza a gyengeszmti mechanizmus kialakuldsat, amit a numerkus
szimulacids program ismételt futtatdsa igazol

3. AZ EUROCODE 8 SZERINT TERVEZETT EPULETEK HATEKONYSAGA

Az FEurocode 8 eljaras hatékonysaganak vizsgalatara szamos kiilonb6z0, kozpontos
racsozassal merevitett keretszerkezetli épiiletet terveztem. Az egyes ¢épiiletek alapvetéen a
szintek szamaban ¢€s a tartdszerkezeti rendszerben térnek el egymastol. A 4, 6, 8 és 10 szntes
¢épiiletek azonositd6 koédja CBF4, CBF6, CBF8 illetve CBF10 roviditéssel kezdddik
(Concentrically Braced Frame angol roviditésbol). Az épiiletek alaprajza megegyez6, a két
merdleges rranyban 4-4 6 méter tengelytdvil raszterre szerkesztett. A szintmagassag minden
esetben 3 méter, lasd 4 dbra.
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4. abra; Vizsgalt épiiletek alaprajza és nézete

A szmtszamot kovetd 1 azonositéval rendelkezd épililetek mindkét iranyban
racsozottak, lasd bal oldali alaprajz A 2 tipust épiietek nyomatékbird keretek az egyik és
racsozottak a masik iranyban. Az alabbi tablazatban a vizsgalatok soran felhaszalt épiiletek
kédja, specifikacioja és elsé sajatrezgés alakjanak periddus ideje van feltintetve. Az
azonositd kodban az EC8 rovidités a tervezési eljarasra utal.
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1. Tablazat; A tervezett épiiletek listdja

Epiilet Sajatossag Periodus (T1)
CBF41-EC8 4 szintes, mindkét alaprajzi iranyban merevitett 1.13
CBF42-EC8 4 szintes, nyomatékbird keret az egyik ranyban 1.19
CBF61-EC8 6 szintes, mindkét alaprajzi iranyban merevitett 1.65
CBF62-EC8 6 szintes, nyomatékbird keret az egyik rdnyban 1.61
CBF81-EC8 8 szintes, mindkét alaprajzi iranyban merevitett 2.10
CBF82-EC8 8 szintes, nyomatékbird keret az egyik iranyban 2.04
CBF101-EC8 10 szintes, mindkét alaprajzi ranyban merevitett 2.54
CBF102-EC8 10 szintes, nyomatékbird keret az egyik iranyban 241
CBF41Q5-ECS8 4 szintes, q=5 viselkedési tényezovel tervezett 1.21
CBF61Q5-EC8 6 szintes, q=5 viselkedési tényezovel tervezett 1.68
CBF61M-EC8 6 szintes, 50%-kal megnovelt fodém tomeg a felil  1.78
CBF81M-ECS8 8 szintes, 2%-kal megndvelt fodém tomeg feliil 2.17

Az ¢épiletek viselkedésének meghatirozisa egy ndvekményes dinamikai analizis
program (NDA) wvégrehajtasaval tortént. A nemlinearis dinamikai szamitdsokhoz a FinelG
végeselemes analizis program keriilt felhasmalasra. A foldrengés terhelés hét mesterséges
gyorsuldas adatsor altal meghatdrozott. Minden adatsor hossza 20 masodperc és az egyes
rengések spektruma a tervezés soran felhasznalt Eurocode 8 spektrumhoz igazitott, lasd 5
abra. A novekményes dinamikai analizis miatt a rengések valtozd mtenzitassal lettek az
épiileteken  milkkodtetve. Az intenzitds valtoztatdsdhoz az adatsorok egy novekményi
tényezOvel szorzottak, melynek ért€ke 0.1 és 2.0 kozott valtozik.
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5. Aabra; Mesterséges accelerogrammok spektrumai és a tervezési spektrum
A végeselemes kisérleti program elsddleges célja, hogy meghatarozzuk, hogy a
vizsgalt épiiletek hajlamosak-e gyengeszint kialakulasara és, hogy ez eredményez-e¢ korai
tonkremenetelt. Ennek meghatdrozisara NDA gorbék késziltek a szamitasok eredményeibdl,
melyek az egyes szinteken tapasztalt legnagyobb relativ eltolodast éabrazoljak (IDR) a
novekményi tényez6 fliggvényében. A relativ eltolodasok a szintmagassaggal osztottak, igy
az eredmények a szintmagassag szazalékaban adottak. A diagramokon minden szntnek
kiilon gorbéje van, igy a kiilonbségek az egyes valaszok kozott szemiéletesek. Az 6 dbran
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bemutatott néhany diagramon lathatd, hogy a gorbék igen széles mtervallumban vesmek fel
értckeket. Az egyes sznteken tapasztalt valaszok kiilonbsége jelentds a tervezési
mtenzitasnal alacsonyabb tartomanyban is (ndvekményi tényez6<1.0). Megfigyelhetd, hogy
a maximum értekek tobbszorosen meghaladjak a mmmmumokat. Megallapithatd tehat, hogy a
vizsgalt épiiletekben a disszpacid és a képlékeny deformiciok eloszldsa nem egyenletes,
egyes szinteken a deformaciok koncentrdlodnak mas szntekhez viszonyitva. Fontos
észrevenni tovabba, hogy az alacsonyabb szinteken tapasztalhatd kiugrasok, magasabb
mtenzitdsoknal mérséklédnek. A bemutatott diagramokon a tonkremeneteli hatdrnak tekintett
2% reltiv eltolodast a gyenge szintek az 1.0 novekményi tényezOnél kisebb szmten elérik.
Elmondhaté tehat, hogy a vizsgalt épiiletek nem csupan hajlamosak a gyengeszmnti
viselkedésre, de ennek okdn a masodlagos szerkezeti elemek kéarosoddsa vagy az
elsddlegesek torése az épiiletek tonkremeneteléhez is vezethet a tervezési szeizmikus
mtenzitdsnal alacsonyabb szinten is. Az Eurocode 8 kovetelményei igy nem megfeleldek,
mert nem akadalyozzak meg a korai tonkremenetelt és nem eredményezik az elvart globalis
keplekeny Vlse]kedes kialakulasat.
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6. abra; NDA gorbek
4. A GYENGESZINTI VISELKEDES KIALAKULASANAK OKAI

Az eddig bemutatott kedvezdtlen eredmények szikségessé teszik a gyengeszinti
viselkedést mutatd racsozott keretek valaszinak behatobb vizsgalatat. Ha megvizsgaliuk a 7
abran bemutatott deformalodott szerkezet alakjat a gerjeszés utdn, lathatd, hogy a merevitd
rudak szogletesen kihajlanak. A szogletesség oka, hogy a rudak kozepén a gerjeszés soran
képlékeny csukld alakul ki, melynek ellendllisa a halmozodod képlékeny alakvaltozasok miatt
csokken, ¢és ez megkonnyiti a kihajlast. Huzas sordn a rudak képlkkeny megnyualasai
megndvelik a terheletlen hosszat, minek kovetkeztében a rudak akkor is nyomottak, ha az
épiilet oldaliranyban terheletlen ¢és fliggblegesen nyugalmi helyzetben van. A képlékeny
megnyulasok tehat tovabb novelik a rudak szogletes kihajlasdnak mértékét.
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7. abra; A racsrudak képlékeny deformacioja
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A 8 abrén egy rud tengelyirdnyu erd — elmodulds diagramja lathatd, mely egy 20
masodperces gerjesztésbdl szarmazik. Megfigyelhetd, hogy a szimos ciklus kozil haromban
jelends képlékeny megnyulds alakul ki A megnylilas halmozoddsa a kihajldsi pont
eltolddasdhoz vezet, amit az dbran a piros v jelol A kihajlashoz tartozd erd lecsdkken és a
kihajlds mar a poztiv, tehat a hizds tartomanydban kialakul. Az is megfigyelhetd tovabba,
hogy a megnyllds miatt jelentés huzder6khoz Iényegesen nagyobb elmozdulasok
szilkségesek, mint kezdetben. Ez tugy is értelmezhetd, hogy a rid tengelyirdnyi merevsége
lecsokken, melyet a piros egyenesek jelonek.

12

42 0 8 6 4 2 0 2 4 6 8 10
Déformation axiale &[%o]
8. abra; Egy racsrud fajlagos normdl igénybevétel — deformdcio diagramja

A racsrudak novekvo deformacidja miatt a normalerd lecsokken a rudakban és a
vizszintes terhelés fokozatosan az oszlopokra harul Az oszlopok hajlitomerevsége tobbnyire
Iényegesen kisebb vizszintes eltoloddssal szembeni merevséget biztosit az érintett szinten,
mint a merevitd rudak normalmerevége. Ezért a gyenge sznteken, ahol a rudak deformacioja
kiemelked0, a vizszintes merevség Iényegesen lecsokken a tobbi sznthez képest. A
merevségi viszonyok ilyen jellegli valtozisa jelent6sen megvaltoztatia az éplilet sajatrezgés
alakjait €s periodusait. A 9 abran egy a harmadik emeleten gyenge sznt viselkedést mutatdo 4
szintes ¢éplilet elsd két sajatrezgés alakja és az eltoloddsok varatd maximumai lathatok. A
rezgésalakok ekiiloniinek olyan esetekre, melyek a gyenge szmt feletti illetve alatti
épiiletrészek rezgését mutatjak. Az elsd rezgésalak periodusa Iényegesen magasabb, mint a
masodiké, tovabba az egyéb nmagasabb modok elhanyagolhatok, ezért a maximalis
elmozduldsok elsésorban az elsé rezgés alak altal meghatarozottak. Igy az épiilet varhato
valasza a gerjesztésre olyan modon alakul, hogy az eldsegiti az elmozdulasok és a halmozodo
képlekeny alakvaltozisok koncentraciojat a mar eleve gyenge szinten, ami a merevség

tovabbi csokkenés¢hez vezet.
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9. abra; Gyengeszint hatasa a moddalis viselkedésre

A fent leirt folyamat egy ismétlodd ciklus kialakulasdhoz vezet, amely fokozatosan
noveli a képlekeny deformiciot és alakitja ki a gyengeszinti viselkedést. Kovetkezés képpen
a gyengeszinti mechanizmus egy Ongerjesztd, fOldrengés soran kialakuld folyamatként
jellemezhetd. A ciklus ismétlddését a gyenge szint tonkremenetele tori meg Ez egyrészrol
bekovetkezhet az oszlopok teherbirasanak kimeriilése miatt, vagy a merevitd rudaknak a
képlékeny alakvaltozdsok halmozddasabol szirmazd torése miatt. A ciklus kellden
nagyszamu ismétlés esetén szikségszerien tonkremenetelhez vezet. Lévén, hogy egy rengés
soran a ciklus ismétlddésének szama véges, kellden duktilis racsrudak valamnt kelld
merevségi  és  képlékeny nyomatéki tobblet-teherbirdsi  oszlopok  valasztasaval a
tonkremenetel megakadalyozaté.

Rdcsrud képlékeny deformdcid
- magasab sajdtrezgések hatdsa toénkrementel

- teherbirdsi tartalék ardnyok [fa’radt tc')'re’s)

- véletlenszerd hatdsok

—

(- teherbirds csokkenés) halmozdd4 -
/

/ rdcsrud kdrosodds }\‘
Oszlopok szerepe o Oldalirdnyu

nd a | merevség cs6kken
teherviselésben

tonkremenetel J Modélis viselkedés €s _ |Vizszintes eltolodds €s
(stabilitdsvesztés) tehetetlenségi terhek o deformdcio
» vdltoznak lokalizdcidja

10. abra; A gyengeszinti viselkedés kialakulasinak organigramja

Egy merevitett keret linedris statikai analizise a racsos tartd viselkedés miatt csaknem
kizarolag normal igénybevételeket eredményez a szerkezeti elemekben. Ezzel szemben, mint
ahogy azt kordbban mar emlitettik, a rdcsok deformicidja bevonja a folytonos oszlopokat a
vizszintes teherviselésbe, ezért azok hajlitottak lesznek. Tekintettel arra, hogy hajlito
nyomaték a linedris analizisb6l valés nagysdgrendben nem nyerhetd, a méretezés soran az
oszZlopok normal teherbirasa tllbecsiilt, ami alulméretezéshez vezet. Tovabba az oszlopokban
a gyengeszinti viselkedés soran képlékeny alakvaltozisok is eléfordulhatnak, ezért azoknak
kello duktilitassal is rendelkezniik kel Ez még szgorubb kovetelmények hasznalatat tesz
szilkségessé az oszlopméretezésben.
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Az eddig lefrtak alapjdn a disszerticioban az aldbbi konkliziok talalhatok az

Eurocode 8 tervezeési kovetelményeire vonatkozoan:

- Az épiiletek tobbnyire hajlamosak a gyengeszinti viselkedés kialakitasara

A képlekeny deformiciok lokalizacidja a gyenge szmten szamos esetben korai

tonkremenetelhez vezet.

- A racsrudak képkkeny deformicidja a modalis viselkedés és ezzel egyiitt a
vizszmtes teherelrendezés megvaltozisdhoz vezet, ami az Eurocode 8-ban
semmilyen mddon sem jelenik meg,

- Az Eurocode 8-ban alkalmazott rugalmas méretezés és a kapcsolodo feltevések
Iényegesen eltérnek a valdos rugalmatlan viselkedéstol

- A récsrudak kihasznaltsagat egységesitd kovetelmény, (2) egyenlet, nem
érvényes  barmilyen  wéletlenszertien  kialakuld  rugalmatlan  viselkedés
tartomanyaban a teherelrendezés és a belsd erdk megvaltozisa miatt, ezért a
kovetelmény nem alkalmas a  gyengeszinti viselkedés  kialakulasdnak
megakadalyozasara.

- Az Eurocode 8 szerinti analizis alulbecsiili az oszlopokban varhatdé nyomaték
nagysagat, ezért a méretezési eljards nem biztosit kelld teherbirasi tartalékot az
oszlopokban.

- Az Eurocode 8 még csak folytonos oszlopok haszalatdit sem koveteli meg. A
kovetelményeket folytonos és csuklosan toldott oszlopok is kielégitik.

5. A ROBUST SEISMIC BRACE DESIGN MODSZER

Az RSBD modszer elsé alapvetd tulajdonsdga, hogy a tokéletes, rugalmas modell
helyett valoszeribb, a rugalmatlan viselkkedésre jellemzd modellt vizsgdl Ez gyenge sznttel
rendelkezd épiiletben a vizszmtes eltolddasok kozelitOleg merevtest-szerliek a kérdéses szint
folott és elhanyagolhatok az alatt. Az ebbdl szirmazd vizszintes tehetetlenségi erd eloszlas
konstans a gyengeszinttdl felfelé az épiilet tetejéig (azonos fodémtomegeket feltételezve),
lasd 11. abra. A képlékenységtan kinematikai elve alapjan ez a teherelrendezés akkor
eredményezheti a globalis mechanizmust a lokalis helyett, ha a globalis mechanizmus teher
paramétere, Agob, Kisebb, mint a szint mechanizmus teher paramétere, Aioc. Egy n szntes
merevitett keretben n kiilonb6zé teherelrendezés lehetséges (fentrdl az n-edik szntig), ezért
az alabbi feltételt » kiilonboz0 paraméter parnak kell kielégiteni.

ﬂ’luci .
—¢_ >1.0 aholi=I..n 4)
'glob i
™ ™ 1
| | N |
L ~ ] L
?\‘ %glob \ Nioc
> ~
AN
~
\
~

11. abra; Rugalmatlan szamitasi modell

199



A fenti feltétel a racsok ¢és az oszlopok keresztmetszetének novelésével egyarant
kielegithetd, mert ezek egyarant érintettek a szmtmechanizmusban. Ha egy sz€lsdséges esetet
tekintve a teljes képlékeny teherbirds egy sznten kizdrdlag a racsridbol szirmazk, akkor az
es6 folyashoz ¢és a képlkkeny szmtmechanizmus kialakuldsahoz tartozd teherszint azonos.
Lévén, hogy a modszer megakadalyozni szandékozk a szmtmechanizmus kialakulasat, a
vizsgalt esetben a racsrad megfolyasat is megakadalyozza. fgy a szint rugalmas marad, és
nem vesz részt a képlekeny disszipacioban. Ezzel szemben, ha egy szmt képlékeny
teherbirdsa foként az oszlopokbol szirmazik, akkor ezen a sznten Iényegesen nagyobb
elmozdulasokra lehet szamitani, mint mas sznteken. Ennek oka, hogy a hajlitott oszopok
lényegesen nagyobb elmozdulisokat engednek meg a teherbirdsi hatar eléréséig, mint a
racsos merevités. Egy ilyen sznten tehat gyengeszmti viselkedés varhatd. Az imént
bemutatott két alternativa a 12. 4bran fel van tintetve az idedlis szezmikus intenzitds —
elmozduléds viselkedéssel egyiitt.

-

erds oszlopok

oldalirdnyu eltolodds

erds rdcsrud
L

szeizmikus intenzitds

12. abra; Egy szint lehetséges valaszainak alternativai

Az RSBD modszer masodik feltételének célja, hogy megakaddlyozza azokat az
eseteket, melyek til nagy vagy tul kicsi rugalmatlan alakvaltozisokat eredményeznek egyes
szinteken. Egy ilyen feltétel definidlasdhoz a varhatd rugalmas — képlékeny viselkedések
vizsgalata szilkséges. A 13. dbran a két szElsOséges viselkedést bemutatd teher paraméter —
vizszmtes eltolodas diagramok lathatok. A fekete vonal egy karosodds mentes sznt idealizalt
Pushover gorbéje. A piros vonalak kiilonb6z6 mértékii racsrud deformicioval zavart szmtek
viselkkedését rjak le. Ha a racsrud folydsdhoz tartozd teherparaméter, Awr, kozel van a globalis
mechanizmus paraméteréhez, Agiob, nagy rugalmatlan alakvaltozisok nem alakulak ki és az
elsé folydshoz és a globalis mechanizmus kialakulasdhoz tartozd elmozdulasok kozel esnek
egymashoz (bal diagram). Ellenben, ha a lobdlis paraméter lényegesen meghaladja az elsd
folyas paraméterét, az oszlopok jelentds eltolodasokat engednek meg a globélis mechanizmus
teherszintjének eléréséig (jobb diagram). Lathatdan, a varhatd rugalmatlan elmozdulisok
nagysaga Osszefliggésben van a globdlis és az elsd folyds teherparaméterének ardnyaval. A
részletek elhanyagolasaval az RSBD moddszer masodik feltétele szerint ez az ardny, mely a
BPR (Brace Performance Ratio) neve kapta, az egyes szmteke nem térhet el jobban, mint 0.1.
Ez a feltétel tehat azt kivanja biztositani, hogy a rugalmatlan elmozdulasok ardnya se térjen
el jelentdsen.

Ay i
BPR = 2L és BPR . +0.1> BPR__ (5)
glob,i
Nyilvanvalo, hogy ha a BPR 1.0 kozeli, akkor a racsrid részesedése tul magas, az
oszlopok teherbirasa nem szikséges ¢és igy ez a szmnt nem szenved rugalmatlan
alakvaltozasokat. Ezrt javasolt, hogy a BPR értéke ne haladja meg a 0.9-et.

200



Aloc ________ /__ P ).OC______________;_ -
— Aglob _________________
)\gbb_ Y e
Jor— |
| I Abr I
I x o
| | === | 18 =——
/] | |
| P&A | | FGA
e | |
| d_ | d_
del=d br dglob del=d br dg|0b

13. abra; Tul és alulméretezett racsok hatdsa a rugalmatlan alakvaltozasokra
Az RSBD mobdszer feltételeinez szikséges teker paramétereket a képlékeny

mechanizmusokon végzett kiilsé ¢és belsé munkak ekvivalencidjaval hatarozhatjuk meg A
globalis mechanizmus esetén ez az alabbi:

Wi,glob i G ,glob Z t,br,i (6)

A fenti képletben W, gipi a kiilsé horizontdlis erdk munkdja, Wegeir a gravitacios terhek
masodrendii. munkdja és Wip.i egy racsrad belsé munkdja az i-edik szinten. A részleteket
melldzve a fenti 0sszefliggés az alabbi bovitett alakban irhato:

n m (Z AB ]
//i'glob,l ’ Z [mpk Z AB J + Z Z amr— Z Npl,br,i . AB; - COS ai (7)
I=l k=1]| 1= 221_[ i

ahol mp a szntek tomegaranyait jelold vektor (nem allando fodémtomegek esetén), 4B az
eloirt vizszintes sznteltolodas (javasolt érteke 2%), Gi; az i-edik sznten és j-edik oszop -
gerenda csomopontba redukdlt egyidejli gravitacios teher, H a szntmagassag, Ny a
képlékeny normal teherbiras és o a racsrid és a vizszintes altal bezart szog. A
szintmechanizmus esetén az energia egyenértékiliség az alabbi formaban frhato:

W/I,loc.[ + WG Jdoc,i = I/Vl br,i + Wcolt (8)

A részleteket ismét elhanyagolva, bdvitett formaban:

Aroei meZZ{ [ i+ew” %ﬂ:

k=i I=1 (9)
n AB.
= Np[,br,i -AB; -cos ¢, + ZMcol,i,j ) Hl

J=1 i

A (7) és (9) egyenletekbd1 a teherparaméterek explicit moédon kifejezhetok.

i 2
n m [Z ABkj
szlbrl AB Cosa Z szl - i
i k=] 1=l 221_[

Aons = (10)

‘glob i n
(mpk ZAB j
k=i 1=1
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m AB. n_m AB.2
Npl,br,i ' AB;' “cosa; + z Mred,i,j ’ ?_ Z z Gk,l ’ ﬁ
ﬂ’loc,i = = n : — = i (1 1)
AB, 'Zmpk
k=i

A A meghatdrozasdhoz sziikséges képlet azonos a (11) egyenlettel az oszlopok
nyomatéki tartalekdbol (Myeq) szarmazd munkavégzeés nélkiil

L& AB
N 4. AB, -cos g, _ZZGU . 2Hl
ﬂ’br,i = n —= i (12)
AB, 'Zmpk

k=i
6. AZ RSBD MODSZERREL MEGEROSITETT EPULETEK VISELKEDESE

Az alabbiakban két kivalasztott épiilet esetén az eredeti Eurocode 8 szerinti és az
RSBD modszerrel nyert szerkezetek keriinek bemutatdsra téblazatosan illetve azok
szeizmikus viselkedése a kordbban mar hasznalt NDA gorbékkel. A tablazatokban a Iényeges
keresztmetszetek, a tultervezési tényezok (i) illetve az RSBD teherparaméterek adottak. Az
els tabldzatban az els6 RSBD feltételt nem kielégitd paraméter aranyok illetve a legnagyobb
és legkisebb BPR (masodik feltétel) vastagon szedett. A masodik tablazatban a moddositott
keresztmetszetek és a két BPR kiemelt. A tablazatok alatt a legnagyobb ¢és legkisebb
tultervezEsi tényezO aranya lathatd, melynek a (2) feltételt kelllene) kielégitenie.

Az egyes ¢épiiletekre adott els¢ tablazatot és a vonatkozO NDA gorbét vizsgalva
megfigyelhetd, hogy az RSBD modszer igen pontosan azonositja a gyenge szmteket az ECS
¢épiiletekben. Lathatd tovabba az is, hogy a feltételtdl valo eltérés mértéke aranyos a
gyengeszint  jelentoségével. Mivel a gyengeszintek megerdsitése moddositja  a  globalis
teherparamétereket is, egyes épiiletek esetén sziikséges a gyenge sznttel szomszédos szntek
megerdsitése 5. Ez azt igazolla, hogy az RSBD modszer nem csak a gyengeszntek
azonositasara ¢és megerdsitésére jO, hanem egyszersmind azt is megakadalyozza, hogy a
megerdsités utdn a gyenge szint mashol tovabbra is jelen legyen. Ez utdbbi jelenségre a
kutatds sordn szamos példa adodott. A megerdsitett épiiletek legtobbszor megsértik a (2)
egyenletben defimialt EC8 kovetelményt. Ennek ellenére a megerdsitett épliletek viselkedése
kivétel nékkill igen kedvezd, karcsii gorbesereget mutat az NDA diagramon. Ez igazolja,
hogy az RSBD mddszer az épiiletben jol elosztott disszipacidt eredményez. E mellett az
RSBD ¢épiiletek mind megfelelnek a tervezési, s6t sok esetben Iényegesen erdsebb
szeizmikus intenzitds esetén is. A bemutatott példdkban a tonkremenetel a tervezési
mtenzitds 150%-a utan varhaté és nem gyengeszinti viselkkedés kovetkeztében.

2. tablazat; CBF62-ECS

homlokzati Aloc

szint belso oszlop racsrud Q Aloe Aolob BPR
oszlop ¢ Aglob
6 HEA 180 HEA 180 90x5 1.00 436.9 513.9 0.85 0.62
5 HEB 180 HEB 180 1006 0.98 343.1 280.3 1.22 0.72
4 HEB 240 HEB 200 100x8 1.01 316.2 205.5 1.54 0.80
3 HEB 260 HEB 240 10010 1.04 300.6 171.3 1.75 0.84
2 HEB 280 HEB 260 100x10 0.99 272.6 154.2 1.77 0.78
1 HEB 320 HEB 320 12010 1.00 186.0 146.8 1.27 0.78
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Qi Qurin=1.06
3. tablazat; CBF62-RSBD

szint  belsé oszlop ho:;lzol/;]z?a g racsrud Q Aloe Aglob ,{Z# BPR
6 HEA 180 HEB 180 100x5 1.15 524.5 528.1 0.99 0.70
5 HEB 180 HEB 180 100x6.3 1.00 385.2 288.1 1.34 0.76
4 HEB 240 HEB 200 1008 1.00 320.6 211.3 1.52 0.78
3 HEB 260 HEB 240 100x10 1.03 300.6 176.0 1.71 0.81
2 HEB 280 HEB 260 100x10 0.97 272.6 158.4 1.72 0.76
1 HEB 320 HEB 320 120x10 0.98 186.0 150.9 1.23 0.76

Qo Qrin=1.19

1= [cBFez-Ecs 1= [cBFez-rSBD
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14. abra; NDA gorbék, hatszintes épiilet
4. tablazat; CBF81-ECS8

TP~

szint  belsd oszlop homiokzati racsrud Q Aloe Agiob —}”"C BPR
oszlop Aglob
8 HEA 160 HEA 160 90x5 0.99 402.0 609.5 0.66 0.53
7 HEB 