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Abstract

Tunnels are an essential part of infrastructure systems and play an ever-increasing role in the
process of urbanization. Nevertheless, severe damage, including collapse, occurred and was
reported worldwide in recent decades. Therefore, the research on the design of tunnel against
seismic events to effectively mitigate risks and reduce large socio-economic losses due to
earthquake disasters received increasing attention. On the other hand, new challenges such as
large shield-driven tunnelling in multi-layered formations, tunnelling-induced stress
perturbation, as well as uncertain soil property lead to the need for detailed investigation of

their potential influences.

This dissertation aims at investigating the tunnel seismic response using deterministic and
probabilistic approaches. The analyses are based on two-dimensional nonlinear simulations
using the explicit finite difference code FLAC. First, a critical assessment of the Rayleigh
damping use in nonlinear numerical models is conducted to highlight its significant
importance and to provide a selection guideline for the subsequent analyses. Then, the tunnel
construction  impact is incorporated in the numerical models with the
convergence-confinement method. The tunnel seismic responses for various initial stress
states are then presented. Next, theoretical and numerical studies are performed to reveal the
mechanical mechanism of an underlying soft soil layer for the tunnel seismic protection.
Finally, the uncertainty of the soil parameters is introduced into the model as random
variables. The sparse polynomial chaos expansion based Global Sensitivity Analysis and the
conventional Monte Carlo simulations are respectively utilized to identify the most important
variables and quantify the variability in the tunnel seismic deformations. The presented work
considers a more realistic soil-tunnel system, thus it provides valuable insights for the

behavior of tunnels under seismic loadings.



R&umeé

Les tunnels constituent une des parties essentielles des systénes d'infrastructure et jouent un
rde de plus en plus important dans le processus d'urbanisation. Né&nmoins, de graves
dommages, dont des effondrements, se sont produits et ont &é&recensés dans le monde entier
au cours des dernieres déennies. Par conséjuent, la recherche sur la conception des tunnels
notamment en zone sismique afin d’attéuer efficacement les risques et de réluire les pertes
socio-é&onomiques importantes dues aux tremblements de terre a req@ une attention
croissante. D'autre part, de nouveaux défis tels que les tunnels de grande section excavés a
I’aide de tunneliers dans des horizons multicouches, la perturbation du champ de contraintes
induit par les tunnels, ainsi que I’incertitude des proprié&és des sols, néeessitent une éude

déailleé de leurs influences potentielles.

Cette thése vise aéudier la réponse sismique de tunnels al‘aide d'approches déerministes et
probabilistes. Les analyses sont basées sur des simulations non lin&ires bidimensionnelles
utilisant le code de difféences finies explicite FLAC. Tout d'abord, une évaluation critique de
I'utilisation de lI'amortissement de Rayleigh dans les modées numé&iques non linéires est
mené afin de mettre en &sidence son importance et de fournir des régles pour les analyses
ulté&ieures. L'impact de la construction des tunnels a ensuite éeintégrédans les modees
numéiques en utilisant la méhode convergence-confinement. La réponse sismique des
tunnels pour divers éats de contrainte initiaux est ensuite préentée. Des éudes théoriques et
numéiques sont effectuées pour contribuer &une meilleure compréhension des mé&anismes
liées a la présence d’une couche de sol compressible sous-jacente pour la protection sismique
des ouvrages souterrains. Enfin, l'incertitude des parameétres du sol est introduite dans les
modées numé&iques sous forme de variables alétoires. La méhode probabiliste Sparse
Polynomial Chaos Expansion combinée aune analyse de sensibilitéglobale et des simulations
de type Monte Carlo sont utilisées pour identifier les variables les plus importantes et
quantifier la variabilitédes dé€formations sismiques en tunnel. Le travail préenté&considére un
systéme d’interaction sol/tunnel ré&liste qui permet de fournir des informations pré&sieuses sur

le comportement des tunnels sous chargement sismique.
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Chapter 1

Introduction

1.1 Background

Tunnels are an important part of civil infrastructures and can have diverse uses such as
subways, highways, and water transport. Traditionally, tunnels were considered to be less
severely affected by earthquakes than other structures, the seismic vulnerability was thus
seldom considered (Hashash et al., 2001; St John and Zahrah, 1987; Wang, 1993). In recent
years, however, severe damage, including collapse, occurred and was reported worldwide
(Kontoe et al., 2008; Lu and Hwang, 2018; Shen et al., 2014; Uenushi and Sakurai, 2000).
Therefore, the research on the design of tunnel against seismic activities to effectively
mitigate risks and reduce large socio-economic losses due to earthquake-induced tunnel

damage has attracted increasing attention.

The seismic analysis and design of tunnels are currently based on analytical solutions,
numerical analyses, and experimental studies. Characterizing the seismic behaviour of a
tunnel (e.g., identifying its deformation or internal forces) is not an easy task for analytical
and experimental studies since they are limited to the necessarily adopted simplifications,
budget constraint, and data acquisition. Numerical analyses considered continuum media have

then to be employed, such as the finite difference or the finite element method.

Numerical approaches allow the analysts to examine the earthquake effects on the tunnels

considering various levels of complexity and using high-fidelity modelling of the soil-tunnel
15



systems. Over the past two decades, numerical investigations have contributed to answering
fundamental questions on the seismic response of tunnels considering the site conditions and
soil parameters. However, new challenges such as large shield-driven tunnelling in
multi-layered formations, tunnelling-induced stress perturbation, as well as uncertain soil

property lead to the need for detailed investigation of their potential influences.

Tunnel numerical analyses are subjected to several uncertainty sources, including uncertainty
of seismic ground motions, uncertainty of geotechnical parameters, and uncertainty of seismic
analysis models. When a simple constitutive soil model is employed, the frequency-dependent
Rayleigh damping is generally required to provide damping at small strains or to remain
numerical stability. Various criteria and approaches for dealing with the inherent limitations
(i.e., frequency-dependent) of Rayleigh damping have been proposed. However, there is no
consensus regarding the best approach for determining Rayleigh damping parameters in

dynamic analyses.

Moreover, the accurate characterization of geotechnical parameters remains a challenging
task due to the natural heterogeneity of geomaterials, measurement methods, modelling errors,
and the quality of the available limited data. All the geotechnical parameters exhibit a
distribution around their mean value and these distributions can be represented in numerical
analyses by random variables or random fields. Uncertainties of geotechnical parameters
directly contribute to the increase of the response variability and can affect the tunnel seismic

design.

Deterministic models are the most commonly utilized procedure in the current practice, but
they neglect to consider the uncertainty of geotechnical parameters that can only be examined
within a probabilistic framework. Probabilistic analysis serves as an opportunity to explicitly
reflect the effects of the uncertainties, and to distinguish important from unimportant
variables. Probabilistic analyses are therefore necessary to be conducted to rationally quantify
the variability in the tunnel seismic response, although it has received little attention in the

literature.
16



1.2 Objectives

The previous section demonstrates that the safety of tunnels is of major importance in
earthquake-prone areas and remains a challenging problem for design. Indeed, the analyses
often use simplified cases (e.g., homogeneous soil conditions, excavation is assumed to take
place simultaneously with the lining set up) or ignore the geotechnical parameter uncertainty
by accounting for their average values that may underestimate the earthquake effects on

tunnels.

Considering all the previous statements, the present work aims at numerically investigating
the seismic behaviour of tunnels addressing these assumptions that are often not
representative of real conditions. The main objectives of this work include the following:
® Highlight the significant importance of the Rayleigh damping on the numerical
predictions, which is commonly utilized in nonlinear numerical models.
® Investigate the tunnel seismic response considering the construction consequence that
is generally neglected in numerical models.
® Present both the theoretical and numerical reasons of how an underlying soft soil
layer is of benefit to the tunnel seismic protection as a natural damper.
® |dentify the most important variable that has an important contribution to the
variability in the tunnel seismic deformation.
® Examine the seismic deformation statistical characteristics caused by the

uncertainties of the geotechnical parameters.

1.3 Thesis outline

From these objectives, the document is organized into six chapters that are now presented.

After an introduction of the considered problem, Chapter 2 contains a review of the numerical
models considered for the seismic analysis of tunnels in the deterministic and probabilistic

frameworks. The general aspects of the viscous damping employed at small strains in
17



dynamic time-history analyses and the existing approaches for determining the Rayleigh
damping matrix are first addressed. Then two categories of numerical models, namely
guasi-static and dynamic time-history analyses are described. Finally, the probabilistic

analyses of tunnels under both static and seismic conditions are briefly described.

Chapter 3 investigates the variability in the tunnel seismic behaviour (i.e., axial forces) caused
by different Rayleigh damping models. Five practical damping determination approaches and
six commonly adopted target damping ratios are selected. Two groups of ground motions
with diverse frequency characteristics are considered. The maximum axial forces calculated
by these five approaches are compared. The reduction levels of the normalized axial forces
caused by different target damping ratios, as well as the variability in the calculated axial

forces induced by five approaches are investigated in detail.

Chapter 4 explores the influence of the excavation-induced stress disturbance on the seismic
response of tunnels. The tunnel excavation is simulated using a 2D plane strain numerical
model considering the convergence-confinement method. Dynamic time-history analyses are
subsequently performed assuming both the no-slip and full-slip conditions between the soil
and the tunnel lining. The upper and lower limit relationships between the stress relaxation
coefficients and the seismic internal force increments are presented. The influences of the
stress redistribution on the surface ground motions and of the depth-dependent modulus

reduction curves on the calculated internal forces are also discussed.

Chapter 5 investigates the underlying soft soil layer-tunnel interaction under seismic loadings.
In an attempt to obtain a better understanding of the soft interlayer influence on the wave
propagations, a theoretical study is first conducted assuming a plane SH wave vertically
propagating through a three-layered elastic medium. Then parametric numerical analyses are
conducted to investigate the seismic response of tunnels with the variation of the soft layer

parameters including its thickness, shear wave velocity, and position.

Chapter 6 deals with probabilistic analyses. It attempts to explore the efficiency of the sparse
18



polynomial chaos expansions combined with a global sensitivity analysis (SPCE-GSA) for the
tunnel seismic response analysis in strong nonlinearity and high dimensional. This method
permits us to figure out the parameters that have the most or least influence on the tunnel
seismic deformations variability. The basic principles behind the SPCE-GSA method are
introduced. Then, the accuracy of the SPCE model as well as the efficiency of the SPCE-GSA
method is respectively presented. Sensitivity analyses are performed for a wide range of shear
wave Vvelocities, motion intensities, and coefficients of variation. Finally, the sensitivity
indices variability caused by the sampling size, polynomial degree (to train the SPCE model),

and input ground motion characteristics are evaluated.

Chapter 7 aims to quantify the variability in the tunnel seismic deformations caused by seven
uncertain geotechnical parameters. The statistical characteristics in terms of mean, variance,
and coefficient of variation of the tunnel deformations are examined through Monte Carlo
simulations. To address some limitations of the existing studies, analyses are performed
considering a variety of uncertain scenarios. Finally, the impact of the uncertainty of the

geotechnical parameters on a reliability-based seismic design of tunnels is discussed.

19
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Chapter 2

Literature review

2.1 Introduction

In this chapter, a literature review of numerical models for the seismic analysis of tunnels in
deterministic and probabilistic frameworks is presented. Several issues related to their
application are discussed. Section 2.2 describes the general aspects of the viscous damping
employed at small strains in dynamic time-history analyses and the existing approaches for
determining the Rayleigh damping matrix. Two categories of tunnel seismic analysis methods,
namely the quasi-static and dynamic time-history analyses are described in Section 2.3.
Finally, an overview of the probabilistic analysis of tunnels under both static and seismic

conditions is presented in Section 2.4.

2.2 Viscous damping at small strains

2.2.1 Frequency domain vs time domain

In earthquake engineering practice, seismic wave propagation from the bedrock to the ground
surface can be quantified either by an equivalent-linear (EL) analysis in the frequency-domain
or by a nonlinear (NL) analysis in the time-domain. To improve the understanding of the
viscous damping role in NL numerical models, differences between the EL analysis and the

NL analysis are presented.

21



Frequency-domain EL analyses are based on closed-form solutions of the wave equation for
shear waves propagate vertically through a layered continuous medium (Lysmer et al., 1971;
Kramer, 1996). The soil properties needed for each soil layer are shear wave velocity V,, mass
density p, and curves for modulus reduction (G/Gy,y) and damping (D) versus the shear strain
(), as shown in Fig. 2.1a. The analysis with an EL modelling is an iterative procedure in
which effective shear strain-compatible shear modulus and damping are adopted at each
calculation step. In this way, the soil nonlinearity is approximately simulated using the EL
approach, as schematically shown in Fig. 2.1b. It should be noted that frequency-domain
analyses are essentially the linear dynamic analyses and they model soil damping using a
strain-compatible curve, i.e., damping independent of frequency. EL analysis requires small
computational cost and few input parameters, thus this method has successfully been utilized
to predict the seismic response of a given site. However, the limitations of EL analysis are
broadly recognized, e.g., total stress approach, one-dimensional, poor performance for deep

soil deposits and high strain cases (Griffiths et al., 2016).
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Fig. 2.1 (a) G/Gmax~y and D~y curves; and (b) stress-strain loops of soil in shear illustrating measurement of secant

shear modulus and damping ratio.

NL response analyses in the time-domain can effectively address the limitations of the EL
approach (Clough and Penzien, 1993). They provide a more accurate characterization of the
nonlinear soil behaviour under cyclic loading using constitutive models with different levels

of complexity. On the other hand, NL analyses allow considering directly the soil-structure

22



interaction effect under various conditions, e.g., large-scale, multi-dimensional, and
multi-directional ground motion conditions. In essence, the dynamic calculation in the
time-domain is to solve the equations of motion. NL dynamic analysis system is represented
by a series of lumped masses or is discretized into elements. The system of equations is
discretized temporally and a time-stepping scheme such as the Newmark-g8 method is
employed to solve the equations and to obtain the response at each time step. A detailed
numerical model for seismic analysis requires at least an accurate constitutive model for the
materials, an adequate model dimension, an appropriate boundary condition, and a reasonable
specification of the earthquake input motions. Among these necessary points, accurate energy

dissipation modelling is one of the most important issues (Priestly and Grant, 2005).

(a) (b)

; .
: Zero damping

¥

Zero damping

¥

Fig. 2.2 Schematic representation of the zero damping: (a) at very small strains; and (b) in the elastic ranges.

In the NL time-domain models, there are two sources of soil damping (Kwok et al., 2007): the
first one is the hysteretic damping associated with the area bounded by the stress-strain loops,
which strongly depends on the soil constitutive model and the level of nonlinearity. However,
some soil constitutive models (e.g. linear elasticity with perfect plasticity, Fig. 2.2b) adopted
for dynamic analyses induce no energy dissipation in the linear elastic range, which is
incompatible with the soil damping properties measured in the laboratory. Furthermore,
varieties of nonlinear models commonly utilized in current analyses cannot produce sufficient
damping at very small strains (lower than 10° to10™), due to the nearly linear backbone curve
(Fig. 2.2a). The soil damping underestimation will lead to an overestimation of propagated

ground motion. Thus, there is a necessity to incorporate viscous damping into most NL
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numerical models, in order not only to avoid unrealistic responses for problems involving

small strains but also to ensure numerical stability (i.e., resonance and high frequency noise).

2.2.2 Rayleigh damping formulation

In the NL analysis, the following dynamic equation of motion is solved (Clough and Penzien,
1993):

[M]{u} + [CHu} + [K]{u} = —[M]{I}i, (2.1)
where [M] is the mass matrix; [C] is the viscous damping matrix; [K] is the stiffness
matrix; {ii} is the vector of nodal relative acceleration; {it} is the vector of nodal relative
velocities; and {u} is the vector of nodal relative displacements; ii, is the acceleration at

the base of the soil column and {I} is the unit vector.

Viscous damping is assumed to be of Rayleigh type as being straightforward to implement in
numerical procedures. It can be expressed as follows:

[C] = a[M] + B[K] 2.2)
where « and g are respectively the mass-proportional and stiffness-proportional coefficients.

The coefficients can be obtained based on the following equations:

{5} = o [0 @3
£=2 4+ pw) (2.4)

w = 2nf (2.5)

Emin = /@B 2.6)
fnin = Y22E @.7)

where @, and @, are the two parameters which ensure the frequency range, &, is the target
damping ratio, f., represents the central position of the approximate frequency-independent
range, and &y is the corresponding critical damping ratio. The above equations illustrate the

basic form of a full Rayleigh damping formulation, as plotted in Fig. 2.3.
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Mass- and stiffness-proportional damping
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min

Frequency, f (Hz)

Fig. 2.3 Full Rayleigh damping formulations.

The figure demonstrates the dependency of the Rayleigh damping on the frequency. There are
three critical issues for the Rayleigh damping (Hall, 2006; Kausel, 2014):

® The choice of the type of damping model.

® The value of the target damping ratio &a.

® The two matching frequencies f; and f,.

For the type of damping model, the simplified (stiffness-proportional only) and full (mass-
and stiffness-proportional) Rayleigh damping matrices are commonly utilized in practical
analysis. Concerning the value of &, which is always selected according to the small strain
damping or on the smallest value to obtain a stable solution, a small damping ratio ranges
from 1% to 5% is often employed. Higher or lower damping ratios are also adopted in some
studies, depending on the soil constitutive model, input motion characteristic, and analysis
strategy (Bilotta et al., 2014; Kontoe et al., 2011; Madabhushi et al., 2018). However, it is
tricky to select two matching frequencies, to define an approximate frequency-independent
damping range. As shown in Fig. 2.3, Rayleigh damping ratios match the target damping only
at two frequency points: f; and f,. It will underestimate the damping at frequencies between f;
and f, and overestimate damping at frequencies lower than f; and higher than f,. Thus, one of

the major difficulties in nonlinear dynamic analyses is the determination of the appropriate
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frequency range. Otherwise, unreasonable damping ratios utilized will significantly influence

the numerical predictions (Hall, 2006, 2018; Jehel, 2014; Luco, 2008; Nielsen, 2009).

Over the past years, many studies investigated the viscous damping modelling considering an
appropriate Rayleigh damping formulation, as well as the numerical predictions that
employed different Rayleigh damping models. In practice, the lower matching frequency f; is
generally taken as the site fundamental frequency SF (1% natural mode), which can be

estimated as follows (Kramer, 1996):

fo=@n-1) (28)
se = Z(Hiljvsi) (2.9)

where n is the n-order natural mode of soil and f, is the corresponding mode frequency, H is
the soil deposit thickness, H; and Vg; are respectively the thickness and shear wave velocity of
the soil layer i; Ve is equivalent shear wave velocity of the soil. However, different guidelines

can be found in the literature for selecting the higher matching frequency f..

2.2.3 Rayleigh damping determination

Formerly, only the SF was used for formulating the damping model which referred to a single
frequency method (frin= fi=f,=SF, &in=E&ar). It has been implemented into the code QUAD4
(Idriss et al., 1973). Conceptually, this method overestimated the overall damping except at
frequency equals to SF, and resulted in a significant underestimation of the numerical
response in all the frequency range. Then, Hudson et al. (1994) stated that using the
odd-integer multiplier of the SF (e.g., 3,5,7) as the larger matching frequency with an
overwhelming advantage over the single frequency method. They could reduce the
frequency-dependent of the Rayleigh damping. The computer program QUADA4 was extended
to capture this concept and finally, an updated program QUAD4M was developed. In this code,
the Rayleigh damping was assumed to be of the full Rayleigh type with two matching
frequencies. The larger matching frequency f,=nSF with n being the smallest odd integer

larger than the ratio of PF/SF was suggested (PF is the predominant frequency of the input
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motions).

Subsequently, Matasovic (1993) developed a nonlinear site response analysis code (i.e.,
D_MOD) to evaluate the local site effects on the propagated ground motion with a modified
hyperbolic soil model. This soil constitutive model produced nearly no damping at small
strains thus a stiffness-proportional damping formulation was utilized. The damping matrix in
Egs. 2.2 and 2.3 will then be rewritten as follows:

(€] = ez [k] (2.10)
A confining pressure-independent &, was assumed in the model, which was inconsistent with
the laboratory tests. This defect resulted in poor applicability of this code for deep soil
deposits since an overestimated damping ratio was considered for the deep soil layers. The

stiffness-proportional damping formulation could filter out a significant portion of the high

frequency content of the ground motion.

To improve the applicability of this damping formulation, Hashash and Park (2001)
introduced a confining pressure-dependent target damping ratio at zero strain to better
estimate the ground motions of deep soil deposits (i.e., up to 1000 m). The target damping

ratio was expressed, as follows:

(2.11)

c
gtar = (ehH4

where ¢ and d are material parameters and ¢’ is the vertical effective stress.

The above equation was extended to a full Rayleigh damping formulation to further improve
nonlinear site response analyses at short periods (Hashash and Park, 2002). By comparing
various soil deposits, they suggested that the soil higher mode was better to consider to
optimize the frequency f, particularly for soil deposits greater than 50 m thick. In their study,
the 8" soil mode was employed for a 1000 m soil deposit. To further reduce the
frequency-dependent, Park and Hashash (2004) proposed an extended Rayleigh formulation
(ERF) for preserving the frequencies higher than the matching frequency f,. By utilizing four

matching frequencies, the Eq. 2.2 was expanded to approximately model the
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frequency-independent damping in a larger frequency range (Fig. 2.4), as follows:
[C] = alM] + BIK]+ C{[K1[M]~*[K]} + S{[K][M]~*[K][M]~*[K]} (2.12)

where ¢, ¢ are the additional coefficients.

== Simplified Rayleigh dump'uf;;
=== Full Rayleigh damping *
= Extended Rayleigh damping

Damping ratio, ¢

fi [ fi i
Frequency, f(Hz)

Fig. 2.4 Damping ratios using different Rayleigh damping formulations.

However, the ERF has only been implemented in the DEEPSOIL code. To investigate its
effectiveness, three site conditions and four input motions were considered. The comparison
showed that the ERF was able to better capture the high frequency content than the full
Rayleigh damping but in general such improvement was negligible when a 5% damped
spectral acceleration was calculated (Park and Hashash, 2004; Phillips and Hashash, 2009).
They concluded that the additional frequencies f; and f; should be selected through an
iterative process (calibrated with the 1D frequency-domain linear analysis), which was related
to the site conditions and input motions. Thus, the additional two frequencies introduce more

variability in the Rayleigh damping and it is seldom used in practice.

Visone et al. (2009) suggested that the Rayleigh damping formulation could be calibrated
according to the results of the EL analysis procedure. The final profiles of shear modulus and
soil damping ratios calculated by the EL analysis will then be used as the input material

parameters in the NL models for visco-elastic analysis. The frequency range was determined
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using SF and 3SF in their study. Their results showed that NL predictions matched well with
those of the EL analysis, in terms of amplification functions and maximum acceleration
profiles. This calibration procedure permits to provide a reliable &, if the nonlinear soil

properties of a site are accurately characterized.
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Fig. 2.5 Determination of the frequency range for the Rayleigh coefficients (Amorosi et al., 2010).

Amorosi et al. (2010) followed a similar calibration procedure to select the viscous and linear
elastic parameters for a FE analysis. In their study, the first matching frequency f; was
identified by comparing the elastic amplification function of the EL analysis and the Fourier
spectrum of the input motion. As shown in Fig. 2.5, the sample motion had low energy
content for the first two natural frequencies of the deposit, such that the third natural
frequency (5SF, equal to 1.12 Hz) was selected as f;. The frequency corresponding to an
amplification function lower than one (around 3.8 Hz) was set as f,. The authors stated that
the differences between the peak accelerations of adopting this method and the EL solutions
were always lower than 10%. In contrast, the QUAD4M’s method appeared to overestimate

the acceleration response when increasing the soil thickness and the PF/SF ratio. This
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conclusion was later been confirmed by other researchers (Suwal et al., 2014). They reported
an overestimation of around 20% of the spectral acceleration caused by the QUAD4M’s
method, particularly for high frequency input motions. Moreover, the study stated that the
viscous damping influence seemed to depend on the nonlinear soil constitutive model, as the
D-MOD code resulted in a higher overestimation than the DEEPSOIL code for the same

Rayleigh damping formulation.

Lanzo et al. (2003) evaluated the impact of the viscous damping formulations (full and
simplified) on the seismic response of three uniform soil deposits (H=30, 100, 300 m; V=300
m/s, &x=3%). For the simplified form, only the SF was adopted for the stiffness-proportional
damping while the SF and nSF (QUAD4M’s method) was used for the full damping
formulation. The results of the analyses showed that the use of the simplified Rayleigh
damping formulation could significantly underestimate the response, especially for deep
deposits and high frequency motions. This could be attributed to the increasing relative
importance of the higher modes in the response of deep deposits and the linearly increased

effective damping ratio of higher modes.

Kwok et al. (2007) presented a comprehensive investigation into the viscous damping
influence on the site seismic response. Both the simplified (f;=f,=SF, PF, and mean frequency
MF) and full Rayleigh (f;= SF, f,=3SF, and 5SF) damping formulations were compared for
three real sites (SF ranges from 0.45 Hz to 6.4 Hz). They recommended that the full Rayleigh
formulation rather than the simplified one should be used to estimate the viscous damping. As
a first approximation, the SF and 5SF should be used to define the frequency range. While for
simplified Rayleigh damping formulation, the MF of the input motion generally produced
acceptable results whereas the other methods underestimated the response at short periods,
particularly for deep sites. However, their recommendation was based on only one broadband

synthetic acceleration history.

Papaspiliou et al. (2012) investigated the influence of viscous damping formulations on the

probabilistic seismic hazard analyses using nonlinear time-domain analysis. In their study, the
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smaller possible level of viscous damping (0.5%) was selected so as not to aggravate the
tendency of overestimating the damping at high strains. The simplified (i.e., f;=f,=SF) and full
(f,=SF, f,=3SF, 5SF) damping formulations were utilized. The analyses revealed significant
numerical noise at high frequencies due to the damping underestimation (Fig. 2.6). Severe
numerical noise can modify the shape of the spectral accelerations and even lead to numerical

instabilities.
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Fig. 2.6 Spectral accelerations obtained from site response analysis using records NORO1 and DEN2* for different

Rayleigh damping formulations (Papaspiliou et al., 2012).

Méanica et al. (2014) evaluated the Rayleigh damping in the code FLAC through the
visco-elastic response analysis of a given site in Mexico City. Similarly, a calibration
procedure (Visone et al., 2009) was utilized to obtain the target damping ratio and reduced the
soil shear modulus, then the central frequency fmin Wwas randomly selected to minimize the
difference (i.e., residual error sum of squares) of each calculated spectral acceleration with the
original record (Fig. 2.7). The results demonstrated that the Rayleigh damping could be a
suitable method to represent the soil energy dissipation when a proper parameter selection

was adopted.

31



L . 5% structural damping)
—— Original acceleration record ( ping

O o FLAC [ =400
—o— FLACf =2.00
08 —e— FLAC/ =100 .
—— FLACf =050 { o)

r o~ AR
0.6 —eo— I‘IA(.','mm=0‘33

PRI

Spectral aceeleration, g

2 g
£ oA
f ‘Fj 7
.Agj r\i ob;
o™
T B |

ool b v e e e b b e
0.0 0.5 1.0 1.5 2.0 25 3.0 35 4.0
Period, s

Fig. 2.7 Surface spectral acceleration using Rayleigh damping for different f.,i, values (Manica et al., 2014).

Tasi et al. (2014) demonstrated that using SF and 5SF as the optimal frequencies was
applicable for shallow soil deposits while selecting PF or MF of the input motion as the
matching frequency f, could improve the time-domain predictions for deep soil deposits. They
also suggested that the optimal f, should be selected as the maximum between {PF, MF, 5SF}.
However, the method appeared to poorly perform for high frequency input motions especially

with a significant difference in PF and MF.

This section reviews the literature related to the viscous damping at small strains, the different
selection criteria, and the potential influences on the site seismic response analyses. The
purpose of these studies was to provide or recommend an optimal approach that can
effectively reduce the undesirable effects encountered by the misuse of the viscous damping

for dynamic analyses.

2.3 Deterministic models

The seismic design of tunnels is currently based on analytical solutions, quasi-static numerical
analyses, and time-domain dynamic time-history analyses (Hashash et al., 2001). In this
section, the representative numerical works on the seismic response of tunnels in dry soils are
presented. This section focuses on presenting the current knowledge state of the tunnel
seismic response based on quasi-static and dynamic time-history numerical analyses. It does

not cover issues related to the tunnel seismic behaviour associated with ground failures such
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as slope instabilities, liquefactions, and faults crossing.

2.3.1 Pseudo-static method

In general, seismic design loads for tunnels are characterized in terms of deformations and
strains imposed on the tunnel lining by the surrounding soil mass. In contrast, the influence of
tunnel inertial forces caused by the ground accelerations is secondary due to the deeply buried
depth and relatively large inertia of the surrounding ground. It is widely accepted that three
deformation modes describe the response of circular tunnels to ground shaking (St John and
Zahrah, 1987): (a) axial deformation along the tunnel, (b) longitudinal bending, and (c)
ovaling deformation. The latter one, as schematically illustrated in Fig. 2.8, is considered as
the most critical deformation mode since the shear wave propagates normally or nearly
normally to the tunnel axis. This can be simulated through two-dimensional plane strain

numerical models.

Tunnel Before
Wave Motion

Tunnel After
Wave Motion

.

trt oty

Shear Wave Front

Fig. 2.8 Ovaling deformation of the circular tunnels under seismic waves (Owen and Scholl, 1987).

In the pseudo-static approach, the ground deformations are imposed as a static load and the
soil-tunnel interaction (SSI) does not include dynamic or wave propagation effects. It can
either be deformation-based: the model is subjected to a shear strain or force-based: the

seismic-induced inertia force is applied as a constant body force (the seismic force is
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progressively applied to the soil-structure system until the target displacement is reached).
The imposed shear strain or the body force can be estimated by a one-dimensional site

seismic response analysis or by empirical relations (Katona, 2010).

The simplest quasi-static approaches ignore the interaction of the underground structure with
the surrounding ground. St John and Zahrah (1987) stated that the amount of racking imposed
on the tunnel (Aynner) could be taken equal to the difference between the soil deformations (As)
at the top and the one at the tunnel bottom. This approach was satisfactory for low shaking
levels or when the underground facility was excavated in a stiff medium. However, it resulted
in conservative designs if the tunnel was very stiff relative to the soil due to the important SSI
effect. Subsequently, Wang (1993) recommended two simplified frame analysis models for
rectangular tunnels (Fig. 2.9), one was the pseudo-concentrated force for deep tunnels, and
another one was the pseudo-triangular pressure distribution for shallow tunnels.

(a) b
p Au~RXA, ® A, =RXA,

Concentrated :
force :

Triangular
distribution

Fig. 2.9 Simplified frame analysis models: (a) concentrated load at the corner, and (b) triangular distributed
load on the side walls (Wang, 1993).

To account for the SSI effect, a relationship was suggested to estimate tunnel distortion as
follow:

Arnne=R >4 (2.13)
where R is the racking ratio that can be determined according to the R-F relationship (F is the

flexibility ratio).

lai (2005) proposed a simplified equivalent static analysis for buried structures, in which the
seismic action was specified as the maximum relative displacement. Relative to previous

models (St John and Zahrah, 1987; Wang, 1993), the inertia force of structure, and the
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interface shear stresses were incorporated into the model through a series of normal and
tangential springs (Fig. 2.10). However, the difficulty of this model in practical applications

lied in the determination of the spring stiffness.

Interface shear stresses
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Fig. 2.10 Seismic actions on the buried structure for simplified equivalent static analysis (lai, 2005).

Hwang and Lu (2007) proposed a modified cross-section racking deformation (MCSRD)
method to investigate the allowable peak ground velocity for the old Sanyi tunnel. This
deformation-based analysis method considered the SSI effect and nonlinear soil behaviour.
Their analysis revealed that the presence of a tunnel restrained the local soil displacement and
it became more significant as the applied strain increased (Fig. 2.11). The lining forces
predicted by the quasi-static model matched well with the ones of the dynamic analysis in a
small shear strain range (i.e., the maximum shear strain of y»=2x10), with a maximum
difference lower than 20%. However, the quasi-static model failed to estimate the lining
forces for shallow buried tunnels, while for this situation a dynamic analysis was suggested
(Lu and Hwang, 2019). The authors further developed a nonlinear model for the tunnel lining
and, used this model to highlight the importance of a second lining reinforcement on the

tunnel seismic stability (Lu and Hwang, 2017, 2018).
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Fig. 2.11 The global (upper row) and local (lower row) displacement fields under small and large seismic

shear strains (Huang and Lu, 2007).

Debiasi et al. (2013) investigated the effects of the soil-structure interaction, the geometry of
the structure, overburden depth, and motion intensity on the seismic deformations of a
rectangular tunnel. The applied horizontal body forces at the model boundary were uniformly
distributed and the amplitude was determined based on the bedrock motion amplitude after
multiplication by an amplification coefficient (i.e., 1.8). The results underlined the significant
role of the soil-tunnel interface for shallow stiff structures and the non-negligible rotation
response for low aspect ratio structures. Liu et al. (2014) compared three types of force
distribution (i.e., inverted triangular, uniform, and parabolic) on the numerical predictions.
The results stated that the inverted triangular distribution was the more practical one. Zou et
al. (2017) incorporated the structural nonlinearities into this approach to be able to perform
the seismic damage analysis of tunnels. The analysis revealed that the quasi-static analysis

could reproduce the failure evolution of an underground structure: first the collapse of the

central column then the top slab.

Gomes et al. (2015) utilized a concentrated force-based pseudo-static model to investigate the
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seismic response of a circular tunnel in two-layered soils. In their study, an external static load
was applied at the model upper nodes that induced a ground distortion related to the
calculated free-field shear strains (i.e., 10®). The accuracy of the quasi-static model was
verified by comparison with an analytical solution and dynamic analyses. Besides, this study
has emphasized the significant influence of the soil stratification on the tunnel seismic
behaviour. In conjunction with the lower/upper bound limit analysis, the pseudo-static method
could also be utilized to assess the seismic stability of an unsupported/supported circular
tunnel in terms of the stability coefficient (Chakraborty and Kumar, 2013; Sahoo and Kumatr,
2012, 2014). The tunnel stability decreased with the increase of the horizontal seismic

coefficient.

Tsinidis et al. (2015) compared the efficiency of the force-based and the deformation-based
pseudo-static model with centrifuge tests. They found that the quasi-static analysis generally
underestimated the bending moments relative to the dynamic time-history analysis: 20% to 40%
lower for the elastic analysis and up to 60% lower for nonlinear soils. Compared to
force-based analysis, the deformation-based analysis further reduced the predicted bending
moments since a greater amount of induced ground strain was artificially absorbed by the soil
elements, thus “relieving” the tunnel. However, other studies (Kontoe et al., 2008) as well as
the author’s subsequent research (Tsinidis et al., 2016a) showed that the deformation-based
analysis could also predict larger bending moments than force-based ones, and probably
larger than the dynamic analysis ones. Therefore, it is difficult to draw a general conclusion
on whether the quasi-static analysis results can be reasonably compared with those obtained
by the dynamic analysis. It is a site-specific function of the flexibility ratio, tunnel depth, SSI

effect, soil nonlinearity and, input ground motions.

Do et al. (2015a) investigated the effect of lining joints on the seismic behaviour of tunnels
using deformation-based quasi-static analysis (Fig. 2.12). The soil-tunnel system was
respectively built using the FDM numerical method (i.e., FLAC). The study has demonstrated
that the calculated bending moments decreased with the decrease of the joint’s rotational

stiffness, due to the increased tunnel flexibility.
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Fig. 2.12 Geometry and boundary conditions in the quasi-static model (Do et al., 2015a).

M,.=-84.3 kNm/m

N,..=—692.7 kN/m

Fig. 2.13 Example of 2D quasi-static analysis: left is the deformed mesh and the right is the computed lining
forces. (Argyroudis and Pitilakis, 2012).

Recently, there is an increasing interest in applying the quasi-static method to build fragility
curves for tunnels since it is relatively cost-effective when compared with more complex
dynamic time-history analyses. Argyroudis and Pitilakis (2012) were the first one, to the
authors’ knowledge, who developed and applied the quasi-static analysis for this purpose. The
applied seismic ground deformation was calculated through a 1D equivalent linear analysis
considering various motion characteristics, intensities, and soil conditions. Strain compatible
soil shear stiffness was then used in 2D quasi-static analyses (Fig. 2.13), in which the soil
nonlinearity was characterized by a linear elastic perfectly plastic constitutive model
(Mohr-Coulomb shear failure criterion). Following the theoretical framework presented by
Argyroudis and Pitilakis (2012), the quasi-static model has been utilized for the seismic
vulnerability assessment of various types of tunnels (Huh et al., 2017; Lee et al., 2016;

Nguyen et al., 2019).
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Another application of the quasi-static method is to validate the accuracy of analytical
solutions since it is consistent with the assumptions of the analytical solutions (i.e.,
deformation-based analysis, pure shear state). For instance, Hashash et al. (2005) evaluated
two analytical solutions (Penzien, 2000; Wang, 1993) for the no-slip case using a 2D
numerical model, assuming elastic soil behaviour. The comparison demonstrated that the
Penzien’s solution significantly underestimated axial forces. Bobet et al. (2008) improved an
existing analytical solution (Huo et al., 2006) by incorporating soil-stiffness degradation.
They stated that the improved solution was in good agreement with the quasi-static
predictions in terms of deformations and stress responses for the no-slip case. Sedarat et al.
(2009) highlighted the importance of the realistic representation of the soil-tunnel interface
condition and the limitations of the analytical solution (Wang, 1993) for preliminary tunnel
seismic designs. Kontoe et al. (2014) provided further numerical validations of four analytical
solutions (Bobet, 2010; Park et al., 2009a; Penzien, 2000; Wang, 1993) for a wide range of
flexibility ratios, slippage conditions at the soil-tunnel interface based on the

deformation-based quasi-static analysis.

In summary, the quasi-static method is a very attractive tool for the preliminary design, as it
provides a quick and easy calculation of the seismic design loads in the tunnel lining. When a
seismic action is directly imposed at the tunnel structures (i.e., common for rectangular ones),
the SSI effect can be implicitly accounted through the empirical R-F relationships whereas it
can be explicitly considered through the interface springs in a 2D soil-tunnel numerical model.
However, it should be noted that the quasi-static models essentially include, to some extent,
simplifications such as the distribution types of the applied deformations or forces, and the

rough estimation of some parameters (applied deformation or forces).

2.3.2 Dynamic time-history method

Dynamic time-history analyses permit to consider the true soil nonlinearity and inertial
interaction. A large number of existing studies were performed to investigate the tunnel
seismic response. The majority of them focusing on 2D models, the minority focusing on
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three-dimensional (3D) ones. To simulate rigorously all the three deformation tunnel modes
as mentioned previously, a 3D analysis is needed. In current research studies, 3D tunnel
models are seldom utilized, unless for modelling jointed segments, non-uniform or
multi-directional seismic inputs, and special geological considerations like slopes, and faults.
There are four basic issues in the dynamic time-history analysis of tunnels:

® Specification of the input motions.

® Constitutive models of the soils.

® Simulation of the soil-tunnel interface.

® Modelling of the tunnel lining.

Each of these issues is discussed below.

2.3.2.1 Input ground motions

Previous studies commonly utilized one ground motion in their numerical analyses or three
ground motions to simply consider the influence of the input motion characteristics. Ground
motions recorded in several well-known earthquakes (i.e., Kobe, Friuli, Nice, and Northridge)
were frequently utilized in academic cases. These studies aimed at providing a better
understanding of seismic response characteristics of tunnels for various conditions. On the
other hand, some researchers investigated the influence of (1) near-field and far-field, (2)
uniform and non-uniform, (3) horizontal and multi-directional, and (4) mainshock-aftershock
ground motions, on the tunnel seismic response. They aimed at specifying the most
unfavourable seismic input scenarios, and defining the relationship between the ground
motion parameters and the tunnel seismic response. Sometimes they provided practical
guidelines for appropriately specifying the input rock motions. For instance, Chen and Wei
(2013) and Cui et al. (2018) have stated that the tunnel seismic damage was highly dependent
on the velocity-related parameters and the presence of a velocity pulse could lead to more
pronounced damage. Huang et al. (2020) confirmed this conclusion for P waves with large
incident angles, whereas for small incident angles (<30 the motion intensity (PGA) tended

to increase significantly the tunnel response (Fig. 2.14).
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Concerning the spatial variation of ground motions, the general conclusion of past studies (Bi
and Hao, 2012; Fabozzi et al., 2018; Park et al., 2009b; Yu et al., 2013b; Zerva et al., 1988)
showed that:
® Non-uniform ground motions in general induced larger tunnel responses compared to
uniform ones, particularly under discontinuous soil conditions (soil properties change
in the longitudinal direction).
® Partially correlated input motions predicted high differential tunnel axial
displacements compared to perfectly correlated ones. All vibration modes could be
excited thus resulting in relatively high stresses.
® The influence was more evident for weak joint stiffness and large incident angles for

segmental tunnels.
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Fig. 2.14 Damage contours of ground motions with PGV=0.15 m/s and with PGV=0.30 m/s. (Huang et al.,
2020).

Multi-directional input motions have seldom been considered in seismic analyses and design
of tunnels before the 1995 Kobe earthquake. However, the collapse of the Daikai subway
station has demonstrated the great importance of the vertical ground motions (lida et al.,
1996). The vertical ground motion could cause seismic damage to the underground structure
in terms of additional compressive and tensile stresses. It is one of the fundamental reasons
for the failure of the central column of the subway station and the tunnel lining cracks

(Hashash et al., 2001; Uenishi and Sakurai, 2000). Singh et al. (2018) and Sun et al. (2020a)
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have investigated the tunnel damage under mainshock-aftershock ground motion sequences.
They reported that the aftershock ground motion could cause severe cumulative damage and

considered mainshocks only could underestimate the tunnel seismic response (Fig. 2.15).

Mainshock Mainshock-aftershock

__INNNEEE

0

Equivalent plastic strain 0.001

Fig. 2.15 Equivalent plastic strains of surrounding rock under mainshock and mainshock-aftershock

sequence. (Sun et al., 2020a).

2.3.2.2 Soil constitutive models

It is essential to develop and use constitutive models that can appropriately simulate the soil
behaviour under cyclic loading and, to capture the tunnel seismic response accurately. For the
tunnel seismic analysis, equivalent linear models and simple elasto-plastic models are often
used, although their shortcomings are well-known. For instance, Cilingir and Madabhushi
(20114, 2011b) used a hardening non-associated elasto-plastic model (Mohr-Coulomb, MC) to
study the effect of the frequency, amplitude, duration of the input motion, and depth on the

dynamic behaviour of circular tunnels. Amorosi and Boldini (2009) studied the transverse
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dynamic behaviour of tunnels in stiff and soft soils respectively adopting visco-elastic and
MC models. The results underlined that soil plasticity produced a substantial modification of
the loads acting in the lining, leading to permanent increments of both axial forces and
bending moments. Shen et al. (2014) and Wang et al. (2019b) respectively adopted MC
models for analyzing the failure mechanisms of a mountain tunnel that was damaged during
the 2008 Wenchuan earthquake. Patil et al. (2018) and Naseem et al. (2020) also utilized the

MC model to examine the influence of the tunnel shape on the lining forces.

On the other hand, sophisticated constitutive models are always preferred for tunnel seismic
analysis since they reproduce more accurately the stress-strain behaviour of soils under
various stress states. For instance, Kontoe et al. (2008) investigated the seismic damage of the
Bolu tunnel using a two-surface kinematic hardening model. They compared the applicability
of four soil constitutive models (modified Cam-clay with or without Rayleigh damping,
modified Cam-clay coupled with a cyclic nonlinear, and the two-surface kinematic hardening
model) for the same tunnel case (Kontoe et al., 2011). The comparison highlighted the
importance of the Rayleigh damping for a simple soil constitutive model. Shahrour et al.
(2010) conducted a numerical analysis of the tunnel seismic response based on a cyclic
elastoplastic constitutive soil model involving isotropic and kinematic hardening (MODSOL
model). The results showed that the soil plasticity reduced the tunnel bending moments while
the soil dilatancy had a moderate effect. Zhuang et al. (2019) adopted a visco-plastic
memorial nested yield surface model to investigate the inter-story drift angle of underground
structures considering different soil conditions and motion intensities. Utilizing a kinematic
hardening model, Cabangon et al. (2019) underlined for the first time the importance of the
initial structure of clay and its degradation in controlling the magnitude of the tunnel lining
forces. Kampas et al. (2020) adopted the Hardening Soil model with small-strain stiffness to
examine the seismic response of a horseshoe-shaped tunnel in cohesive and non-cohesive
soils. They stated that the most conservative model regarding the tunnel seismic design would
be considering a no-slip interface, zero soil cohesion, and negligible excavation-induced

volume loss.
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An important work regarding the soil constitutive model influence was the numerical Round
Robin on Tunnel Tests (RRTT), organized by TC204, ISSMGE (Bilotta et al., 2014). The
predictive capacity of several numerical models with different levels of complexity was
validated against centrifuge tests (Amorosi et al., 2014; Conti et al., 2014; Gomes, 2014;
Hleibieh et al., 2014; Tsinidis et al., 2014). The comparison revealed that different
constitutive models could provide a satisfactory agreement with experimental data in terms of
ground acceleration responses but failed to reproduce permanent changes in lining forces. The
simulations highlighted that sophisticated constitutive models were not always performing
better than simplified ones, mainly due to the input parameter uncertainties (i.e., soil-tunnel
interface, model calibration, and damping). The most severe drawback associated with
sophisticated models is related to the larger number of required parameters, some of them
cannot be determined from tests. All these models have their advantages and limitations; the

utilization of models depends, to a large degree, on design purposes.

2.3.2.3 Soil-tunnel interface

One of the key issues regarding the soil-tunnel system is the contact between the tunnel lining
and the soil. As mentioned previously, many simplified and analytical solutions assumed
either a zero friction (i.e., full-slip condition) or a perfect bond between the tunnel and the
surrounding soil (i.e., no-slip condition). However, the real interface condition is somewhere
between the no-slip and full-slip for most of the cases. As suggested by many studies (Bobet,
2010; Kontoe et al., 2014), the interface condition significantly affects the computed internal
forces and, the axial forces in particular. A full-slip condition results in significantly lower
axial forces and slightly larger bending moments. Oppositely, a no-slip condition predicts
much larger axial forces and relatively smaller bending moments. Moreover, the soil-tunnel
interface behaviour may affect the soil yielding response in the adjacent area to the tunnel
(Tsinidis et al., 2016b). As shown in Fig. 2.16, a more ‘rigid’ connection of the tunnel with
the soil resulted in a higher constraint of the adjacent soil by the tunnel while a weaker

interface increased deformations and strains of the adjacent soil.
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Fig. 2.16 Soil plastic strain around a flexible tunnel. (Tsinidis et al., 2016).

The interface between the tunnel lining and the soil is generally simulated in two ways
according to the numerical codes utilized. One is using the normal and tangential springs (i.e.,
FLAC), another one adopting a frictional coefficient (i.e., ABAQUS). It should be noted that
the Mohr-Coulomb failure criterion is used to simulate the slippage and separation at the
interface. In some numerical models, beam or liner elements were used to simulate the tunnel
lining and were directly bonded to the nodes of the surrounding soil (no interface elements
were utilized). Considering no soil/structure interface was acceptable for rock tunnels or weak
ground motions since the SSI effect could be neglected (Hatzigeorgiou and Beskos, 2010;
Kouretzis et al., 2013; Sedarat et al., 2009). The importance of the soil-tunnel interface was
also highlighted in the RRTT campaign (Bilotta et al., 2014). They demonstrated the necessity
to conduct more experimental studies to properly qualify the interface friction property, which
will permit to improve the numerical predictions against centrifuge test results. Since its
important influence on the tunnel seismic response, a reliable estimation of the soil-tunnel

interface response under seismic loads should be done.

2.3.2.4 Tunnel linings

Most previous studies regarding the tunnel seismic response focused on the elastic behavior
of the tunnel lining and simulated it using a continuous beam or liner element (Amorosi and
Boldini, 2009; Cilingir and Madabhushi, 2011a, 2011b; Kontoe et al., 2008, 2011; Shahrour et
al., 2010; Tsinidis et al., 2014; Zhuang et al., 2019). Some authors have considered the tunnel

lining nonlinearity, and a plastic-damage constitutive model was commonly utilized to

45



investigate the damage evolution and collapse of tunnels (Sun et al., 2020a; Wang et al.,
2019b). A simple nonlinear structural model accounting for the stiffness degradation and
ultimate capacity was employed, to obtain the fragility curves of tunnels for various site
conditions and motion intensities (Argyroudis and Pitilakis, 2012; Nguyen et al., 2019).
Recently, Kampas et al. (2019) demonstrated how the structural modelling approach can
affect the tunnel seismic response. In their study, three models of RC lining were assessed: (1)
linear elastic using the section geometric stiffness, (2) linear elastic with a bending stiffness
matching the uncracked stiffness, and (3) nonlinear model incorporating the stiffness
degradation and ultimate capacity. An idealized elasticity approach can probably be
appropriate for tunnels subjected to weak ground motions. The tunnel lining nonlinearity
should be properly considered for strong ground motions, although it is not popular in the

current analysis practices.

Another issue concerning the tunnel lining is the joints when a segmental lining is adopted.
Case histories have demonstrated the good performance of the segmental tunnels during
several seismic events (Hashash et al., 2001). Therefore, the seismic behaviour of the
segmental tunnels has only received limited attention. Yu et al. (2013a, 2013b) performed a
3D FE dynamic analysis on the seismic behaviour of a long tunnel incorporating the tunnel
joints (Fig. 2.17). Their study revealed that the presence of flexible joints could decrease the
stresses on the tunnel lining by 17% due to the flexibility of joints which allowed axial and

curvature deformations and dissipate more energy.

Do et al. (2015b) stated that the presence of joints generally decreased the lining forces in
terms of axial forces and bending moments, depending on the joint's number, location,
stiffness, and tunnel radius. Lower seismic demand of the segmental lining compared to the
continuous lining was also reported by other researchers (Fabozzi and Bilotta, 2016; Wang et
al., 2019a). However, it should be noted that the relative rotation between segments occurred
at the end of shaking, suggesting a permanent loss of water-tightness of the lining (Fabozzi
and Bilotta, 2016; Yu et al., 2013b). Hence, the seismic design of a segmental lining requires

careful consideration. More researches on the seismic analysis and design of segmental
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tunnels are required since they are nowadays frequently constructed in seismic prone areas.

Transversal bolted connections

Axial bolted connections
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Fig. 2.17 Schematic representation of the segmental tunnel, joint connection scheme, opening deformation,
and dislocation. (Yu et al., 2013b; Do et al., 2015b; Wang et al., 2019a).

2.4 Probabilistic models

In this section, the basic theoretical framework of the adopted probabilistic analysis (i.e.,
uncertainty quantification) and, an overview of the probabilistic analysis of tunnels under
static and seismic conditions are presented. Besides, the statistical parameters of some

geotechnical properties utilized in the literature are summarized.

2.4.1 Uncertainty quantification

The probabilistic analysis aims at quantifying the input parameters uncertainties effects on the
system outputs. An uncertainty quantification requires generally three aspects: the source and

scale of uncertainty inputs, a computational model, and the uncertainty propagation process
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(Lataniotis et al., 2018a), as schematically illustrated in Fig. 2.18.

Input Parameters Computational Model Evaluate Quantities of Interest

* Uncertainty
Quantification
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Fig. 2.18 Theoretical framework of uncertainty quantification.

The identification and modelling of the uncertainty sources are the crucial steps for the
solution of any uncertainty quantification problems. There are three basic sources of
uncertainties for the seismic analysis and design of tunnels:

® Specification of seismic ground motions.

® Uncertainty of material parameters.

® Selection of the seismic analysis and design methods.

In this thesis, the variability in the tunnel seismic response is quantified considering only the
uncertainty of the geotechnical parameters. It should be emphasized here that in any
probabilistic analysis, it is necessary to identify and quantify the uncertainty sources using the
collected data or expert judgment. Although this step is extremely important for the
site-specific analysis, it will be not considered in this thesis. The statistical parameters of the

soil properties used in the analysis are taken from the literature.

After having properly quantified the uncertainties of the input parameters, the next step is to
quantify their influences on the model output through a computational model. The
computational model can be an analytic function, a simplified method, or a numerical model

that will propagate a set of input parameters to a set of output quantities of interest. In the
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geotechnical engineering field, simplified methods such as the limit analysis method were
widely applied to evaluate the geo-structures stability (i.e., slope, embankment, tunnel face) in
random soils since they permitted to obtain accurate results with lower computational costs
(Pan and Dias, 2017, 2018). While for more complex physical phenomena, e.g., the seismic
response of tunnels here, which cannot be investigated precisely by simplified methods,
advanced numerical models (e.qg. finite difference or finite element schemes) are necessary. In

this thesis, a dynamic time-history analysis will be used.

The quantities of interest of a probabilistic response can either be the mean value and variance
of the model response, or the probability of exceedance of a prescribed threshold (i.e.,
probability of failure). Historically, the Monte Carlo simulation can be employed to solve
these problems. It is a very efficient tool but it usually requires a high number of deterministic
calculations. Its computational cost may unaffordable if the study aims to estimate small
failure probabilities in the range between 10 and 10 since massive time-consuming will be
needed. Under this circumstance, meta-modelling techniques, e.g., Polynomial Chaos
Expansion, Kriging, Support Vector Machines, are promising ways in which computational
expensive models can be substituted by inexpensive surrogate models (Mollon et al., 2009,
2013; Pan and Dias, 2017). Therefore, Monte Carlo simulation is generally used as a means to

get a reference solution or to calculate the mean value and variance of the model response.

The uncertainty quantification performed in this thesis is based on simulation-based
techniques, utilizing two probabilistic methods. The Sparse Polynomial Chaos Expansion
combined with the global sensitivity analysis is adopted for identifying the key variables that
have the most or least influence on the tunnel seismic response. Then, in the framework of the
Monte Carlo simulation, the statistical moments (mean, variance, coefficient of variation) of

tunnel seismic response will be investigated.
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2.4.2 Probabilistic analysis of tunnels under static conditions

So far, the probabilistic analysis of tunnels focuses mainly on the stability of tunnels (i.e.,
lining structure, tunnel face) under static conditions. For instance, Schweiger et al. (2001)
presented a reliability analysis of a tunnel by combining probabilistic concepts and
deterministic finite element methods. In their study, the internal friction angle (¢), cohesion
(c), and Young’s modulus (E) were considered as random variables with a lognormal
distribution. A design chart for optimizing the lining thickness at a given probability of failure
was provided. Goh and Kulhawy (2003) suggested a back-propagation neural network
algorithm to develop a mathematical expression relating to the input and output variables.
Then they used this method to investigate the vertical displacement of an existing tunnel in
random soils. Emeriault et al. (2004) quantified the uncertainty of geotechnical parameters
using the collected data from the Lyon subway site. The results underlined that not only the
measurement errors but also the expert judgment significantly contributed to the uncertainty
of the urban soil parameters. Therefore, a risk-oriented analysis was suggested to account for

the uncertainties affecting tunnel design.

Mollon et al. (2009, 2011) presented a comprehensive investigation into the tunnel face
stability considering the uncertainty of the soil shear strength parameters (c and ¢). For the
probability distribution of the random variables, ¢ and ¢ were respectively considered as
normal and non-normal variables. The negative correlation between the two variables
(0c,p=-0.5) was also considered. The main conclusions included:
® The assumption of a negative correlation between the ¢ and ¢ induced higher
stability of the tunnel face.
® The normal distribution predicted a greater failure probability relative to non-normal
distribution.
® The failure probability was much more influenced by the coefficient of variation of ¢
than that of c.
Following this study, the tunnel face stability problem was broadly investigated for various

uncertainty scenarios, utilizing different probabilistic methods (Li and Yang, 2018; Pan and
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Dias, 2017, 2018).

Li and Low (2010) confirmed some of the above findings in their reliability analysis
considering a circular tunnel under a hydrostatic stress field. In addition to normal and
lognormal distributions, beta distributions were also adopted to characterize the uncertainty of
the ¢, ¢, and E. They stated that a beta distribution was able to predict an equivalent reliability
index with a normal distribution, but both were lower than the lognormal distribution one.
Song et al. (2011) showed that the deformations and plastic zones around a tunnel increased
as the geotechnical property uncertainty increased. A higher tunnel face pressure was then
necessary to remain the system at the stability. The results demonstrated that the parameter E
had the most influence on the tunnel inward deformation in comparison with the c, and ¢

influences.

Cai (2011) proposed the probability density distributions of rock properties using field data.
Then they utilized the proposed probability input models, to analyze the deformations of a
rock tunnel. Lv et al. (2011, 2013, 2017a) investigated the influence of the rock properties
uncertainty on the failure probability of circular tunnels considering the plastic zones and
deformations. The methods used in their analysis were the first order and the second order
reliability method (FORM, SORM), artificial neural network, quadratic polynomial chaos
expansion, moving least squares response surface method, and Monte Carlo Simulation
method. The uniform design and Latin hypercube sampling methods were used for the
generation of the input variables. Their studies highlighted the limitations of the simple
reliability methods such as FORM, SORM for complicated and nonlinear systems in which
the limit state functions cannot be explicitly represented in terms of random variables. In such
cases, a meta-modelling technigue was recommended to construct performance functions (Li

etal., 2014).

Tiwari et al. (2017) considered the uncertainty in both the peak and residual shear strength to
predict the tunnel deformations. They stated that the predicted displacements were matching

well with the measured deformations whereas underestimated displacements appeared when
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the residual strength uncertainty was ignored. Then, an optimization support design was
proposed using the probabilistic analysis method (Tiwari et al., 2018). Kroetz et al. (2018)
performed a reliability-based tunnel lining design considering uncertain soil properties, using
different reliability algorithms, e.g., FORM, Important sampling, Subset simulation, and
Monte Carlo simulation. Recently, Hamrouni et al. (2019) adopted a genetic algorithm
optimized surface response method to investigate the relationship between the stress relief
and tunnel reliability index. The study demonstrated that increasing the stress relief reduced

the ground settlement-based reliability index whereas increased the lining force-based one.

Table 2.1 Statistical parameters of the soil property used for tunnel static analysis.

Author c @ E Ground
Schweiger et al. (2001) 33.3%, LN 9.5%, LN 33.3%, LN Soil
18.75%, LN 6.8%, LN 15.6%, LN Rock
16.65%, LN 5%, LN 16.7%, LN Weak rock
Goh and Kulhawy (2003) - - 15%, 6.7%, N Soil
Emeriault et al. (2004) - - 35%* Soil
- - 8.2%° Soil
Mollon et al. (2009, 2011) 20%, N, LN 10%, N, g 15%, N, LN Soil
Li and Low (2010) 29.6%, N, LN, 8 5.7%, N,LN, B 12.9%, N, LN, B Rock
Song et al. (2011) 10%~40%, N 10%~40%, N 10%~40%, N Rock
Lv et al. (2011) 13.2%, N, LN, 8 9.7%, N, LN, 8 12.9%, N, LN, 8 Rock
Cai (2011) 25.1%, W, N 4.7%, W, N 16.5%, N Rock
Li et al. (2014) - - 15%, LN Rock
Tiwari et al. (2017, 2018) - - 13.5%~20.96%, LN  Rock
Pan and Dias (2017) 20%, LN 10%, LN Soil
Chakraborty and Majumder (2018)  30%, LN 24%, UN 15%, LN Rock
Gong et al. (2018) 33%, LN 10%, LN - Soil
Kroetz et al. (2018) 20%, LN 20%, g 15%, LN Soil
Hamrouni et al. (2019) - - 15%, N, LN Soil

Note: N=normal distribution; LN=lognormal distribution; UN=Uniform distribution; W= Weibull distribution; g=

Beta distribution; a =unknown distribution type.

In summary, the tunnel face stability and lining structure stability are the two main subjects of
the previous studies regarding the tunnel probabilistic analysis. For the tunnel face stability,
authors aimed to estimate the face collapse or the blow-out failure modes of different ultimate

limit states and eventually, to provide a rational support pressure for a target failure
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probability. For the lining stability, the objectives are to estimate the lining failure probability
for a specific uncertainty scenario and to provide an optimization design of a tunnel (i.e.,
lining thickness, bolt length, support location) for different target failure probabilities. These
analyses generally consider the uncertainty of the c, ¢, and E, considering different
coefficients of variation (COV) and distribution types. The adopted parameters of the
presented studies are summarized in Table 2.1. Other parameters such as density (o),
Poisson’s ratio (v;) were commonly assumed as constants due to their low variation level or

insignificant influence on the tunnel response (Phoon and Kulhawy, 1999).

2.4.3 Probabilistic analysis of tunnels under seismic conditions

Traditionally, seismic analysis and design of tunnels are based on deterministic methods
considering only the average or mean soil properties, probabilistic tunnel seismic responses
were thus rarely investigated. Karakostas and Manolis (2000, 2002) presented the first
investigation, on the dynamic response of an unlined tunnel in random elastic soils subjected
to P and SH waves using a stochastic boundary element method. In their studies, the wave
velocity was considered as a normally distributed random variable. Recently, probabilistic
analyses were performed to assess the influence of the soil spring stiffness (ks,i) uncertainty
on the eigenfrequency values of a buried pipeline (Manolis et al., 2020). The random K, was

characterized using uniform, normal, and lognormal distributions respectively.

Nedjar et al. (2007) investigated the randomness effects of two parameters (i.e., K, and
density p) on a pipeline bending stress and relative deformation responses. Their results
indicated that the ks; had a more pronounced influence on the computed response, while the
mass influence was secondary. Also, an additional bending stress was induced due to the
heterogeneity of soil property in the pipeline axial direction. Liu and Li (2008) investigated
the stochastic seismic response of corroded pipelines based on the Markov process. They
defined the corrosion percentage as a random variable. Yue and Ang (2016, 2017) studied the
spatial variation effect of the elastic modulus on the rock tunnel reliability using the
probability density evolution method, considering two- and three-dimensional numerical
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models. They stated that the results obtained with a deterministic analysis using the mean
values were usually higher than considering the random variation of the soil. Based on the

target reliability, the thickness of the concrete lining was recommended for the tunnel design.

Chen et al. (2017) conducted a stochastic seismic performance of an immersed tunnel. They
concluded that the elastic modulus variation has a minor influence on the bending moments,
whereas it could increase the axial forces sharply. Assuming that the variable followed a
lognormal distribution, Zhang and Liu (2020) performed a random finite element analysis to
investigate the influence of the shear modulus uncertainty (as well as the spatial variability,
random field method was utilized) on the seismic-induced internal forces of a rectangular
tunnel. They found the maximum lateral deformation was significantly influenced by the
randomness soil stiffness, where the maximum difference in the lateral deformation response

between the deterministic and probabilistic analyses was approximately equal to 60%.

Table 2.2 Statistical parameters of the soil property used for tunnel seismic analysis.

Author G p Vs Ground
Karakostas and Manolis (2000, 2002) 32%, N Rock
Nedjar et al. (2007) 10%~100%, LN Soil
Yue and Ang (2016, 2017) 23%° N Rock
Chen et al. (2017) 20% °, N Soil
Zhang and Liu (2020) 30%, LN Soil

Note: b=estimated value according to 3o rule; ¢ =determined according to the COV of the E.

In summary, the most commonly utilized variables in the tunnel seismic analysis are the soil
stiffness-related parameters. The COV and the corresponding distribution types are
summarized in Table 2.2. The literature review has demonstrated that the stochastic seismic
response of tunnels considering uncertain soil properties is still very limited. The common
limitations of previous studies are associated with:

® The application of a linear constitutive soil model.

® The small number of random soil parameters considered.

® The uncertainty of parameter characterization considering only one distribution type.
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® The limited uncertainty scenarios consideration.
® The insufficient studies on the statistical characteristics of the tunnel deformations.
To address these limitations, this thesis will consider dynamic time-history analyses to

quantify the variability of seismic-induced tunnel deformations.

2.5 Conclusion

Various determination methods are reviewed in this chapter for overcoming the
frequency-dependent of the Rayleigh damping. They are historically based on the site
fundamental frequency in combination with a simplified damping formulation, which may
lead to a significant underestimation of the response in the case of deep soils and high
frequency ground motions. To relieve the adverse influence of the misuse of the Rayleigh
damping, a full Rayleigh damping formulation accounting for the site high modes or ground

motion characteristics is recommended.

Then, two kinds of quasi-static analyses are briefly described, namely the deformation-based
and force-based quasi-static numerical methods. They permit to provide a quick and easy
calculation of the seismic design loads in the tunnel lining. Furthermore, the soil-tunnel
interaction can be implicitly considered through empirical R-F relationships or be explicitly
incorporated in a numerical model by a series of interface springs. However, the quasi-static

method has some pitfalls, thus the numerical models should be properly prepared.

A literature review on the dynamic time-history analyses of tunnels is presented. Dynamic
time-history analyses can effectively address several limitations of the quasi-static analysis,
e.g., inertial interaction, wave effects. On the other hand, they require careful consideration of
the input ground motions, soil constitutive models, soil-tunnel interface behaviour and, tunnel

lining constitutive models.

Finally, the probabilistic analyses of tunnels under both static and seismic conditions have

been reviewed. They aim to estimate the mean or variance of the model response or, to
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compute the failure probability of a rare event. For the tunnel stability problem, the soil shear
strength parameters are commonly considered as uncertain parameters while for the tunnel
seismic analysis, the soil stiffness-related parameters are the uncertain ones. Various
simulation techniques such as Monte Carlo simulation, and Sparse Polynomial Chaos
Expansion (SPCE), can be utilized to propagate the uncertainty from the input variables to the
model outputs. These two techniques will be used in this thesis to characterize the statistical
characteristics of the tunnel seismic response, as well as to compute the SPCE-based Sobol
indices that identify the contribution of each uncertain parameter in the variability of the

model response.
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Chapter 3

Rayleigh damping in nonlinear numerical models

3.1 Introduction

There are two sources of soil damping in nonlinear seismic analyses of tunnels. The first one
is the frequency-independent hysteretic damping associated with the area bounded by
stress-strain loops, which strongly depends on the soil constitutive model and the level of
nonlinearity. The second one is the viscous damping that captures the soil damping at very
small strains. When a simple elasto-plastic model (like linear elasticity with perfect plasticity)
is adopted, it generally induces no energy dissipation at small strains. The full or the
simplified Rayleigh damping models are commonly utilized to provide additional damping or

to remain numerical stability.

However, Rayleigh damping can lead to an overdamping or an underdamping of the wave
propagation due to its frequency-dependent. It further could result in substantial differences in
the seismic responses of structures (Priestley and Grant, 2005). The negative effects caused
by the improper use of the Rayleigh damping in time-history analyses, revealing the need for
a reasonable determination of the damping models. To circumvent this issue, several practical
methods are suggested to select the frequency interval so that the damping can approximately

remain constant in the frequency range of interest.

There is no consensus regarding the best approach for determining the Rayleigh damping

parameters in seismic analyses of tunnels. The users have then to determine the damping
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parameters with a certain degree of arbitrariness and consequently, it can affect the numerical
predictions and sometimes lead to erroneous results. Although the use of Rayleigh damping is
common in numerical models, the influences of different damping models on tunnel seismic
response are till now not well known. This chapter investigates the variability in the tunnel
seismic behaviour (i.e., axial forces) caused by the use of different damping determination
methods through a nonlinear time-history analysis. The commonly used five approaches are
compared, considering a variety of cases including different ground motions, nonlinearity

levels, and target damping ratios.

3.2 Methods

3.2.1 Damping determination approaches

The full Rayleigh damping formulation is adopted here, as shown in Fig. 2.3. The main issues
in applying Rayleigh damping are the selection of the appropriate target viscous damping
ratio &,, and of the frequency interval [fy, f,]. Concerning the value of &, previous studies
generally adopted a small damping ratio ranges from 1% to 5%. Higher or lower damping
ratios were also utilized according to the soil constitutive models, input ground motions
(Bilotta et al., 2014; Kontoe et al., 2011). In this work, &, ratio is assumed to vary from 0.2%

to 10%, to cover a variety of cases.

Consistent with the previous studies, the site fundamental frequency (SF) is taken as the first
matching frequency f; while the values of f,, are determined by five approaches, including:

® Ma1: the site fundamental frequency (SF).

® M2: the five times the site fundamental frequency (5SF).

® Ma3: the predominant frequency of ground motions (PF).

® M4: the mean frequency of ground motion (MF).

® MD5: the n times the site fundamental frequency with n being the smallest odd integer

larger than the ratio of PF/SF.

The details of these approaches can be found in Chapter 2.
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3.2.2 Input ground motions

To consider the influence of ground motion characteristics and motion intensities, 50 ground
motions are adopted in this work. These records are obtained from the NGA-West 2
Ground-Motion Database using the following search criteria: the magnitude ranges from 5 to
9, fault distance varies from 2 to 200 km, rupture distance changes from 2 to 500 km, and the
soil shear wave velocity (at the top 30 m) ranges from 500 to 1500 m/s. The detailed
information of these records is presented in Table. A.1 (see Appendix A). Furthermore, the
seismic records are grouped into two categories based on the predominant frequency of
ground motions. For Group A, it contains 17 ground motions that have rich high frequency
components, and the corresponding PFs are less than 0.23 s. The left 33 ground motions
belong to Group B and have relatively large PFs (>0.23 s). In general, Group B has a larger

spectral acceleration (S,), as shown in Fig. 3.1.
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Fig. 3.1 Spectral accelerations of input motions for Group A and Group B.

3.2.3 Two-dimensional numerical modelling

The Bologna-Florence high-speed railway tunnel project in Italy is adopted as the reference
case. This project is part of the Italian high-speed railway network. Some works have been
recently performed to investigate the internal forces and stability of this tunnel during the
construction and operation stages (Croce, 2011; Do et al., 2014).
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Fig. 3.2 shows the two-dimensional numerical model using the FLAC finite difference
element code (ltasca, 2011). It is assumed that the behaviour of the tunnel lining is
linear-elastic and the behaviour of the surrounding soil is simulated with an elastic-perfectly
plastic constitutive model following the Mohr-Coulomb (MC) failure criterion. This criterion
is frequently used in the nonlinear seismic analyses of tunnels, as demonstrated in Chapter 2.
Parameters of the tunnel support and the soil adopted in this study are taken from the

literature (Do et al., 2014), as presented in Table 3.1.

Table 3.1 Properties of the soil and tunnel lining (Croce, 2011; Do et al., 2014).

Parameters Symbol  Value  Unit

Properties of the clayey sand

Unit weight P 17 kN/m?
Initial Young’s modulus E 150 MPa
Poisson’s ratio Vs 0.3 -
Internal friction angle 1) 37 °
Dilatancy angle o 0 °
Cohesion c 5 kPa
Lateral earth pressure factor Ko 0.5 -
Depth H 20 m
Properties of the tunnel lining
Young’s modulus E; 35,000 MPa
Poisson’s ratio Y 0.15 -
Lining thickness t 0.4 m
External diameter D 9.1 m

(a)

Free-Field
Free-Field
40m

— Monitoring section

P 100 m

Fig. 3.2 Two-dimensional numerical model.

A necessary step in both static and dynamic numerical analyses is to determine the model
boundary dimensions. The results obtained from the sensitivity analysis indicate that a

numerical model width of 100 m is sufficient to avoid the boundary effects, as shown in Fig.
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3.2. Finally, the model has a height of 40 m and a width of 200 m. The mesh size of 0.8 %<0.8
m is determined according to the well-known equations of Kuhlemeyer and Lysmer (1976).
Concerning the soil-tunnel interface, the relative movement and separation between the soil

and the tunnel are not allowed to simulate the most unfavourable axial force scenarios.

Before all the seismic analysis, a static analysis is conducted to determine the initial state of
stresses. For the static analysis, both the horizontal and vertical displacements are restricted
along the model bottom while horizontal displacements are restricted along the lateral
boundaries. For the dynamic analysis, the free field boundaries are applied along the lateral
boundaries to properly absorb the outward waves while and a quiet boundary is applied at the
base of the model to simulate the elastic bedrock. For a single ground motion, the acceleration
amplitude is scaled from 0.1 to 0.5 g to consider different soil nonlinearity levels (i.e.,
hysteretic damping levels). After high frequency (15 Hz) cutoff and baseline correction, the
scaled acceleration time-history is integrated into the velocity time-history and then is
transformed into a shear stress time-history (to match the model base condition). It is applied

at the model base considering the vertical propagation of the ground motion.

Table 3.2 shows the values of f, calculated based on different methods and ground motion
characteristics. In total, 1250 time-history analyses are performed to investigate the influence
of Rayleigh damping models on the maximum seismic induced axial force acting on the
tunnel lining (the studied lining section is shown in Fig. 3.2b). Similar findings observed for

the bending moments and the tunnel deformations are not presented for the sake of brevity.
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Table 3.2 The values of f, calculated by five damping determination approaches.

Group A Group B
ID SF 5SF PF MF nPF/SF SF 5SF PF MF nPF/SF
(Hz)  (Hz)  (H)  (Hg) (H2) (Hz) (Hz) (H2) (Hz) (Hz)
1 1.13 5.65 7.14 4.0 791 1.13 5.65 1.47 1.37 3.39
2 1.13 5.65 7.14 4.18 7.91 1.13 5.65 2.63 1.57 3.39
3 1.13 5.65 6.25 2.03 7.91 1.13 5.65 2.78 1.34 3.39
4 1.13 5.65 10.0 4.72 10.17 1.13 5.65 1.67 1.22 3.39
5 1.13 5.65 5.0 272 5.65 1.13 5.65 111 1.03 1.13
6 1.13 5.65 12.5 3.19 14.69 1.13 5.65 2.78 151 3.39
7 1.13 5.65 6.25 2.19 791 1.13 5.65 3.57 1.13 5.65
8 1.13 5.65 6.25 1.07 7.91 1.13 5.65 2.08 1.32 3.39
9 1.13 5.65 6.25 3.44 7.91 1.13 5.65 3.13 2.02 3.39
10 1.13 5.65 12.5 481 14.69 1.13 5.65 1.43 1.49 3.39
11 1.13 5.65 12.5 4.48 14.69 1.13 5.65 417 161 5.65
12 1.13 5.65 4.55 181 5.65 1.13 5.65 2.38 1.96 3.39
13 113 5.65 8.33 2.90 10.17 113 5.65 2.63 2.26 3.39
14 1.13 5.65 6.25 1.27 791 1.13 5.65 4.55 1.60 5.65
15 113 5.65 12.5 2.02 14.69 1.13 5.65 2.38 2.46 3.39
16 1.13 5.65 10.0 2.02 10.17 1.13 5.65 1.35 1.30 3.39
17 113 5.65 8.33 2.58 10.17 1.13 5.65 2.38 2.07 3.39
18 1.13 5.65 2.27 131 3.39
19 1.13 5.65 1.85 1.74 3.39
20 1.13 5.65 1.79 1.58 3.39
21 113 5.65 2.63 1.15 3.39
22 1.13 5.65 2.63 2.02 3.39
23 113 5.65 1.72 1.28 3.39
24 113 5.65 2.63 1.68 3.39
25 1.13 5.65 1.92 191 3.39
26 113 5.65 3.85 2.87 5.65
27 1.13 5.65 417 2.75 5.65
28 1.13 5.65 417 2.19 5.65
29 113 5.65 3.85 2.10 5.65
30 113 5.65 2.63 3.33 3.39
31 1.13 5.65 3.57 2.34 5.65
32 1.13 5.65 3.85 2.05 5.65
33 1.13 5.65 2.78 2.6 3.39

3.3 Numerical results

In this section, representative results of the tunnel seismic response analyses for different

damping determination approaches and target damping ratios, including the: (1) seismic axial
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force increments T, (2) normalized T, and (3) variation of the T, are thoroughly presented and

discussed.
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Fig. 3.3 Comparison of the seismic axial force increments calculated by different damping models: (a) PGA=0.1 g,
&ar=0.2 %, Group A; (b) PGA=0.5 g, &=10 %, Group A; and (c) PGA=0.5 g, &=10 %, Group B.

Fig. 3.3 compares the seismic axial force increments computed by five damping
determination approaches. These results correspond to PGA=0.1 g, &.=0.2%, Group A, and
PGA=0.5 g, &=10%, Groups A and B. For a given ground motion, the maximum relative
difference of the axial force between five approaches is also calculated, as presented in the
subplots. Fig. 3.3a demonstrates that different approaches compute almost the same results,
with the largest relative difference of around 2%. When large target damping ratio and motion
intensity are considered, an obvious difference (around 25%) of the calculated axial force
appears. In general, using the site fundamental frequency only (i.e., M1) tends to
underestimate almost all the responses, as shown in Fig. 3.3b. It is not surprising because this
method produces a high damping ratio in the high frequency range, and shows a significant
influence on the high frequency ground motions in particular. For the case considered,
methods M2, M3, and M5 predict similar results. This is due to the relatively larger values of
f, for these three methods (see Table 3.2). However, the results of using MF (i.e., M4) to
determine the Rayleigh damping do not match the other four approaches very well. This is
due to the calculated f, value by this method is quite different from other methods, especially
for ground motions with the great difference between the PF and MF (i.e., the ratios of PF to

MF are greater than 2 for most ground motions in Group A, Table 3.2). It should be noted that
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the underestimation or overestimation is concluded based on the calculated tunnel axial forces
of different methods, since the real response of this tunnel is not available (i.e., no

experimental results to make a comparison).

However, the relationships between different methods become unclear for Group B, as shown
in Fig. 3.3c. Overall, each method appears to have the probability to calculate the largest axial
force. For instance, M1 (SF only) conceptually underestimates the response, but it appears to
overestimate the response for some ground motions in comparison with other approaches.
This could be attributed to high damping that may inhibit soil yielding. When plastic failure
occurs, some energy may be dissipated through the hysteretic damping. Recent works have
revealed that soil plasticity could modify the internal force distributions and tend to reduce
the internal forces (Amorosi and Boldini, 2009; Shahrour et al., 2010). In comparison with
Fig. 3.3b, the significant effect of the input motions on the selection of a proper damping
method is underlined. As a summary, it is difficult to get a general conclusion regarding
which damping determination method predicts the conservative results for some cases. It is

related to the target damping ratio, ground motion intensity, and ground motion characteristic.

To quantify the influence of the target damping ratio on the calculated axial forces, a
dimensionless parameter, T/To,, is introduced. It is the ratio of the seismic axial force
increment at the specific &, compared to the one in the case of &,=0.2%, for a given ground
motion and damping determination approach. Thus, for each &, ratio, there are respectively
165 (33 ground motions <5 methods) and 85 (17 ground motions x5 methods) normalized

values for Group B and Group A.
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Fig. 3.4 Normalized axial force increments versus target damping ratios for three motion intensities: (a)~(c) Group
A,; and (d)~(f) Group B.

The evolutions of the normalized axial forces with the increasing target damping ratios are
presented in Fig. 3.4, for the case of PGA=0.1, 0.3, and 0.5 g. Figs. 3.4a~3.4c show the T/Ty,
values for Group B while the results for Group A are shown in Figs. 3.4d~3.4f. Figs. 3.4a and
3.4c demonstrate that the axial forces decrease with increasing target damping ratio for all the
analyses when the ground motion intensity is small (i.e., PGA=0.1 g). Further increase in the
motion intensity, some T/T,, values that are greater than 1.0 appear, especially for Group B
subjected to 0.5 g earthquake loadings. In other words, a higher axial force is calculated for a
larger &, value relative to the case of &,=0.2%. This may be attributed to the fact that the soil
state around the tunnel is modified by the value of the &, as previously mentioned. Due to
the nonlinear soil behaviour, the linear decreasing relationship between the parameter T/To,

and &, disappear for some cases.
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Fig. 3.5 Median and standard deviation of the normalized axial forces for different target damping ratios and

motion intensities.

Fig. 3.5 displays the median and standard deviation of the T/T,, computed from all the
analyses with different target damping ratios and motion intensities. Increasing values of
target damping ratio cause a decrease in the median normalized axial forces, with the
reduction occurring predominantly at motion intensity less than 0.2 g for Group B. The
reduction ranges from about 0.98 for &,=1% to about 0.82 for &,=10%. This reduction is
more evident in Group A. This is caused by the overestimated damping, which reduces the
response at high frequency. Furthermore, Figs. 3.5a and 3.5b demonstrate how soil
nonlinearity affects the median value of the T/T,,. In general, the normalized axial forces
increase with increasing levels of soil nonlinearity. For Group B, the normalized axial forces
for PGA less than 0.2 g are less affected by the motion intensity for all the target damping

ratios. This range is wider (<0.4 g) for Group A due to the relatively low energy of ground

motions (Fig. 3.1).
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Figs. 3.5¢c and 3.5d show that the variability about the median value increases with the
increase of the target damping ratio, identifying an increased influence on the tunnel seismic
response for high target damping ratio. Increasing motion intensity causes a constant increase
in the standard deviation for Group A, while for Group B a maximum standard deviation
appears at around PGA=0.3 g. The change in standard deviation is caused by nonlinear soil
behaviour (i.e., hysteretic damping). At weaker motions, soil nonlinearity is unimportant and
the standard deviation is more influenced by ground motion characteristics (i.e., Group A has
a bigger standard deviation than Group B for PGA=0.1 g). Increase the motion intensity to 0.2
and 0.3 g, the calculated axial force is scattered due to the different levels of induced strain
and damping for different ground motions (Figs. 3.4b and 3.4e). At stronger motions, soil
nonlinearity is significant and an “average effect” appears, leading to a reduced variability,
(Fig. 3.4c). To conclude, the results of Fig. 3.5 reveal that large &, causes a significant
reduction in the tunnel seismic response and the nonlinear soil behaviour tends to reduce this

influence.

To quantify the influence of the damping determination approaches on the calculated axial
forces, the variability in the results is quantified in terms of coefficient of variation (COV). It
is calculated based on the following expression:

COV=0/u (3.2)
where ¢ is the standard deviation, u is the mean value of the calculated axial forces of five
damping determination approaches for specified ground motion, motion intensity, and target
damping ratio. Thus, for each PGA with a specific &, there are respectively 17 and 33 COV

values for Group A and Group B.
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Fig. 3.6 COV of axial forces caused by five damping determination approaches for each ground motion and the
median values (the results of Group B are shifted a little right to avoiding overlapping).

Fig. 3.6 displays the COVs of the calculated axial forces caused by five damping
determination approaches with different levels of target damping ratio and ground motion
intensity. The increased value of the target damping ratio causes an increase in the COV, with
the maximum COV occurring at PGA larger than 0.3 g. In comparison with strong ground
motions, the COVs for weaker ground motions are more sensitive to the value of the target
damping ratio. For instance, the maximum COV changes from 1% for &,=0.2% to 5% for
&ar—=10%, in the case of PGA=0.1 g, Group A. This is due to the fact that the actual damping
ratio used in the numerical model is related directly to the value of &, while the effect of &,
is more significant for the low soil nonlinearity level, as previously stated (Fig. 3.5). On
average, the median COV is less influenced by the intensity of ground motion, particularly for
small &, cases. The maximum median COV is observed with a value of about 2.3%, for the
case of &,=10%, PGA=0. 5 g, and Group A. A similar trend is observed for Group B, but

with a slightly small COV.
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Fig. 3.7 Actual Rayleigh damping ratios calculated by five approaches.

To provide a better understanding, Fig. 3.7 shows the difference of the Rayleigh damping
ratios in dynamic analysis for different damping determination approaches, corresponding to
&ar=5%, and two ground motions that are respectively selected from two groups. For Group A,
the frequency intervals determined by five approaches vary greatly (from 1.13 Hz to 14.69
Hz), leading to a substantial difference in the damping in the main frequency range (high
frequency) of ground motions. Concerning Group B, the frequency intervals obtained by five
approaches are relatively close (from 1.13 Hz to 5.65 Hz) and the damping ratios in the main
frequency of ground motions differ moderately (relative to Group A). The results highlight
that selecting reasonable target damping ratios and proper frequency determination

approaches are necessary to obtain accurate numerical predictions.

Apart from the influence on the accuracy of numerical simulation, Rayleigh damping
parameters significantly affect the computational cost. Fig. 3.8 displays the timestep for
various damping parameters (fnin and &y, calculated based on Egs. 2.6 and 2.7),
corresponding to the free-field case. Note that when the structural elements, soil-tunnel
interface elements, and the irregular meshes are employed in the numerical model, the

timestep is expected to be further reduced.
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Fig. 3.9 Effects of stiffness-proportional and mass-proportional coefficients on timestep.

The utilization of Rayleigh damping reduces the timestep for the explicit solution scheme,
resulting in higher calculation time. The reduction degree depends on the value of &y, and fiin.
Taking fnin= 2 Hz as an example, the timestep with &,,=1% is about 4 times the one when
&nin=10%. A small timestep is required when high &y, or small fy, is employed. The
relationships between the timestep and the mass-proportional damping coefficients « and
stiffness-proportional damping coefficients g are presented, as shown in Fig. 3.9. Essentially,
stiffness-proportional damping causes a reduction in the critical timestep for numerical
stability. As the damping ratio corresponding to the high frequency is increased, the timestep

is reduced. In other words, the steeper the damping curve in the high frequency range, the
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longer the calculation time.

To further illustrate how the Rayleigh damping affects the propagation of ground motions, the
surface acceleration time histories and the hysteretic loops at the tunnel center position for the
free-field case (without tunnel) are calculated. The Nice ground motion with an amplitude of
0.249 g is used. The corresponding Fourier amplitude spectra, the amplification ratios (the

Fourier amplitude of the surface acceleration to the input motion) are also presented in Fig.

3.10.
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Fig. 3.10 Comparison of: (a)-(c) surface acceleration time histories, (d)-(f) Fourier amplitude, (g)-(i) Fourier

amplitude amplification ratio of surface acceleration to the input, (j)-(l) stress-strain loops.

Rayleigh damping inhibits the response of peak ground accelerations, Fourier amplitude, and
maximum strain. When Rayleigh damping is not incorporated in the model, the maximum
PGA is equal to 9.12 m/s®>. The maximum PGAs are respectively 5.45, 6.34 m/s® when fo, iS
equal to 0.3, 2.0 Hz in the case of &,i»=1%. A higher frequency noise appeared in the time

interval (10-15 s) of acceleration time histories when no additional Rayleigh damping is
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added, as shown in Fig. 3.10a. The frequencies greater than 9 Hz of the input motion are
filtered when f,;=0.3 Hz and &;i,=2%, resulting in a linear soil behaviour (Figs. 3.10h and

3.10K).

3.4 Conclusion

This chapter explores the role that plays the Rayleigh damping in nonlinear tunnel seismic
analyses. Rayleigh damping models are commonly utilized to provide additional damping at
small strains or to remain numerical stability when a simple constitutive soil model is adopted.
The inherent limitation of the Rayleigh damping is its frequency-dependent, which could
result in substantial differences in the tunnel seismic responses, as well as the increased

computational cost.

Different criteria exist to guide the selection of the two matching frequencies to minimize the
adverse effects of the dependency on the frequency of the Rayleigh damping. The Rayleigh
damping specification is an issue that has often been treated with a certain degree of
arbitrariness. To estimate the effects caused by a possible improper use, five damping
determination approaches are compared in this chapter, considering a variety of intensities

and characteristics of ground motions and target damping ratios.

On average, the calculated axial forces decrease with the target damping ratios increase. The
maximum reduction occurs for the weaker ground motions with high frequency components
(Group A). Nevertheless, higher target damping ratios result in large tunnel response is also
observed for some cases due to the different levels of soil nonlinearity. The nonlinear soil
behavior tends to reduce the target damping ratio influence. Oppositely, the soil nonlinearity
increases the influence of the damping determination approach. A large COV caused by the
damping determination approaches is generally observed for strong, high frequency ground

motions, and large target damping (i.e., the maximum COV is equal to 2.3%).

The conventional method that only uses the soil fundamental frequency tends to
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underestimate the tunnel seismic response, particularly for high frequency ground motions.
However, it is difficult to recommend an appropriate approach for high target damping ratio
and strong nonlinearity cases (Fig. 3.3c), since each approach appears to give the maximum
tunnel response. Furthermore, the improper use of the Rayleigh damping results in a
substantial increase in the time calculation. Stiffness-proportional damping controls the
reduction degree: the steeper the damping curve in the high frequency range, the longer the

calculation time.
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Chapter 4

Influence of stress relief during excavation on the seismic

response of tunnels

4.1 Introduction

Tunnel excavation leads to significant perturbations of the stress state in the surrounding soil.
It thus will inevitably affect the tunnel lining response in terms of internal forces and
deformations (Dias and Kastner, 2013; Do et al., 2014). Tunnelling in soft ground is generally
accompanied by the deformation of the surrounding soil. The safety of the nearby structures

such as pipelines, residual buildings can also be modified (Franza and Marshall, 2019).

Historical earthquakes have repeatedly demonstrated that the safety of tunnels is of major
importance in the seismic prone areas, particularly for shallowly buried ones in soft soils. The
seismic response of tunnels was the subject of intense research by a variety of analytical
(Bobet, 2010; Park et al., 2009a; Penzien, 2000; Wang, 1993), experimental (Bilotta et al.,
2014; Lanzano et al., 2012, 2015), and numerical (Argyroudis and Pitilakis, 2012; Fabozzi et

al., 2018; Kontoe et al., 2008; Tsinidis et al., 2015, 2016a, 2016b) studies.

Analytical solutions are very attractive tools for the preliminary tunnel seismic design of
tunnels. However, one of the well-known limitations is that they do not consider the
construction consequence effect. The tunnel excavation process can be properly simulated
through laboratory or centrifuge tests, as reported in the literature (Franza and Marshall,

2019). However, to the authors’ knowledge, no previous centrifuge and shaking table tests
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have considered the tunnel excavation process. This could be attributed to the difficulty in
determining the true stress state in the surrounding soil and capturing precisely the stress
relaxation coefficient (or volume loss ratio). Oppositely, numerical simulation is an
alternative method for addressing the limitations of the analytical and experimental studies as
they allow capturing the soil and tunnel lining stress and deformation responses at each

excavation step.

Few studies have investigated the tunnel construction process in numerical modelling, but
they are not focused on the stress relief effect assessment on the seismic behaviour of tunnels.
For instance, Corigliano et al. (2011) analyzed the seismic response of the Serro Montefalco
tunnel (ltaly) using the nonlinear quasi-static approach. In their study, a stress relaxation
coefficient of 0.75 was adopted to simulate the tunnel construction stages before the
earthquake loading. Sedarat et al. (2009) and Kontoe et al. (2014) respectively verified the
analytical solutions against the deformation-based quasi-static numerical method, both
considering 50% of stress relaxation. Ma et al. (2018) performed a numerical analysis to
investigate the burial depth influence on the seismic behaviour of a subway station, a volume
loss ratio of 0.5% was assumed before the dynamic time-history analysis. However, all these
studies failed to derive the relationship between the stress relaxation coefficients and the
seismic internal force increments. More recently, Gomes (2013) provided the only
investigation on the seismic response of tunnels using a dynamic time-history analysis that
considered the stress disturbance effect induced by the tunnel excavation. This study assumed
no relative movements and separation between the tunnel and the surrounding soil since no
interface elements were employed. Conceptually, the presence of the soil-tunnel interface, to
some extent, will provide an additional influence on the tunnel seismic response due to the
different initial stresses (i.e., normal and tangential) acting at the interface. The stress relief
process during tunnel excavation is an important phenomenon and its influence on the tunnel

seismic behaviour requires further studies.

This chapter will explore how the initial stress state (caused by tunnel excavation) affects the

seismic behaviour of tunnels using nonlinear dynamic time-history analyses. Before the
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seismic analysis, the tunnel excavation is simulated in a two-dimensional plane strain model
considering the convergence-confinement method to obtain the initial stress state in the
surrounding soil, as well as the internal forces and deformations of the tunnel lining. Six
ground motions are employed accounting for different input motion intensities and frequency
characteristics. The developed numerical models consider both the no-slip and full-slip
conditions between the soil and the lining, which is consistent with the commonly used
assumption in analytical solutions. It allows predicting the upper and lower limit relationships
between the stress relaxation coefficients and the seismic internal force increments. The
possible influences of the stress redistribution on the surface ground motions and of the

modulus reduction curves on the calculated internal forces are discussed.

4.2 Tunnel excavation simulation

4.2.1 Convergence-confinement method

Only a three-dimensional model can accurately simulate the tunnel excavation due to the
tunnel advancement which induces a stress redistribution and three-dimensional deformation.
However, due to the complexity and the time-consuming of this type of model, the tunnelling
process is often modelled under two-dimensional plane strain conditions (Do et al., 2014;

Karakus, 2007).

The convergence-confinement method (CCM) which accounts for the 3D effects by replacing
the ground to be excavated by a fictitious pressure is the one that has been widely used among
the available equivalent approaches. The radial stress, oy, acting on the tunnel periphery is

given as follows:

o, = (1—A)o° 4.1)
u®

A= (4.2)

U =200 (4.3)

where / is the stress relaxation coefficient; ¢° is the initial radial stress; Ur(x) is the radial
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component of displacement at a distance x behind the face; U is the radial component of
displacement at a distance behind the face considered as infinite; E; and ; are respectively the

elastic modulus and Poisson’s ratio of the ground; r is the tunnel radius.

A=0 0<i<1 r=1

Fig. 4.1 Evolution of tunnel convergence with face advance.
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Fig. 4.2 Ground reaction curve of a tunnel and reaction line of the support: u; is the tunnel boundary displacement

before the installation of the tunnel support.

The two-dimensional tunnelling problem is illustrated in Fig. 4.1. The tunnelling process is
represented by increasing the 1 value from 0 to 1. Fig. 4.2 shows the main characteristics of
the convergence-confinement method. The convergence curve corresponds to the internal

pressure versus the tunnel radial displacement. The tunnel radial displacement increases as the
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internal pressure decreases. The tunnel can be self-stabilized without a liner (curve a) or the
surrounding ground can fail which leads to an increase in the ground load acting on the tunnel
lining (curve b). In the latter case, support should be installed to keep the stability of the

tunnel.

4.2.2 Stress relief process

The tunnelling-induced stress relief process is simulated using the convergence-confinement
method through the following steps (Do et al., 2014; Karakus and Fowell, 2003; Karakus,
2007):
® Generation of the initial geostatic stress under the gravity loads and the lateral earth
pressure.
® The full tunnel face is excavated and a radial pressure is simultaneously applied to
the tunnel boundaries. The radial pressure is then reduced step by step until it reaches
the specified stress relaxation coefficient 4, and achieve a new equilibrium state.

® Installation of the tunnel lining then completely releases the residual radial pressure.

In practice, the stress relaxation coefficients are usually specified according to the back
analysis of experimental or field monitoring data obtained during the tunnelling process. In
the present study, four 4 values of 0, 0.35, 0.5, and 0.7 are adopted parametrically. A value of
/=0 means that the tunnelling process is not taken into account in the analysis, which is
consistent with most of the previous numerical studies and analytical solutions. It should be
noted that the complete stress relief process (4=1.0) is not adopted because the calculation
cannot reach an equilibrium state (soil large deformation occurs), which is also not realistic

for shallow tunnels constructed in soft soil.

4.3 Numerical modelling of soil-tunnel system

The Bologna-Florence high-speed railway tunnel project in ltaly is also adopted as the

reference case. The properties of soil and tunnel lining, and their constitutive models, are the
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same as the ones utilized in Chapter 3. Fig. 4.3 shows the two-dimensional numerical model,
with a height of 60 m and a width of 150 m. It should be noted that a larger model is built, to
get rid of the boundary effect caused by the simulation of tunnel excavation (Do et al., 2014).
The boundaries conditions used in the numerical models are the same with ones used in
Chapter 3, except the bottom boundary condition for dynamic analysis. The vertical velocity
along the model bottom is fixed to simulate a rigid base condition. In other words, the
bedrock is assumed to 60 m below the ground surface.

(a)
(b)

<
=
2
$
[

Free-Field
60 m

Rigid Base
150m

Fig. 4.3 Soil-tunnel numerical model: (a) meshes, geometry, and boundary conditions; (b) refined meshes.
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Fig. 4.4 Shear modulus reduction curves.

Hysteretic damping models used in the dynamic analysis impose the shear-modulus reduction
and damping ratios as a function of cyclic shear strains. A built-in hysteretic damping model

(Itasca, 2011) is also selected for the dynamic analysis, as follows:

Gsecant = 52(3 - 25) (4-4)
_ L,—L
=L (4.5)
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where L is the logarithmic strain and L; and L, are the extreme values of logarithmic strain.

Shear modulus reduction curves under different mean effective pressures, p’, or depths
reported by several researchers (Bilotta et al., 2014; Darendeli, 2001, EPRI, 1993) are
presented in Fig. 4.4. It can be found that these curves are strongly influenced by mean
effective pressure and different curves are obtained for the same pressure (e.g., p’=400 kPa).
It should be clarified that the hysteretic damping used here is not as a primary way to simulate
yielding, but as a supplement to the nonlinear constitutive model (linear elastic perfectly
plastic in this study). In the absence of laboratory data, the modulus reduction curve
suggested by Sun et al. (1988) is used. This curve is close to the data of Bilotta et al. (2014)

for p’=200 kPa which corresponds to the location of the tunnel springline.
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Fig. 4.5 Shear stress/strain curves: linear elastic perfectly plastic (Mohr-Coulomb shear failure criteria)

constitutive model with hysteretic damping under different confinement pressures.

Fig. 4.5 presents the shear stress/strain curves under different confinement pressures (o)
when hysteretic damping is combined with the linear elastic perfectly plastic MC model. The
MC model has a constant elastic shear modulus and constant yield stress. It is not able to
simulate the soil modulus degradation in the elastic range. Hence, hysteretic damping permits
to induce energy dissipation below the yield strain (yn,). Whereas, the dissipated energy (area
enclosed in the shear stress/strain loop) in the plastic range, can be attributed to both the

hysteretic damping and MC model itself. Compared to the MC model only, the inclusion of
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hysteretic damping increases the overall damping ratio during the dynamic analysis, which

monotonically increases with the shear strain amplitude.

Besides the hysteretic damping, the frequency-dependent viscous damping is introduced
utilizing the Rayleigh formulation in dynamic analysis. Owing to the inherent limitation of
the Rayleigh damping, it is determined according to the recommendation of Kwok et al.
(2007). The site fundamental frequency and five times the site fundamental frequency are
selected to determine the center frequency, leading to fyi,=1.8 Hz in this study. Concerning
the minimum damping ratio &yin, a Value of 3% is used. A relatively larger damping ratio used
in this chapter because a rigid base is used (high-frequency noise is difficult to be faltered out)
and it is expected to adopt a smaller one when a quiet boundary is employed at the model

bottom (ltasca, 2011).

The soil-tunnel interfaces are modelled as a linear spring-slider system following the
Mohr-Coulomb shear failure criterion. The relative movement and separation are controlled
by the normal stiffness K, and the shear stiffness K. The apparent stiffness of a zone in the

normal direction is (ltasca, 2011):

K+36
max[ 3 ] (4.6)

AZmin

where K and G are the bulk and shear modulus respectively, and AZy;, is the smallest width of
the adjoining zone in the normal direction. According to the Users’ manual (Itasca, 2011),
nearly ten times the equivalent stiffness of the stiffest neighboring zone is generally used to
calculate the normal stiffness. By the sensitivity analysis, K,= 4x10° N/m® is adopted here. A
larger normal stiffness value is not recommended because of the increased computational cost.
The shear stiffness depends on the degree of the slippage, and a very high stiffness value
prevents movement on the interface. Through checking the soil-tunnel interface states in the
sensitivity analysis, the shear stiffness of 4x10° N/m*® can properly present the no-slip
condition. For the full-slip case, a nominal value of the shear stiffness (K= 1x10® N/m°) is

used as recommended in Kontoe et al. (2014).
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Six real ground motions (Table 4.1) with diverse frequency components are used as the
seismic input motions to capture the influence of the frequency characteristics on the tunnel
seismic behaviour, as plotted in Fig. 4.6. To reduce the computational cost, the ground motion
duration time is set to 25 s, which contains the peak acceleration and critical frequency
characteristics of the original ground motions. All the input ground motions are scaled to three
amplitudes (PGA=0.1, 0.2, and 0.4 g) to account for the effect of the input motion intensities.
A low-pass filter is applied to remove the frequency higher than 15 Hz to ensure the
numerical stability and the accuracy of the wave propagation within the model (otherwise, a
fine mesh is necessary). The acceleration time histories are applied along the model bottom to

simulate the vertically propagating ground motions.

Table 4.1 Six input ground motions.

Number Earthquake event Station name PGA (g) Predominant frequency (Hz)
GM1 Imperial Valley USGS station 5115 0.3152 7.1
GM2 Friuli Tolmezzo (000) 0.3513 39
GM3 Hollister USGS station 1028 0.1948 25
GM4 Kobe Kakogawa (cue90) 0.3447 6.3
GM5 Loma Prieta 090CDMG station 47381 0.3674 45
GM6 Northridge 090CDMG station 24278  0.5683 3.8
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Fig. 4.6 Input ground motions: (a) acceleration time-histories; and (b) spectral accelerations.

4.4 Analysis results
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4.4.1 Static analysis

Before the dynamic analyses, the static analyses are performed first to determine the initial
stress states in the surrounding soils and the static lining forces and deformations. Fig. 4.7
shows the distribution of the static lining forces with different stress relaxation coefficients

for the two soil-tunnel interface conditions at the end of the static analysis.
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Fig. 4.7 Lining forces after the lining installed: (a) axial forces, no-slip; (b) bending moments, no-slip; (c) axial

forces, full-slip; and (d) bending moments, full-slip.

An increase in the stress relaxation coefficient results in a reduction in the lining forces.
Besides, the distributions of bending moment are similar for both the no-slip and full-slip
cases. For the no-slip case, the maximum axial forces appeared at the two tunnel sides (Fig.
4.7a) due to the low value of the lateral earth pressure coefficient at rest (i.e., 0.5); while for
the full-slip case, the axial forces seem to be almost constant in the lining. This can be
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contributed to the slippage and separation that occurred between the soil and the tunnel due to

the very small shear stiffness in the full-slip condition (Sedarat et al., 2009).

Fig. 4.8 shows the maximum shear stress in the surrounding soil and at the interface. In the
no-slip condition, the maximum interface shear stress (126 kPa) is larger than the maximum
soil shear stress (95 kPa) for the no-slip condition, preventing the occurrence of the slippage
at the soil-tunnel interface. Oppositely, the maximum interface shear stress is significantly
smaller (2.1 Pa) than the one in the surrounding soil (130 kPa) for the full-slip condition,
providing a negligible shear resistance to the slippage. It illustrates that the interface
parameters selected in this study are appropriate to respectively simulate the no-slip and

full-slip conditions.

(a) Nosslip (b) Full-slip

Tmn

Tll x ~
Interface:2.1 Pa

Interface:126 kPa

Soil:95 kPa Soil:130 kPa

Contourinterval=1.00E4 Contour interval=1.00E4
Min#-9,00E4 Min#-1.30E5
Max=9.00E4 Max=1.30E5
Note: red point presents the location of the soil maximum shear stress

Fig. 4.8 Maximum soil shear stress without considering stress relief: (a) no-slip; and (b) full-slip.

To further validate the accuracy of the soil-tunnel interface parameters, Table 4.2 presents the
comparison of the calculated maximum axial forces and bending moments by the numerical
analysis and two analytical solutions (Bakker, 2003; Erdmann, 1983) for the no-slip condition
without considering stress relief. The equations employed by the two analytical solutions are
summarized in Appendix B. Both the analytical solutions over-estimate the lining forces,
particularly for the axial forces calculated by the Erdmann (1983) solution (+43%). In general,
analytical solutions assume a uniform stress field for a deep tunnel in an elastic soil. However,
the tunnel in this study cannot be considered as a deep tunnel, and the stress at the tunnel
crown (0,=258 kPa) is smaller than the one at the tunnel invert (6,=408 kPa). It thus leads to a
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non-uniform stress field. Furthermore, the nonlinear soil behaviour affects the lining forces in

the numerical predictions, as stated in the literature (Zhao et al., 2017).

Table. 4.2 Comparison of the calculated axial forces and bending moments by numerical analysis and analytical

solutions for the no-slip and no stress relief conditions.

This study Bakker (2003) Erdmann (1983)

Axial force, T (kN/m) 959 1233 (+26%) 1374 (+43%)

Bending moment, M (kNm/m) 84 86 (+2%) 117 (+39%)

Fig. 4.9 Tunnel deformation modes for different stress relaxation coefficients: (a) no-slip; and (b) full-slip

(Magnification factor: 300).

Fig. 4.9 compares the tunnel deformations for different stress relaxation coefficients, showing
that the tunnel lining deforms less when a larger amount of stress is released, in terms of both
the horizontal and vertical deformations (Table 4.3). The stress relief process reduces the
stress acting on the tunnel lining which then produces less deformation, as expected. Table 4.3

also depicts that the deformation is more significant for the full-slip condition.

Table. 4.3 Horizontal and vertical deformations of tunnel lining for different stress relaxation coefficients.

Horizontal deformation (cm)  Vertical deformation (cm)

A No-slip Full-slip No-slip Full-slip
0 0.52 0.63 0.62 0.73
035 0.49 0.59 0.58 0.68
05 0.38 0.46 0.45 0.53
0.7 0.24 0.29 0.28 0.33

86



The mobilization of the earth pressure around the tunnel for different stress relaxation

coefficients is presented in Fig. 4.10, in terms of normalized vertical (o1/5,) and horizontal

stress (a3/oy) calculated along the tunnel centerline. The values of a1/, and a3/0, decrease

around the tunnel due to the stress relief process, with the maximum reduction occurs at

A=0.7. Larger lateral earth pressure coefficients (o3/0,) are predicted for higher A at some

positions, due to the soils are in a passive state when moving towards the tunnel.
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Fig. 4.10 Normalized vertical and horizontal stresses around the tunnel.

Fig. 4.11. Plastic zones after the lining installation versus the stress relaxation coefficients: (a) no-slip case; and (b)

full-slip case.

Fig. 4.11 presents the plastic zones in the surrounding soil versus four stress relaxation
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coefficients for the no-slip and full-slip cases. As can be seen, the plastic zone becomes larger
as the stress relaxation coefficient increases, particularly for the tunnel sides and shoulders. It
is attributed to the displacement of soil around the tunnel boundary becomes progressively
larger as the stress relaxation coefficient increases (Fig. 4.2). When /1<0.35, most of the
surrounding soil elements do not reach the plastic state and, stay in an elastic state. It seems
that the no-slip case induces a slightly larger plastic zone than the full-slip case. However, as
compared to the stress relief process, the effect of soil-tunnel interface conditions on the

plastic zone is secondary.
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Fig. 4.12 Time histories of the seismic internal force increments: (a) axial force, no-slip; (b) bending moment,

no-slip; (c) axial force, full-slip; and (d) bending moment, full-slip.

4.4.2 Seismic analysis

After the installation of the tunnel lining, various ground motions are then applied to
investigate the tunnel seismic response under different initial stress states. Fig. 4.12 presents
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the time histories of seismic-induced internal forces (total internal forces minus static ones) at

the tunnel right shoulder (6=45< for the Kobe earthquake with an amplitude of PGA=0.4 g.

The axial force increases at the beginning of the earthquake due to the input motion intensity
increases, especially for the higher stress relaxation coefficient (1=0.7). At the end of the
earthquake, a significant residual axial force is left on the lining due to the irreversible
plasticity deformations of soil (Cilingir and Madabhushi, 2011a; Kontoe et al., 2011; Tsinidis
et al., 2016b). This is more evident when a larger stress relaxation coefficient is employed.
However, the stress relief process has a minor influence on the bending moment time histories,

and no clear trend is found, as shown in Figs. 4.12b and 4.12d.
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Fig. 4.13. Distribution of the maximum seismic internal force increments for no-slip cases: (a)~(c) axial forces;
and (d)~(f) bending moments.

Figs. 4.13 and 4.14 respectively compare the distributions of the maximum absolute internal
force increments induced by the Kobe earthquake under various A values and PGAs, for the
no-slip and full-slip cases. All the analyses illustrate that a noticeable seismic internal force
increment appears near the shoulder and the arch for the no-slip case and the bending moment
for the full-slip case. However, similar to the static analysis results, the seismic axial force

increments are relatively uniform along the tunnel circumference for the full-slip case.
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Sedarat et al. (2009) studied the effect of soil-tunnel contact conditions on the response of
tunnels based on a Coulomb friction law. They stated that the axial force almost stays constant
in the case of tunnel ovaling without friction (corresponding to the full-slip case here). Higher
stress relaxation coefficient leads to a larger seismic axial force increment, while the bending

moments are slightly influenced by the stress relief process.
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Fig. 4.14 Distribution of the maximum seismic internal force increments for full-slip cases: (a)~(c) axial forces;

and (d)~(f) bending moments.

Fig. 4.15 shows the typical plastic zones in the surrounding soil at the end of the Kobe
earthquake. The plastic zone is becoming progressively larger as the stress relaxation
coefficients and motion intensities increase. Consistent with the static results, the no-slip case
generally results in larger plastic zones relative to the full-slip case. The results have
underlined that the soil-tunnel interface condition, to a certain degree, affects the soil
plasticity as well. Huo et al. (2005) and Tsinidis et al. (2016b) also reported that the “strong”
connection between the soil and the lining increased the soil plastic strain around the flexible

tunnel while the plastic strain decreased for the full-slip condition.
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Fig. 4.15 Plastic zones around the tunnel at the end of the Kobe earthquake: (a) full-slip, 0.1g; (b) no-slip, 0.1g;

and (c) no-slip, 0.2g.

To quantify the effect of the stress relief process on the seismic-induced internal force

increments, two normalized parameters are defined:

N seismic_Aj

Ry = 4.7

N static_4;

SRT — Nseismic_ii (48)

Nseismic_ig
where Ry is the ratio of the seismic axial force increment compared to the static one at the
same stress relaxation coefficient 4;, SRy is the ratio of the seismic axial force increment at the
specific stress relaxation coefficient /; compared to the one in the case of 1=0. The definition

of these coefficients for the bending moment is the same as the ones for the axial forces.

Fig. 4.16 shows the Ry and Ry ratios versus the stress relaxation coefficients for the no-slip
and full-slip cases, corresponding to six ground motions and three motion intensities.
Different ground motions capture similar trends. The much larger Ry, ratios are calculated due
to the relatively lower static bending moment (Fig. 4.7). The effect becomes progressively

larger as the stress relaxation coefficients and the input motion intensities increase,
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particularly for the no-slip case. The maximum Ry ratio increases up to 12 while it is around
2.5 for the Ry ratio. Similar to the static analysis results, the changes in the Ry and Ry ratios
are negligible when the value of A is smaller than 0.35, while the ratios rapidly increase when
larger A values are utilized. The results of this study have confirmed the findings of Gomes

(2013) under no-slip condition.

No-slip Full-slip GM1
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-0r- PGA=0.1 ¢
-0--PGA=02 g
& - PGA=0.4,

Fig. 4.16 Ry and Ry, ratios versus / for different ground motions and motion intensities.

The ratios (e.g., SR) between the maximum seismic-induced internal force increments at a
specific stress relaxation coefficient and the ones at A=0 are respectively presented in Figs.
4.17 and 4.18 for the no-slip and full-slip cases. The SRy ratio increases with increasing stress
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relaxation coefficient for the two soil-tunnel interaction conditions. For the no-slip case, the

ratio varies from 1.0 to 1.5, while it changes from 1.0 to 4.5 for the full-slip case. This

contributes to a lower axial force increment is calculated in the case of /=0 for the full-slip

condition (Fig. 4.14a~4.14c). Concerning the bending moments, the stress relief process

shows a minor influence on the SRy ratios, and no clear trend is observed. The no-slip

conditions predict the SRy ratios change from 0.95 to 1.05, while a slightly larger variation

(0.9~1.1) is observed for the full-slip conditions.
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Higher input motion intensity leads to larger Ry ratios, but the SRy ratios do not always vary

in the same trend. The SRy ratios appear to increase with the increase of the motion intensities
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for the no-slip conditions (Fig. 4.17a), and the effect is becoming progressively larger as the
stress relaxation coefficient increases. However, the full-slip conditions present the same
trend only for the stress relaxation coefficient 1<0.5, while the maximum ratio is reported
when PGA=0.2 g in the case of stress relaxation coefficient 1=0.7 (Fig. 4.18a). This
phenomenon can be due to the larger axial force increment caused by the earthquake in the

case of PGA=0.4 g when no stress relief is considered, as shown in Fig. 4.14c.
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Fig. 4.19 Relationship between the residual internal forces and the 4 values: (a) axial forces, no-slip; (b) axial
forces, full-slip; (c) bending moments, no-slip; and (d) bending moments, full-slip.

Fig. 4.19 summarizes the residual axial forces and residual bending moments at the end of the
earthquakes for all the examined cases. Similarly, the stress relaxation coefficients
pronouncedly affect the calculated residual axial forces rather than the residual bending

moments. The residual axial forces also increase as the stress relaxation coefficients increase.
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This is more evident for the larger motion intensity (Amorosi and Boldini, 2009). However,
the residual bending moments seem to be less sensitive to the stress relief process, since a
weak relationship between the stress relaxation coefficients and the residual bending moments.
An increase in the residual bending moment with increasing input motion intensity is
observed for the two interface conditions, as expected. The results indicate that the stress

relief process will, to some extent, aggravate the residual internal forces.
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Fig. 4.20 Surface ground motions: (a) maximum ground acceleration, 0.1 g; (b) maximum ground acceleration, 0.4

g; (c) spectral acceleration, 0.1 g; and (d) spectral acceleration, 0.4 g (no-slip case, Kobe earthquake).

4.4.3 Surface ground motions

Researches on the seismic wave scattering produced by tunnels mainly focus on two aspects.
The first set of works concentrates on determining the dynamic behaviour of tunnels

subjected to seismic waves. The present study belongs to this set. The second set of works
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focus on the diffracting effects of tunnels on the surface ground motion. To this end, here we
discuss whether the stress relief during tunnelling can significantly influence the surface

ground motion.

The maximum ground accelerations at various relative positions (X/r) are showed in Fig.
4.20a and 4.20b. The relative differences (RD) of the maximum ground accelerations
computed by various stress relaxation coefficients are negligible with a maximum RD is equal
t0 0.0016 g for PGA=0.1 g and it is 0.07 g for the 0.4 g case. It should be noted that the stress
relief process tends to slightly reduce acceleration amplitudes at the positions of X/r=0 and 1.
This could be partly attributed to higher stress relief leads to a larger plastic zone, thus the
response in the high frequency range will be filtered out because of the softening of the soil.
This filtering effect can be examined according to the spectral acceleration of the ground
motion, as shown in Fig. 4.20c and 4.20d. For the higher motion intensity, In general, higher
stress relief levels result in slightly smaller spectral accelerations over a short period range
while no difference is observed over a long period range. Another finding from this figure is
that, relative to the stress relief, the surface ground motion tends to be significantly influenced

by the presence of a tunnel.

4.4.4 Depth-dependent G/Gnax curve

The above numerical model adopts a single shear modulus reduction (G/Gmay) curve. It is a
fact that these types of curves for soils are strongly dependent on the mean effective stress.
High mean stress will result in less modulus reduction. By making the hysteretic damping
depth-dependent, the simulation can be more realistic. Hence, the depth-dependent G/Gax
curves are used to compare its potential influence on the numerical predictions. Fig. 4.21
presents the experimental data (Bilotta et al., 2014), the adopted curves, and the fitting

parameters.
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Fig. 4.22 Ry and Ry, for full-slip case: (a) axial forces; and (b) bending moments.

Fig. 4.22 presents the comparison for the full-slip case in terms of Ry and Ry ratios,
corresponding to Northridge ground motion. Two scenarios (i.e., single curve and
depth-dependent curves) capture similar relationships between the Ry (or Ry) ratios with
stress relaxation coefficients under different ground motion intensities. The results calculated
by the depth-dependent G/G.x curves are in well agreement with the ones of the single curve
for the smaller stress relaxation coefficients and lower ground motion intensities. The
difference is becoming progressively larger as the stress relaxation coefficients and ground
motion intensities increase, reaching respectively differences of 27% and 19% for axial forces
and bending moments. It can be concluded that the effect of the hysteretic formulation on the

numerical predictions depends on the initial shear stress state (i.e., stress relaxation
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coefficients) and the modulus reduction levels (i.e., ground motion intensities).

4.5 Conclusions

This chapter presents a set of two-dimensional dynamic nonlinear time-history analyses to
assess the influence of the excavation-induced stress relief process on the seismic behaviour
of tunnels. The soil nonlinearity is characterized through an elastic perfectly plastic model
that follows the Mohr-Coulomb shear failure criterion, in combination with a built-in
hysteretic model to account for the soil stiffness degradation at small strains. The
convergence-confinement method is utilized to simulate the stress relief process during the
tunnel excavation. Four stress relaxation coefficients, considering a range from 0 to 0.7, are
selected to consider different initial stress states. The soil-tunnel interface is also considered
using a series of normal and tangential springs in two extreme cases, namely the no-slip and

full-slip conditions.

Before the seismic analysis, the influence of the excavation-induced stress relief on the tunnel
lining forces and the surrounding soil stress states are investigated under static conditions.
Increasing the stress relaxation coefficient reduces the lining forces and deformations of the
tunnel whereas it increases the plastic zone in the surrounding soil. Concerning the soil-tunnel
interface influence, the no-slip case corresponds to the larger axial forces and slightly larger

plastic zones.

Then, six ground motions with diverse frequency characteristics and motion intensities are
employed to conduct the dynamic time-history analyses. Opposite to static internal forces, the
stress relief process produces substantial seismic axial force increments whereas the effect is
negligible for the seismic bending moment increments. Two normalized ratios (R and SR) are

introduced to quantify the stress relief influence on the seismic internal force increments.

Concerning the R ratio, the stress relief process has a more pronounced effect on the bending

moments rather than on the axial forces. The effect becomes progressively larger as the stress
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relaxation coefficient and the motion intensity increase. In general, the no-slip condition
predicts slightly larger Ry and Ry ratios relative to the full-slip conditions. For the SR ratios,
the SRy ratio increases with increasing the stress relaxation coefficient. However, there is no
clear trend between the SRy ratios with the A values. The residual axial forces in both the
no-slip and the full-slip conditions appear to increase with the increase of the stress relaxation
coefficient and ground motion intensities. The residual bending moments seem to be less

sensitive to the stress relaxation coefficient.

The stress relief process has a negligible influence on the maximum ground accelerations, but
the spectral acceleration in the high frequency range seems to be slightly reduced for large
stress relief levels. Besides, the G/Ga curve has an important influence on the numerical
predictions, particularly for the larger stress relaxation coefficients and higher ground motion
intensities. In general, a depth-dependent G/G.. curve tends to predict larger Ry and low Ry,

ratios for the analyzed cases.
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Chapter 5

Underlying soft soil layer-tunnel seismic interaction

5.1 Introduction

In some sites, tunnels will be excavated close to or have to pass through grounds comprising a
soft soil layer. For tunnels built in such unfavourable geological conditions, special attention
is required to the tunnel design due to its small elastic modulus and low strength. Historical
cases as well as previous research studies have emphasized the devastating consequences of
soft soil layers for the tunnel stability during its construction and operation stages (Chu and

Lin, 2007; Huang et al., 2013).

Earthquake damages to tunnels have demonstrated that ground condition (e.g., rock joints,
faults, liquefiable layers) is one of the major factors influencing the seismic performance of
tunnels (Hashash et al., 2001). Some studies suggested that seismic actions on tunnels could
be aggravated in unfavourable ground conditions. For example, Zhuang et al. (2009) observed
an increase of the deformations and internal forces when a soft layer intersected a subway
station. Saeid et al. (2015) showed that faults could influence the seismic stability of
underground caverns by extending the plastic zone and increasing the displacements in the
rock mass. Gomes et al. (2015) investigated the tunnel seismic response in a two-layered
ground and the increased lining forces were observed. Yoo et al. (2017) stated that the
presence of joints could significantly increase the tunnel bending moments, which could be

20 times higher than the ones in intact rock.
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On the other hand, the presence of a soft soil layer will influence the propagation of the
incoming seismic waves from bedrock, in terms of amplitude and frequency components.
Opposite to the amplification effect of the surface soft soil layers, buried soft soil layers tend
to attenuate the motions from bedrock in certain conditions (Bilotta et al., 2015; Rayhani and
El Naggar, 2008; Takahashi et al., 2006). The degree of this reduction depends mainly on the

buried depth, thickness, stiffness of the soft layer, and the input ground motion.

Understanding the soft soil layer-tunnel seismic interaction in a multi-layered ground is an
important issue for a safe seismic design. In particular, to our knowledge, no study has
considered the influence of an underlying soft soil layer on the tunnel seismic behaviour (Fig.
5.1). To fill this gap, this chapter aims:
® To provide a theoretical understanding of the mechanical mechanism behinds the soft
soil layer-tunnel interaction under seismic loading from the wave motion perspective.
® To further examine how the soft soil layer affects the propagation of the ground
motions in terms of acceleration, spectral acceleration, shear strain, and Arias
intensity through a nonlinear seismic site response analysis.
® To obtain the possible relationships between the soft soil layer parameters and the

seismic internal force increments for engineering purposes.

Soft soil layer  |d, V,

Fig. 5.1 Schematic representation of the underlying soft soil layer-tunnel interaction.
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This chapter begins with an analytical study of the plane SH wave propagating through a
three-layered elastic soil. It allows exploring how an elastic soft interlayer affects the incident
wave. Then, nonlinear seismic site responses are performed by dynamic time-history analyses,
to indicate the potential effect of a soft soil layer on the propagation of ground motions with
various intensities. Subsequently, parametric analyses are conducted to investigate the seismic
response of tunnels considering the variation of soft layer parameters including its thickness,
shear wave velocity, and position. The last part of this chapter explores abnormal responses

observed in dynamic numerical analyses and attempts to provide possible explanations.

5.2 Plane SH wave propagation in a three-layered elastic medium

5.2.1 Analytical solution

The dynamic equilibrium equations of wave propagation in an infinitely isotropic elastic

medium are as follows (Liao, 2002; Xu et al., 2003):

d

— Uy BUy Uy 2
patz (/I+G)ax(ax 6y+ =)+ GV-U
y_ 0 ,0U, BUy U, 2

p2 = A+ O (GE+ +2 =D +GVU (5.1)

— 0 AUy , 0Uy 93U, 2
\patz (/1+G)( +6y+6z)+GVUZ

where U,, Uy, U, is the displacement in the x-, y-, and z-direction respectively; A is the Lame
constant, pis the density; G is the shear modulus; V2 is the Laplace operator.

For the plane SH wave,

Uy,=U, =0 (5.2)
Hence, Eq. 5.1 can be simplified:

9%U,

F = GVZUZ (53)

For the plane SH wave passing through the three-layered elastic medium, as shown in Fig. 5.2,

the displacement in the medium 1, medium 2, and medium 3 can be derived as follows:

Uzl — Aleik(y+P1x—ct) + Bleik(y—PﬂC—Ct) X<0
Uzz — Azeik(y+P2x—ct) + Bzeik(y—sz—ct) 0<x<d (5_4)
UZ3 — A3eik(y+P3x—Ct) X>d

c=w/k (5.5)

103



w = 2nf (5.6)

2
Pr=2-1
v
2
Py =——1 (5.7)
52
2
P?=5-1
s =1z

where U,;, U,,, Uy, is the displacement of the wave in the medium 1, 2, and 3, respectively;
i =+/—1; A, By, is the amplitude of the incident wave, reflected wave in the medium 1
respectively; A, B,, is the amplitude of the refracted wave, reflected wave in the medium 2
respectively; A; is the amplitude of the transmitted wave in the medium 3; Vg, Vg, Vs is the

shear wave velocity in the medium 1, medium 2, and medium 3 respectively.

medium 3: p,, V, A

medium 2: p,, V,,

d

refracted SH wave: eflected SH wave

Fig. 5.2 Propagation path of plane SH wave.

Five unknown parameters (A;, Az, As, By, and By) in Eq. 5.4 which can be determined based
on the conditions at the interfaces. At the interfaces between medium 1 and medium 2,
medium 2 and medium 3, stress equilibrium and displacement continuity must be satisfied, as

presented in Fig. 5.3. At the interface between medium 1 and medium 2 (x=0, y=0):

A1+ By =A4,+B,
{P1V521 (A1Py — B Py) = p;V3 (A2 P, — By Py) ©8)
At the interface between medium 2 and medium 3 (x=d, y=0):
Aze—iszd + Bze—iszd — Age—ikP3d
{PzVszz (AP~ kP2d — B, pye~kP2d) = piVZ A3 PyetkPsd 9
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pZ’ Vsz

Fig. 5.3 Interface conditions: (a) medium 1 and medium 2; and (b) medium 2 and medium 3.

Hence, by calculating Egs. 5.8 and 5.9, the transmission coefficient, defined as the ratio

between the amplitude of the transmitted

(=0 can be derived:

Az _

4ase—iwd(m1 +m3)/Vs1

wave and the one of the vertically incident SH wave

And,

= . 5.10
Ay azaze~2iwdmi/Vsitg q, ( )
V.
a, = 1-— P2Ys2
P1Vs1
_ P2Vs+p3Vs3
a, = 22358
P1Vs1
0,V
las=142% (5.11)
P1Vs1
_ P2Vs2—p3Vs3
Ay = —————
P1Vs1
_ P2V
(45 =, 7
P1Vs1

Based on Egs. 5.10 and 5.11, the relationships between the transmission coefficient and the

interlayer parameters (i.e., Vs, p2, d) for various incident wave frequencies (i.e., f) can be

examined.

5.2.2 Parametric analysis

The parameters adopted for the medium

1 and medium 3 are as follows: p1=p5=1900 kg/m’,

Va=V:=1000 m/s, while the parameters of the interlayer will vary according to the study
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cases.

® To investigate the relationships between the transmission coefficient and the
interlayer thickness, the following parameters are assumed: p,=1600 kg/m®, V=50,
200 m/s, f varies from 0.5 to 20 Hz, and d changes from 0 to 15 m (Fig. 5.4).

® To investigate the relationships between the transmission coefficient and the
interlayer shear wave velocity, the following parameters are assumed: p,=1600 kg/m®,
d=5m, p,=800, 1600 kg/m? f varies from 0.5 to 20 Hz and Vs, changes from 50 to
800 m/s (Fig. 5.5).

® To investigate the relationships between the transmission coefficient and the
interlayer density, the following parameters are assumed: p,=1600 kg/m?®, d=5m, =8,
20 Hz, p, varies from 800 to 1900 kg/m®, and Vs, changes from 50 to 800 m/s (Fig.
5.6).

It should be noted that a dimensionless parameter is introduced here to normalize the
relationship between the frequency, thickness, and shear wave velocity. The normalized
wavelength is calculated as follows:

d/dw =d"f/Vs (5.12)

Fig. 5.4 shows that the transmission coefficients dramatically decrease with increasing
interlayer thickness, particularly for V=50 m/s case. In this case, transmission coefficients
show less sensitive to the thickness and the frequency. Oppositely, the transmission
coefficients gradually decrease with the increase of both thickness and frequency (V=200
m/s). Larger transmission coefficients are observed for some pairs of (d, f), due to the
interlayer thickness is an integer multiple of the half-wavelength (i.e., d/4,=0.5, 1.0, 1.5). The
results have demonstrated that the interlayers with different thicknesses will have an identical
effect on the incident waves with various frequencies if the normalized wavelengths are the

same.
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Fig. 5.4 Effect of the interlayer thickness on the transmission coefficients.

The relationships between the transmission coefficient and the interlayer shear wave velocity
for various incident wave frequencies are presented in Fig. 5.5. In general, the transmission
coefficients increase with increasing interlayer shear wave velocity. This is more evident for a
larger density case (p,=1600 kg/m®). For the same Vs,, high frequency incident wave tends to
be de-amplified. Fig. 5.6 presents the relationships between the transmission coefficient and
the density for various soil shear wave velocities. As can been seen, with the increase of the
density, the transmission coefficients slightly increase and its influence is relatively secondary

compared to the shear wave velocity.
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Fig. 5.5 Effect of the interlayer shear wave velocity on the transmission coefficients.

The analytical work provides a basic understanding of how an elastic soft interlayer affects
wave propagation. In general, a soft interlayer can effectively reduce the amplitude of the
transmitted wave in a certain range of the frequency, depending mainly on the interlayer
thickness, density, and shear wave velocity. On the other hand, soil presents shear stiffness
degradation and damping buildup in a seismic condition; meanwhile, the real ground motions
covering a wide range of the frequency component. The amplification or de-amplification of
the ground motion also appears during the wave propagation, which depends heavily on the
site conditions, soil parameters, and characteristics of the input motions, etc. These factors
complicate the propagation characteristic of the wave passing through a soft soil layer in the
nonlinear medium. The presence of a soft soil layer is expected to modify the propagation of

incoming waves from the bedrock and changes the soil dynamic behaviour, thus the seismic
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behavior of the tunnels buried in the soil is undoubtedly influenced. Hence, this issue will be

examined by the dynamic time-history analysis in the following parts.
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Fig. 5.6 Effect of the interlayer density on the transmission coefficients.

5.3 Soft soil layer-tunnel system

5.3.1 Outline of the idealized problem

An ideal deposit of soil, which is characterized by a nonlinear shear stiffness G, increasing
with depth adopting the Eq. 5.13 (Viggiani and Atkinson, 1995), is assumed as the reference

soil profile.
Go— g.(2\" . g.m
o = A (pr) R, (5.13)

where p; is a reference pressure taken equal to 1 kPa, p’ is the mean effective pressure, A, n,
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and m are the soil parameters related to the plasticity index and over-consolidation ratio. Their
values are respectively equal to 1400, 0.85, and 0.35 based on the recommendation (Viggiani
and Atkinson, 1995). The corresponding shear wave velocity profile is shown in Fig. 5.7
(black line), an example of a site comprising a soft layer is presented as well (red line). The
subsoil profile used here is similar to the one adopted in the previous studies (Amorosi and

Boldini, 2009; Visone et al., 2009).

Shear wave velocity (m/s)
0 100 200 300 400 500
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Depth (m)
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Fig. 5.7 Schematic representation of the shear wave velocity profile.
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Fig. 5.8 Seismic input motion: (a) acceleration time-history; and (b) Fourier spectrum.

The seismic input motion selected in this study for the dynamic time-history analysis is the

accelerometer registration at the Tolmezzo station of the Friuli earthquake (Italy) on May 6th,
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1976. The peak acceleration of the original acceleration is 0.35 g with a duration time of
36.32 s. The higher energy of this motion is focused on the frequency ranges from 1 to 4 Hz
with a predominant frequency at 2 Hz. Only the first 20 seconds are selected and the
frequencies higher than 10 Hz (Fig. 5.8) are filtered out to limit the minimum element size

adopted in the numerical model.

5.3.2 Model details

The two-dimensional numerical model with a height of 50 m and a width of 100 m is built, as
shown in Fig. 5.9. As a relatively shallow circular tunnel is more vulnerable than a deep

tunnel under earthquake loading, the buried depth of the tunnel centre is defined as 15 m.

Free-Field
50 m

Free-Field

& &

100 m

< >
< >

Fig. 5.9 Numerical model used in the dynamic analysis.

The boundary condition, seismic input method, soil-tunnel interface model, and the
constitutive models for soil and the tunnel structure are the same as the ones used in the
previous chapters, which are not presented here for the sake of the brevity. The soil and
tunnel parameters used for analysis are taken from the literature and correspond to real soil
parameter values (Bilotta et al., 2015; Rayhani and El Naggar, 2008), as shown in Table 5.1.
The tunnel excavation process is simulated using the convergence-confinement method with

20% of stress relaxation.
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Table 5.1 Properties of the soil and tunnel lining.

Parameters Reference case Soft soil case Tunnel lining
Property of the soil
Unit weight, p (kN/m?®) 19 19
Shear wave velocity, V, (m/s?) Fig. 5.7 Table 5.2
Poisson’s ratio, vs 0.3 0.32
Internal friction angle, ¢ (9 20 15
Cohesion, c (kPa) 8 5
Lateral earth pressure coefficient, Ky 0.5 0.5
Property of the tunnel
Young’s modulus E, (GPa) 30
Poisson’s ratio, © 0.2
Lining thickness, t (m) 0.3
Diameter, D (m) 6
Property of the soil-tunnel interface
Normal spring stiffness, K, (N/m) 4x10°
Tangential spring stiffness, K, (N/m) 4x10°

The hysteretic damping and the Rayleigh damping are also employed in the numerical model.
Similarly, the shear modulus reduction of clay proposed by Sun et al. (1988) is used for
matching the “default” hysteretic model implemented in the numerical code. In this chapter, a
relatively smaller damping ratio (0.2%) is utilized to remove the possible high frequency
noise and to minimize the negative effect on the numerical predictions caused by the misuse
of improper damping parameters (Sun and Dias, 2018). This is appropriate when additional
hysteretic damping as well as a quiet boundary condition is incorporated in the numerical

model (ltasca, 2011).

Table 5.2 Analysis cases in the numerical model.

Cases Parameters
Location, h/D 0.5;1.0;15; 2.0
Relative thickness, d/D 0; 1/6;0.5; 1.0;1.5; 2.0

Relative shear wave velocity, VJ/V ~ 0.2;0.3; 0.4; 0.5;0.7; 1.0

Peak ground acceleration, PGA (g) 0.1;0.2;0.3

The analysis cases listed in Table 5.2 are performed to investigate how an underlying soft
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layer affects the propagation of the ground motion and the seismic internal force increments
in the tunnel lining. The examined parameters (Fig. 5.1) including the soft soil layer relative
location h/D; the relative soft soil layer thickness d/D; the relative shear wave velocity Vi/V;

and the input motion intensities PGA.

5.4 Numerical results

The first part investigates the seismic response of a site comprising a soft layer, corresponding
to the case of h/D=d/D=1.0, PGA=0.1, 0.2, and 0.3 g. The shear wave velocity of the soft
layer is considered as a variable (V4/V=0.3, 0.5, 0.7, 1.0). The second part investigates the
influence of an underlying soft soil layer on the seismic response of a tunnel in terms of the

seismic-induced internal forces in the tunnel lining, considering the cases listed in Table 5.2.

5.4.1 Free-field case

Representative numerical predictions at the ground surface for four V/V values in the case of
PGA=0.1 g are shown in Fig. 5.10, in terms of the spectral accelerations (5% damping, Fig.
5.10a) and spectral ratios (Fig. 5.10b). The soft layer tends to reduce the maximum response
spectra amplitude with the effect is becoming gradually larger as the relative shear wave
velocity decreases. The peak amplitude decreases from 18 m/s® for a homogenous site to 7
m/s’ for a site with V,/V=0.3. Besides, the response spectra amplitude moves toward longer
periods and a multi-peak phenomenon of the response spectra appears as the relative velocity
decreases. This could be attributed to the increase of the fundamental period due to the

presence of the soft soil layer.
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Fig. 5.10 Effects of a soft soil layer on the spectral accelerations and spectral ratios.

Although the soft soil layer attenuates response at the short period of ground motion,
significant amplification at the longer period is observed as the spectral ratio progressively
increases from 1 for a homogenous site to a maximum ratio of 1.8, as noted in Fig. 5.10b. It
indicates that the soft soil layer is not always reducing the acceleration response, which is
related strongly to the frequency components of the input ground motions. This is in

agreement with the findings of the theoretical study.
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Fig. 5.11 Shear strain time-histories for three relative velocities: (a) PGA=0.1 g; and (b) PGA=0.3 g.

Fig. 5.11 plots the shear strain time-histories at depth equals to 2 m (where the maximum
shear strain appears) for different relative shear wave velocities. The results indicate that the
soft soil layer can reduce both the maximum shear strains and the residual shear strains,

particularly for the higher motion intensity. In this case, the residual shear strain is decreased
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by about 75%, from 0.0042 for a homogenous soil layer to 0.0013 for a site with V¢/V=0.3.
The residual shear strain appears at the end of the earthquake event produces significant
residual internal forces in the tunnel lining due to the irreversible plastic deformation of soil
(Amorosi and Boldini, 2009). Thus, it can be speculated that a reduction of the residual

internal forces at the end of an earthquake occurs due to the presence of a soft soil layer.
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Fig. 5.12 Profiles of the maximum acceleration, maximum shear strains, and Arias intensity.

The responses in terms of maximum acceleration, maximum shear strains, and Arias intensity
are shown in Fig. 5.12. The figures indicate that the presence of the soft soil layer tends to
amplify the acceleration and Arias intensity for the soil beneath the soft soil layer (depth
30~50 m). This may be due to the reflection of the incident wave occurring at the interface
between the upper soft soil layer and the lower stiff soil layer (depth 30 m); hence, more

energy is accumulated in this area. Inside the soft soil layer (24~30 m), significant
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amplification on the three calculated parameters is observed due to the low soil shear modulus.
This is more evident for the shear strains in comparison with acceleration and Arias intensity.
For response in the top 24 m, the presence of a soft soil layer reduces the acceleration, strains,
and Arias intensity responses as compared to the homogenous site. In general, the soft soil
layer effect is more pronounced when the relative shear wave velocity is smaller. Different
motion intensities capture a similar trend, and a maximum reduction of ~40% for maximum
acceleration and around 50% for Arias intensity at the ground surface is observed for a weak
motion (0.1 g). A strong motion (0.3 g) seems to induce a relatively small amplification of

maximum acceleration (32%) and Arias intensity (45%), because of a larger soil damping.

In summary, the comparisons of the free-field case highlight the potential beneficial effect of
the soft soil layer on the responses of acceleration, shear strain, and Arias intensity (above the
soft soil layer). Besides the soil stiffness degradation, the presence of a soft soil layer further
increases the fundamental period of the site. Therefore, the response at a long period is
amplified and the response at a short period is suppressed. Moreover, the soft soil layer will
dissipate more earthquake energy due to the increased soil damping. On the other hand, the
impedance ratio between the soft soil layer and the underlying stiff soil layer results in the
reflection of the input motion, rather than transmission to the upper layers. Hence, the energy
is probably trapped inside the soft soil layer due to wave reflection and refraction, leading to a
significant increase of the accelerations, strains, and Arias intensity of the soft soil layer.
Similar evidence was provided in the centrifuge tests performed by Rayhani and El Naggar
(2008), which demonstrated that a soft soil trapped between stiff layers was responsible for
reducing the peak ground acceleration. However, it is worth noticing that the soft soil layer

amplifies the response at long periods, particularly for a very soft soil layer.

5.4.2 Soil-tunnel system

In this section, various cases (see Table 5.2) are investigated through the parametric
numerical analysis. The distributions of the seismic internal force increments and the
modification ratios of the lining forces caused by the underlying soft soil layer are presented.
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5.4.2.1 Effect of the relative velocity
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Fig. 5.13 Distributions of the seismic internal force increments for different relative shear wave velocities.

Fig. 5.13 presents the typical distribution of the seismic internal force increments for various
ViV values, corresponding to h/D=d/D=1.0, and PGA=0.1, 0.2, and 0.3 ¢g. The stress
redistribution around the tunnel caused by the irreversible soil plastic deformations produces
a complicated distribution of internal force. The soft layer tends to modify the lining forces in
terms of distribution and magnitude with the effect is becoming gradually larger as the
relative shear wave velocity decreases. In general, the maximum dynamic internal forces
decrease due to the presence of the soft soil layer. For the 0.1 g case, the bending moment at
6=135<increases from 13 kKNm/m for V/V=0.2 to 50 KNm/m for the homogenous site

whereas the axial force varies from 120 kN/m to around 200 kN/m. It is worth remarking that
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the maximum axial force is observed around the tunnel invert for a very soft soil case (i.e.,
V/V=0.2). This is different from the distribution of axial force in other cases. It could be
attributed to the fact that a soft soil layer with very low stiffness is more vulnerable to
yielding and causes large plastic deformation near the tunnel invert even at small motion

intensities (Amorosi and Boldini, 2009).
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Fig. 5.14 Modification ratios versus relative shear wave velocities.

To quantify the effect of a soft soil layer on the seismic internal force increments, the
modification ratio of the seismic internal force increments is introduced, which is defined as
the ratio of the seismic internal force increments for the soft soil layered site to the ones for
the homogenous case. It should be noted that the modification ratio is averaged from twelve
calculated lining forces, to avoid the impact of abnormal results observed at tunnel invert for
some cases. As an example, the values of Mg and Tr versus V,/V are presented respectively in

Figs. 5.14a and 5.14b, corresponding to the results shown in Fig. 5.13.
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Figs. 5.14c and 5.14d present the modification ratios of the axial forces and bending moments
for different relative shear wave velocities, corresponding to d/D=1.0, h/D=1.0, and 2.0,
PGA=0.1, 0.2, and 0.3 g. The values of Mg and Tr increase with increasing relative shear
wave velocity. A rapid increase is found when the V,/V changes from 0.2 to 0.5 and the
changes become gradually smaller when the V,/V increases from 0.5 to 1.0. Although the
values of Mg and Tr show a similar trend, larger Tr ratios are reported compared to the Mg. It
indicates that the relative shear wave velocity has a more significant effect on the bending

moment rather than on the axial force.

The location of the soft soil layer effect (i.e., h/D) on the internal force cannot be ignored.
Moving the soft soil layer close to the tunnel (a distance of one-time tunnel diameter) will
lead to an additional reduction of the lining forces. The effect becomes progressively
unimportant as the relative shear wave velocity increases. The results also report that larger
motion intensity (i.e., 0.3 g) leads to a smaller ratio of the bending moment and a larger ratio
of the axial force. The discrepancy of the Mg values arisen by the motion intensity becomes
minor with the increase of V¢/V. Thus, it can be concluded that the reduction effect of the soft
soil layer on the seismic internal force increment is gradually decreasing with increasing shear
wave velocity of the soft soil layer. This is consistent with the findings in the theoretical study

and the free-field case.

5.4.2.2 Effect of the relative thickness

Figs. 5.15 and 5.16 present the relationships between the relative thickness (i.e., d/D) of the
soft soil layer and seismic internal force increments. The distributions of the seismic internal
force increments are shown in Fig. 5.15 (h/D=1.0, V¢/V=0.3, PGA=0.1, 0.2, and 0.3 g) while
Fig. 5.16 presents the modification ratios of the lining force versus the relative thickness

corresponding to h/D=1.0, V{/V=0.3, and 0.7, PGA=0.1, 0.2, and 0.3 g.

As can be seen in Fig. 5.15, the maximum lining force is not always decreasing linearly as the
relative thickness increase, while the d/D=2.0 case induces larger internal forces than the ones
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calculated in d/D=1.0 case for weak ground motions (i.e., 0.1 g). As the motion intensity
increases, the difference of the lining forces between d/D=1.0 and d/D=2.0 generally becomes

minor. The reasons for this abnormal tunnel response will be explored in section 5.5.
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Fig. 5.15 Distributions of the seismic internal force increments for different relative thicknesses.

Concerning the modification ratios, the Vi/V=0.3 case permits a rapid decrease of
modification ratios of the bending moment and axial force when the soft soil layer thickness
increases to 0.5 times the tunnel diameter. Similarly, this is more evident for the bending
moment rather than for the axial force. An additional increase in the soft soil layer thickness
is found to have an insignificant effect on the calculated dynamic internal force (PGA=0.2 and
0.3 g). However, a slight increase in the ratios of Mg and T is observed when the relative
thickness is greater than 1.0 for the case of PGA=0.1 g. The relative thickness effect on the

tunnel response is negligible for V/V=0.7, although a linear decrease in both bending moment
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and axial force is reported. This is in good agreement with the findings in Fig. 5.5, in which a
slow decrease in transmission coefficient with increasing normalized wavelength is observed

for a large interlayer velocity case.
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Fig. 5.16 Modification ratios versus relative thicknesses.

The theoretical study and the numerical simulation results indicate that a critical thickness
exists which leads to a more pronounced reduction of the lining forces. For the case
considered here, it is about the same as the tunnel diameter (i.e., d/D=1.0). For this critical
thickness, the soft soil layer could effectively reduce the amplitude of the transmitted wave.
However, beyond this thickness range, the seismic isolation effect of a soft soil layer will not
be increased greatly. This depends on the input motion intensity, relative shear wave velocity,

and frequency of the input motion, etc.

5.4.2.3 Effect of the relative distance

The effects of the soft soil layer position with respect to the tunnel on the seismic internal
force increments distributions are presented in Fig. 5.17 (d/D=1.0, V4/V=0.3, PGA=0.1, 0.2,
and 0.3 g). Generally, different locations of the soft soil layer induce similar distributions,
although a slightly large response is reported for h/D=2.0 than for h/D=1.0 especially for 0.1
g case (the possible reasons will be presented in section 5.5). However, compared to the
results obtained for relative shear wave velocity and relative thickness, the distribution form,

and amplitude of the lining forces are less insensitive to the position of a soft soil layer.
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Fig. 5.18 Modification ratios versus relative distances.

Fig. 5.18 presents the modification ratios of the seismic internal force increments versus the

relative distances of the soft soil layer. The analyses corresponding to d/D=1.0, V¢/V=0.3, and
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0.7, PGA=0.1, 0.2, and 0.3 g. Results of the Vy/V=0.3 case indicate that the ratios of bending
moments and axial forces seem to stay constant as the relative distance increases, except for
bending moments in the case of PGA=0.1 g. Similarly, the effect on the bending moment is
increased with the motion intensity increases whereas the effect on the thrust holds an

opposite trend. It is found that the effects of relative distance on the Mg and T ratios are also

negligible for the V,/V=0.7 case.

5.5 Discussion

As mentioned above, the cases of h/D=2.0, d/D=1.0, V4/V=0.3 (see Fig. 5.16a) and h/D=1.0,
d/D=2.0, V,/V=0.3 (see Fig. 5.18a) present abnormal results as compared to other cases for
weak motion intensity (i.e., 0.1 g). It is found that the lower boundary of two soft soil layers is

the same (36 m below the surface), as shown in Fig. 5.19.

Shear wave velocity (m/s) Shear wave velocity (m/s)
0 250 500 0 250 500

20 204

Depth (m)
Depth (m)

30

30-7/

WD=2.0 d/D=1.0 V/)

104 WD=1.0 d/D=2.0 V /K=0.3 104

| @ D)

50

50

Fig. 5.19 Two soil profiles corresponding to the cases of abnormal results.

As the layer thickness increases, the actual distance between the tunnel and the centre of the
soft soil layer also increases. The abnormal results of the dynamic internal forces can be
attributed to the locations of the soft soil layer. Hence, this section attempts to examine this
hypothesis in the time domain and frequency domain by varying the relative distance (i.e.,

h/D) of the soft soil layer. The numerical models correspond to /D=1.0 and VJ/V=0.3, while
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the values of h/D are equal to 1.0, 2.0, 4.0, the intensities of the input motions with 0.1 g and

0.3 g are considered.
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Fig. 5.20 Variations of the response with depth for the acceleration, shear strains, and Arias intensity.

Time-domain: The comparisons of the variation of the maximum acceleration, maximum
shear strain, and Arias intensity with depth (top 20 m), are presented in Fig. 5.20. The results
of the weak motion case are shown in Figs. 5.20a~5.20c while Figs. 5.20d~5.20f present the
response for the strong motion. For the 0.1 g case, the soft layer reduces the response at the
tunnel centre position compared to the homogeneous case, particularly for the acceleration
response. The relationships between the h/D with the acceleration and strain responses show a
nonlinear reduction, while larger acceleration and strain responses are reported for the case of
h/D=4.0 in comparison with the h/D=1.0 and 2.0 cases. Higher imposed ground strains or the

accelerations generally cause larger deformations of the tunnel lining thus result in the larger
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calculated bending moment. This may be one of the reasons for the abnormal results observed

in section 5.4.

The results also indicate that the difference in acceleration response (Fig. 5.20d) caused by
the relative distance is not pronounced for strong motions (i.e., 0.3 g). This may be partially
explained by the increased soil nonlinearity effect. In general, an increase of the input motion
intensity permits to reduce the amplification ratio of the peak ground acceleration and to
modify the amplification frequency due to the degradation of the shear modulus and increase
of the damping (Finn and Eeri, 2016). This also reduces the stiffness difference between the
soft soil layer and the nearby stiff soil and to some extent, weakens the effect of the soft soil
layer. Hence, insignificant differences in the dynamic internal forces are shown in Figs. 5.17

and 5.18.
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Fig. 5.21 The spectral accelerations at the position of tunnel center for different relative distances.

Frequency domain: Fig. 5.21 presents the spectral accelerations at the tunnel centre position
(i.e., 15 m) for various relative distances. Similar to the findings of Fig. 5.10, the soft layer
increases the response at a long period (>0.6 s) while reduces the response at short period
compared to the homogenous case. As for the short period, the minimum response is observed
in the case of h/D=2.0, rather than the case of h/D=4.0. It is also worth remarking that high
ground motion intensity tends to eliminate the difference caused by the soft soil layer over the

short period range, as shown in Fig. 5.21b.

125



On the other hand, the dynamic amplification of stress waves affecting a tunnel is generally
negligible when the wavelength is more than eight times larger than the tunnel diameter
(Bobet, 2010; Hashash et al., 2001). The short period corresponds to a small wavelength
could much affect the seismic tunnel behavior than the long period. The soft soil layer leads
to a reduction of the lining forces because the spectral acceleration decreases over the short
period range. Although the spectral acceleration for long periods is amplified, the tunnel is
less sensitive to this period range. It explains why the h/D=4.0 case results in the largest
response than other soft soil layer cases (Fig. 5.20a). It also clarifies why the small difference
of the lining forces is observed for different relative distances at larger ground motion

intensities (Figs. 5.17 and 5.18).

5.6 Conclusion

This chapter highlights the potential beneficial effect of an underlying soft soil layer on the
tunnel seismic behaviour. The theoretical study as well as the numerical analysis is presented
first to provide a basic understanding of the wave propagation through a soft soil layer. Then,
dynamic time-history analyses are performed considering various soft soil layer parameters,
including the relative thickness, relative shear wave velocity, and relative distance. The effect
of motion intensity is also considered. The results are compared in terms of distribution and

modification ratios of the maximum seismic internal force increments.

According to the wave motion theory, the propagation characteristic of the plane SH wave in
a three-layered elastic medium is investigated analytically. The theoretical work verifies that a
weak interlayer will reduce the transmission coefficient of the incident wave, depending on
the interlayer density, shear wave velocity, thickness, and wave frequency. In this study, it is
found that the influence of a weak interlayer is concentrated in the range of a normalized

wavelength (i.e., d/4,) lower than 0.5.

Furthermore, the numerical results of a free-field case reveal that the presence of a soft soil

layer tends to amplify the spectral acceleration amplitude at the long periods whereas it
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attenuates the response over the short period range. As compared to a homogenous case,
reductions of the acceleration, strain, and Arias intensity caused by the soft soil layer are also

observed at the tunnel centre position.

The seismic internal force increments in the tunnel lining are reduced due to the presence of a
soft soil layer, particularly for the bending moments when subjected to a strong motion. The
relative shear wave velocity in the range of 0.2~0.5 has a more pronounced effect on the
modification ratios of the lining forces. The effect becomes progressively smaller as the
relative shear wave velocity increases. This study also finds a critical thickness that can
effectively reduce the seismic actions on the tunnel lining. For the case considered here, it is
about one tunnel diameter (i.e., d/D=1.0). Concerning the relative distance, it leads to a slight
change in the lining forces in comparison with the effect of the shear wave velocity and

thickness.
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Chapter 6

Probabilistic seismic response of tunnels in random soils:

Sensitivity analysis

6.1 Introduction

Due to the inherent uncertainty in nature and the presence of measurement errors, soil
parameters inevitably present variation and uncertainty (Fenton, 1999; Phoon and Kulhawy,
1999a, 1999b). The soil properties can spatially vary along the tunnel axis and this can affect
the tunnel behaviour as different materials will transmit differently the waves (Manolis et al.,
2020; Nedjar et al., 2007). Thus, the prediction of the tunnel seismic response is highly
uncertain. Contrary to deterministic analyses, probabilistic concepts provide a more rational
way of quantifying the uncertainties in soil-tunnel systems. For any probabilistic analyses, the
identification of the important variables is in general a basic step. An input parameter can be
considered as deterministic if it has a small influence on the response output and it should be
considered as probabilistic if a significant influence appears. In this regard, sensitivity
analyses proved to be able to effectively quantify the relative importance of each variable on
the variance of the predicted model response (Mahmoudi et al., 2019; Nariman et al., 2019).
With the help of sensitivity analyses, probabilistic analyses and design works will be

simplified by discarding unimportant variables.

Numerous techniques are nowadays used to perform sensitivity analysis, which can be

grouped into two categories (Sobol and Levitan, 1999; Sudret, 2008; Sudret and Mai, 2015):
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local sensitivity analysis (i.e., LSA) and global sensitivity analysis (i.e., GSA). LSA focuses on
the local impact of input parameters on the model by computing the response gradient with
respect to its parameters around a nominal value. Methods such as the Tornado diagram,
FORM, and Monte Carlo simulation (Calabrese and Lai, 2016; Na et al., 2008, 2009) are
typical representatives. However, LSA ignores the interaction influence between variables and
may compute inaccurate sensitivity indices in the presence of a strongly nonlinear
dependency between variables. Besides, increased variable numbers will lead to a dramatic
increase in computational costs. Oppositely, GSA is an attractive and powerful tool since it
can effectively tackle these limitations. This technique offers extensive possibilities for
ranking the individual and interaction effects of variables simultaneously. In practice, GSA
can be applied solely or can freely incorporate with other advanced uncertainty quantification
methods (Sudret, 2008; Nariman et al., 2019). Quite recently, many efforts are devoted to
enhancing the efficiency of GSA using surrogate models since they permit to provide accurate
sensitivity indices with relatively small computational costs (i.e., the original computationally
expensive models are substituted by surrogate models (Al-Bittar et al., 2018; Ferrario et al.,
2017; Pan and Dias, 2017). Among the most widely used surrogate techniques, the sparse
polynomial chaos expansions (SPCE) method is the more representative one. Once the
surrogate model is properly trained, the sensitivity index of each input variable could be

analytically calculated based on the SPCE coefficients (Sudret, 2008).

The GSA of a tunnel in seismic conditions is, however, rarely investigated in the literature
(Nariman et al., 2019). This could be attributed to the following reasons:
® The probabilistic concept is not widely used, the design of tunnels employed in
modern seismic codes is based on deterministic soil properties.
® The record-to-record variability in terms of magnitude and frequency characteristic is
expected to have a more pronounced influence since the prediction of a future
earthquake for a specific site is always difficult.
® The third reason comes from the sophisticated and computationally expensive
dynamic time-history numerical analyses, particularly for strong nonlinearity and

high dimensional problems. In this situation, more realizations are required to
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construct the surrogate model; however, many probabilistic methods fail to

accurately represent the true model responses.

This chapter attempts to explore the capability of the sparse polynomial chaos expansions
combined with the global sensitivity analysis (SPCE-GSA) for the tunnel seismic response
considering strong nonlinearity and high dimensional cases. The final goal is to figure out the
parameters that have the most or least influence on the variability in the tunnel seismic
deformations. This chapter is organized as follows. First, the basic principles behind the
SPCE-GSA method are simply introduced. Then, the deterministic numerical model and
probabilistic models of seven variables are presented. Next, the accuracy of the SPCE model
as well as the efficiency of the SPCE-GSA method is respectively validated. After that,
sensitivity analyses are performed for a wide range of shear wave velocities, motion
intensities, and coefficients of variation. Finally, the variability in the sensitivity indices
caused by the sampling size, polynomial degree (to train the SPCE model), and ground

motion characteristic is evaluated.

6.2 Method

6.2.1 Polynomial chaos expansion

The link between the input parameters and output responses can be defined by:

y = M(X) (6.1)
where X = {x1%,x2,..,xM} is a random vector that parameterizes the variability of the input
parameters with a dimension of M, and y is the vector of model responses
vy = {y,y?,...,yM™}. In PCE, a surrogate model is built by expanding the system response on

a suitable basis:

MO = > ke (6.2)
aeNM

where the W,(X) are multivariate polynomials, k, € R are the unknown coefficients,
a € N” is a multidimensional index. The multivariate polynomials ¥, (X) is the tensor

product of univariate orthonormal polynomials g, (x;). Hermite polynomials are selected for
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representing the univariate polynomials (Mollon et al., 2009, 2013; Pan and Dias, 2017).
Considering a finite sum in Eq. 6.2, the truncated polynomial chaos expansion is introduced

(Blatman and Sudret, 2011):

M(X) ~ MPE(X) = Z kW, (X) (6.3)
aEA

where A € NM is the set of selected multi-indices of multivariate polynomials. A hyperbolic
(or g-norm) truncation scheme (Schchi and Sudret, 2019), is adopted for selecting the

multivariate polynomials ¥, (X):

M 1/q

AMPA = aec/l’”:llqu:(za?) <pp (0<q<1) (6.4)

i=1
where the term p refers to the maximum degree of a PCE model. The maximum number of

unknown coefficients equals to WM+;")!. In this study, q=0.75 is adopted to reduce high order

interaction terms (Schcbi and Sudret, 2019). The unknown coefficients {ky},cqMpa Can
then be computed using the least-square minimization method (Blatman and Sudret, 2011):

y = argmin E[(kT¥(X) — M(X))?] (6.5)

An adaptive PCE calculation strategy based on the Least Angle Regression (LAR) algorithm
(Blatman and Sudret, 2011) is applied to select the most important candidate polynomial basis
while all the other coefficients are set to zero (i.e., sparse PCE). Furthermore, the SPCE used
here allows adaptively choosing the best polynomial degree (p) from a degree range and
almost without sacrificing accuracy (Blatman and Sudret, 2010; Lataiotis et al., 2018a, 2018b;

Sudret, 2008).
6.2.2 Sobol’ indices

The sensitivity index measures the relative contribution of the partial variances D;, ; of

each group of variables {x;,...,x; } onthe total variance D of all variables, is given by:

S g = s (6.6)

The first order Sobol’ index S; represents the effect of a single input variable alone, while the

second order sensitivity indices S;;, i # j, study the interaction effects of the variable i and

ijs
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j on the output variance (Sobol and Levitan, 1999; Zoutat et al., 2018). The total Sobol’
index ST is the sum of all the Sobol’ indices involving variable i, which represents its
individual effect and the combination effect with other variables on the output variance.

(6.7)

i

S'T:ZS

i,

{i1,0s3

Theoretically 0 <S; <S7 <1, and S; =S =0 means that the model output does not
depend on variable i while S; =S =1 means that the model output depends only on

variable i.
6.2.3 Error estimation

The leave-one-out error & oo, compares the SPCE (MP¢\Y) predictions on the excluded point

x! with the real value yt. It can be written as (Blatman and Sudret, 2011):

Z?ff(M(x") _ MPC\i(xi))Z .
= - ,L EN, 6.8
R e D B TR o

where uy isthe sample mean of the experimental design response.

Another error estimator &y, is adopted by comparing the SPCE predictions with the true

responses of additional deterministic models (i.e., Nya. validation cases).

N . .
XM (x) = MPE(x)2/Nyay
&vaL = NyaL

Var[}, VA M(x9)]

,i € NVAL (69)

where Var[Y)/4* M(x!)] is the variance of the true response of validation cases,

6.2.4 Numerical procedure

The main scheme to perform the sparse polynomial chaos expansions based global sensitivity
analysis focuses on the following steps (Fig. 6.1):
® Step 1: Generation of a set of input parameters using the Latin hypercube sampling
method.
® Step 2: Definition of the soil-tunnel numerical model.

® Step 3: Calculation of the tunnel seismic response.
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® Step 4: Construction of the SPCE model until the target accuracy is satisfied.

® Step 5: Calculation of the Sobol” indices using SPCE coefficients.

Generate a sampling pool X*™ using LHS

[
v v

Obtain validation points X' Obtain training points X' [

| |
.

Soil-tunnel deterministic model

.

Obtain response Y=M(X)

-

Construct SPCE surrogate model
using training points ¥=M"(X)

Compute the potential error Update training points
using Eq. 6.8 X=[X, X"]
v ?

. Y
Compute the potential error cs No Obtain a new training point X*"
using Eq. 6.9
A
»<£,,<0.05
Y

Sobol” decomposition of the SPCE

.

Sensitivity indices

No

Fig. 6.1 Flowchart of the adopted SPCE-GSA method.

6.3 Computational model

6.3.1 Deterministic numerical model

The Bologna-Florence high-speed railway tunnel in Italy is selected as a reference case. Thus,
the two-dimensional numerical model utilized in this chapter is the same as the one used in

Chapter 3. It should be emphasized that:
® The mean shear wave velocity of this tunnel site is increased from 184 m/s to 200
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m/s since the former value leads to numerical instability for some cases (lower values
are generated when considering uncertainty).

® A perfect bonding between the soil and tunnel lining is assumed. This is not only due
to the presence of interface elements that will significantly increase the
computational cost, but also the difficulty in selecting the appropriate interface
parameters in random soils.

e The Friuli ground motion is utilized (Figs. 6.2a and 6.2b) after a high frequency
cutoff (10 Hz) and baseline correction. It is then transformed into a shear stress

time-history and is applied at the model base (quiet boundary condition).

To determine the adequate model dimension and mesh size, a parametric analysis is
performed. The results of Table 6.1 indicate that a numerical model width of 200 m (height of
40 m) with a mesh size of 0.8x0.8 m is sufficient to avoid boundary effects and maintain
model stability, meanwhile significantly reduces the computational cost. It corresponds to a
computational time of 310 s (Intel Xeon CPU E5-2620 v4 2.1 GHz, two processors), 6.5
times lower than the refined model. The final two-dimensional numerical model is presented

in Fig. 6.2c.

This study focuses on the maximum tunnel deformation 4D, which is defined as the relative
maximum horizontal displacement between the tunnel top and bottom (red points in Fig. 6.2c).
As an example, Fig. 6.2d respectively presents the deformation time-histories in deterministic

analyses.

Table 6.1. Numerical model testing.

Model width (m) Meshsize (m) Element number  Solution time (s) 4D (cm)

100 0.8x0.8 6000 310 2.45
100 0.5x0.5 16000 1306 243
150 0.5x0.5 24000 2325 2.30
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Fig. 6.2 Seismic input, numerical model, and deterministic seismic analysis.

6.3.2 Probabilistic modelling of variables

In a probabilistic analysis, each uncertain model parameter can be represented by a random
variable and a corresponding probability density function (PDF). In this chapter, five soil
parameters (density, shear wave velocity, Poisson’s ratio, cohesion, and internal friction
angle), and the modulus reduction factor M, and centre frequency fu, of the Rayleigh

damping are also considered as the random variables.

The probabilistic input models of five soil parameters in terms of coefficient of variation
(COV) and distribution type are taken from the literature and correspond to real variability
measured in the laboratory or in-situ tests (Fenton, 1999; Mollon et al., 2009, 2013; Pan and
Dias, 2017; Phoon and Kulhawy, 1999a, 1999b). To avoid the unrealistic values generation,
the distribution tails need to be truncated to describe the variables in a meaningful way. In this
study, the lower bound (LB) and the upper bound (UB) are respectively determined based on
the mean +/- 2 times of the standard deviation (Sun et al., 2020). This step is critically
important for the variable V; since extremely low values will lead to a very dense mesh to
maintain numerical stability (Kuhlemeyer and Lysmer, 1973). It will lead to a significant
increase in computational cost. Besides, the variables are considered as inter-independent

since the adopted Sobol’ decomposition method is invalid for correlated variables.
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Similarly, the empirical curve proposed by Sun et al. (1988) is also incorporated in the model,

using the function suggested by Hardin and Drnevich (1972), as follows:

1

G/Gmax = 147/ Yrey

(6.10)

The reference strain value . is determined from the strain at which the value of modulus

reduction factor (i.e., M) equals 0.5, corresponding to a reference strain x,=0.234 in this

study.
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Fig. 6.3 Examples of random G/G, curves used in the probabilistic analysis.

To consider its uncertainty, the empirical probability model of Darendeli (2001) which allows
representing the most comprehensive investigation regarding the variability of nonlinear soil
properties is used. This model assumes that the parameter G/G.x is normally distributed for a
given strain level and that the strain-dependent standard deviation is given by the following

expression:

06 /Gmae = 0-015 + 0.16\/0.25 — (G/Gpax — 0.5)? (6.11)

This equation produces the smallest standard deviation (~0.015) when M; value is equal t0 0.0
or 1.0, and the largest standard deviation (~0.095) when M=0.5. Noted that this equation is
proposed for generic soil conditions, whereas the standard deviation derived from laboratory
tests on a specific soil is supposed to be smaller. The resulting modulus reduction curves for

the reference case are schematically shown in Fig. 6.3.
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Fig. 6.4 Rayleigh damping realizations for the reference case.

Rayleigh damping parameters are determined based on the method proposed by Kwok et al.
(2007). Based on Eq. 2.8 (see Chapter 2), it can be seen that the site fundamental frequency is
related to the shear wave velocity and soil depth. Considering V; as a random variable, the
uncertainty of Rayleigh damping is automatically involved. Once the mean and truncated
bounds of V; are known, the parameters of the probabilistic input model of fy;, are determined
accordingly (Kwok et al., 2007). This indicates that the parameters f.;, and Vs are positively
correlated. The uncorrelated assumption used here increases the f., variability and
overestimates its sensitivity index (although its sensitivity index is really small, will be

presented later).

In this study, the value of &y is equal to 0.5%. This small &, value permits to remove the
possible high frequency noise without significantly reducing the timestep (Sun and Dias,
2018), particularly when the hysteretic damping is employed. Realizations of the Rayleigh

damping curve in the reference case are shown in Fig. 6.4, as an illustration.

Table 6.2 lists the probabilistic input models of seven variables (benchmark case). The soil
shear wave velocity will vary from 200 to 500 m/s to investigate the sensitivity indices

evolution under different ground motion intensities (PGA=0.1 g, 0.2 g, 0.3 g). In the case of
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Vs =200 m/s, the influences of the COV of Vs (5%, 10%, and 20%) on the calculated

sensitivity indices are discussed.

Table 6.2 Probabilistic input models of variables in the benchmark case.

Parameters Symbol Unit Mean COV Distribution LB UB

Density p kN/m? 17 0.05 Normal 153 18.7
Shear wave velocity Vs m/s 200 0.2 Normal 120 280
Poisson’s ratio Vs - 0.3 0.15 Normal 0.21 0.39
Internal friction angle ) ° 37.0 0.2 Normal 22.2 51.8
Cohesion c kPa 5.0 0.3 Normal 2.0 80
Modulus-reduction factor Mg - 05 0.19 Normal 0.31 0.69
Centre frequency finin Hz 275 0.18 Normal 1.65 3.85

6.4 Method verification

6.4.1 SPCE model

To demonstrate the efficiency of the adopted SPCE-GSA method in seismic conditions, the
probabilistic input models listed in Table 6.2 are adopted to perform the global sensitivity
analysis. The comparison is respectively performed for low and high levels of soil
nonlinearity: one considering a ground motion intensity PGA=0.1 g and another considering a

higher intensity with a PGA=0.3 g.

The comparisons between the probability density function (PDF), cumulative distribution
function (CDF) of the 400 training points and SPCE predictions are respectively shown in
Figs. 6.5a and 6.5¢ for PGA=0.3 g and 0.1 g. Two figures show that the SPCE model is a
good substitute for the original computationally expensive numerical models. According to
the PDF and CDF under the two studied intensities, it is possible to make some remarks. The
deformation distribution is almost normal in the case of low intensity (Fig. 6.5c). The SPCE
model reproduces well the response of training points (the corresponding error g.oo IS very
small). On the contrary, the deformation distribution is more complex for PGA=0.3 g, having
three peaks and a long tail towards left. The SPCE model is not able to reproduce these local

features very well and results in a relatively large error. These local peaks result from the soil
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nonlinearity and the increased interaction terms between variables.
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Fig. 6.5 Comparison between PDF, CDF of training points and SPCE predictions: (a) PGA=0.3 g; and (c)
PGA=0.1 g; deformations of true numerical and SPCE predictions: (b) PGA=0.3 g; and (d) PGA=0.1 g.

The trained SPCE model is then employed to predict the tunnel deformation using 200
validation points. Figs. 6.5b and 6.5d respectively show the deformation predicted by the
SPCE model and the true model responses for two intensity cases. The SPCE predictions

agree well with the true deterministic model responses, particularly in the case of PGA=0.1 g.

On the other hand, the standard numerical procedure depicted in Fig. 6.1 shows that the final
SPCE model is iteratively constructed until the target accuracy is reached. For the given
training points, the LAR iteration (see Eq. 6.5) works by minimizing the value of &0 (see Eq.
6.8) for selecting the best sparse candidate basis. This iteration procedure, however, leads to a
drastic increase in the SPCE model construction time with the increase of the training points.

Hence, one question is raised:
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® How many training points can ensure the constructed surrogate models that satisfy
the target accuracy in this study? This means that there is no need to update
iteratively the surrogate model with increasing training points but only for the final

training points.

To this end, 10000 deterministic time-history analyses are prepared, corresponding to the
benchmark case and PGA=0.3 g (solution time is around 36 days). These results are primarily
used to investigate the influences of the polynomial degree and sampling size on the
variability in the computed Sobol’ indices (see Discussion). The polynomial degree is
adaptively chosen from a range of degrees specified a priori (1 to 12 in this study) given the
specific training points. N training points are selected from the 9800 sampling pools while the
remaining 200 samples are used for validation purposes. For each experimental design, 200

replications are applied (i.e., 200 final SPCE models for each N).
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Fig. 6.6 Comparison of (a) values of eya_ and & oo for different sampling sizes; and (b) the corresponding CDF

plots of total Sobol’ index of V.

Fig. 6.6a shows the accuracy of the constructed SPCE model with different initial training
points (N=50, 100, 200, 400, 800) while the corresponding CDF plots of the total Sobol’
index of V are depicted in Fig. 6.6b. It appears that increased training points result in
decreased model errors. 400 training points are adequate to ensure that each random
realization satisfies the target accuracy. It also provides a very close estimation of the total
Sobol’ index of V; calculated with N=800. Thus, N=400 experimental design is directly used

in the following analysis if not specified.
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6.4.2 Sensitivity indices

A Monte Carlo simulation based stochastic analysis is performed to have a direct look at the
tunnel deformation variability and determine the relative importance of each variable in the
framework of LSA. The idea behinds the Monte Carlo simulation based LSA method is simple
and straightforward: the change in the model output is evaluated for all sampling points, and
the input variable which causes the largest change in the model output is given the highest
rank in the sensitivity analysis. Its sensitivity analysis strategy is to vary one input variable at
a time while remaining other variables constant (i.e., mean values), the sensitivity index of

each variable can then be respectively calculated.
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Fig. 6.7 Tunnel deformations corresponding to all variables or a single variable: (a) PGA=0.1g; (b) PGA=0.3 g;
and (c) first order Sobol’ indices calculated by SPCE-GSA method.

The analyzed scenarios correspond to the probabilistic input models listed in Table 6.2 (case

of PGA=0.1 g and 0.3 g). For each case, 500 Monte Carlo simulations are performed (stable
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results can be obtained). It means that 7000 (500x7x2) deterministic time-history numerical
analyses are conducted. Also, for computing the Sobol’ sensitivity indices via the SPCE-GSA
method, 800 samples (400x2) are additionally generated, bringing the total simulation runs to

7800 (~28 days).

The tunnel deformation ranges for different cases computed with the Monte-Carlo simulation
are shown in Figs. 6.7a and 6.7b. The large variability in the deformation could be attributed
to the uncertainty of the shear wave velocity and the modulus reduction factor (Fig. 6.7a),
while the centre frequency, Poisson’s ratio, cohesion, and internal friction angle have
ignorable importance. The SPCE-GSA method quantitatively provides the same relative

importance of each variable, but using less numerical runs, as shown in Fig. 6.7c.

6.5 Sensitivity analysis

In this section, representative results in terms of the first order and total Sobol’ indices for
different scenarios, e.g., soil shear wave velocities, ground motion intensities, and coefficients

of variation are evaluated and discussed in detail.

6.5.1 Soil type and motion intensity

The soil type (i.e., shear wave velocity, Vs) and ground motion intensity (i.e., PGA) have a
direct and pronounced influence on the deformation response of tunnels. Three values of Vs,
from 200 m/s to 500 m/s corresponding respectively to soft, medium, and stiff soils (Zoutat et
al., 2018) in practice are investigated. Besides, the ground motion intensity varies from 0.1 g
to 0.3 g to consider different soil nonlinearity levels. The probabilistic input model of each

variable is listed in Table 6.2 except the values of V; and f.;,, which are varied parametrically.

Table 6.3 presents the first order and total Sobol’ indices for all the analyzed scenarios, while
the high order indices indicating the interaction effects are not presented due to their great

number. However, the interaction effect between the variables can be estimated based on the
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difference between the first order and total indices: the larger the difference, the stronger the

interaction.

Table 6.3 Sensitivity indices for different soil conditions and motion intensities.
Soft soil (Ve=200 m/s) Medium soil (Vs=350 m/s)  Stiff soil (Vs=500 m/s)

PGA (g) Parameters

Total First order Total First order Total First order

Vs 0.9560 0.9514 0.9902 0.9863 0.9932 0.9892

P 0.0119 0.0100 0.0029 0.0028 0.0048 0.0036

Vs 0.0012 0.0011 8.377E-4 7.574E-4 0.0010 8.332E-4

0.1 c 6.558E-5 0 2841E-5 0 6.590E-5 8.308E-7
1) 4.443E-4 2.309E-4 4.771E-4 1.9827E-4 0.0019 4.169E-4

M 0.0354 0.0326 0.0095 0.0060 0.0032 0.0019

frnin 1.228E-4 0 4.898E-5 1.629E-5 6.159E-5 1.701E-5

Vs 0.9081 0.8945 0.9767 0.9634 0.9640 0.9568

e 0.0128 0.0123 0.0022 0.0020 0.0042 0.0026

Vs 0.0022 0.0018  7.546E-4 5.765E-4 0.0020 0.0013

0.2 c 2.062E-4 0 2.111E-4 8574E-7 71.732E-4 0
® 0.0044 4.622E-4 0.0087 0.0046 0.0327 0.0282

M 0.0868 0.0761 0.0257 0.0156 0.0061 0.0033

frnin 0.0012 1.740E-4 1.750E-4 1.341E-5 4.561E-4 0

Vs 0.9063 0.8452 0.9620 0.9475 0.8384 0.8280

P 0.0164 0.0141 0.0032 0.0027 0.0133 0.0113

Vs 0.0027 0.0017 0.0012 6.1431E-4 0.0012 5.578E-4

0.3 c 0.0023 0 3.748E-4 0 9.776E-4 3.319E-4
1] 0.0160 0.0014 0.0250 0.0189 0.1550 0.1460

Ms 0.1285 0.072 0.0254 0.0151 0.0051 0.0025

frnin 0.0012 0 1.990E-4 0 3.200E-4 0

In the case of PGA=0.1 g, the soil shear wave velocity dominates tunnel deformations and the
corresponding first order Sobol’ index varies from 0.9514 to 0.9892 as the value of Vi
increases, indicating a slight increase effect for the stiffer soil. The sensitivity indices of other
variables are very small, showing a negligible influence on the tunnel deformations for this
scenario. Increasing the ground motion intensity to 0.3 g, the influence of V; is gradually
decreasing, particularly for the soft and stiff soil cases (respectively with a first order index of
0.8452 and 0.828). This phenomenon could be attributed to shear modulus reduction and soil
plasticity. As can be observed, the total index of My in the soft soil increases from 0.0354 to

0.1285 while the total index of ¢ in the stiff soil greatly increases from 0.0019 to 0.155.
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It is worth noticing that the differences between the first order and total Sobol’ indices of the
variables in all the analyzed scenarios are not obvious, except for the Vs and M; in the soft soil
subjected to strong ground motions. This is because the interaction effect occurs between
these two variables, as shown in Fig. 6.8. The second Sobol’ index of (Vs, M) is around 0.05
while they respectively show very weak interaction effects. A reduction in the sensitivity
index of M with increasing of V; is observed, which is more evident in the case of PGA=0.3 g
(decrease from 0.1285 to 0.0051). The dependence of M;s on the value of Vs is not surprising
because the higher the value of V, the lower the possibility of soil stiffness degradation. The
effect of the internal friction angle (¢) uncertainty on the deformation response increases with
the increase of V value. A maximum total sensitivity index of 0.155 corresponds to V=500
m/s and PGA=0.3 g. This observation is related to the soil plasticity. Compared to ¢, the
cohesion (c) sensitivity index is smaller although the larger variation degree (COV=30 %).
This is because the values of ¢ greatly influence the Mohr-Coulomb failure envelope while

the influences of ¢ values are minor due to the small absolute value (Mollon et al., 2009,

2013).
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Fig. 6.8 Total, first, and second order Sobol’ indices for all the variables (Vs=200 m/s and PGA=0.3 g).

Another interesting observation is the uncertainty in the Rayleigh damping centre frequency
(fmin) has almost no effect on the tunnel deformations. This is because the frequency interval is

defined according to the recommendation of Kwok et al. (2007), which permits to produce

145



almost the frequency-independent damping ratios in the frequency range of interest. Besides,
the reduced f;, influence on the seismic response of tunnels appears in the cases of small
damping ratios and high soil nonlinearity, as reported in (Chapter 3). The fi, sensitivity index
may increase if it is randomly defined without any selection criteria or the higher damping

ratios are adopted.

6.5.2 Coefficient of variation

The COV, which defines the variation level of a variable, is another important parameter in a
probabilistic input model (Fang et al., 2020; Mollon et al., 2009, 2013; Pan and Dias, 2017,
Phoon and Kulhawy, 1999a, 1999b). This subsection aims to shed light on the COV effect on
the sensitivity index of each variable to the tunnel deformations. The analysis corresponds to
the probabilistic input model listed in Table 6.2 except the variation level of the shear wave
velocity. The sensitivity analyses are performed considering three variation levels (i.e.,

COV=5%, 10%, and 20%), in the case of PGA=0.1 gand 0.3 g.

Figs. 6.9a to 6.9c respectively show the total and first order Sobol’ indices of each variable
under PGA=0.1g, while the results for PGA=0.3 g are presented in Figs. 6.9b and 6.9d. In the
case of PGA=0.1 g, the soil shear wave velocity is the most important variable even for a
smaller variation degree (i.e., COV=5%). With the values of COV increase from 5% to 20%,
the Vs is gradually dominating the tunnel deformation variance with an increase of the first
order index from 0.523 to 0.951 (~ 81.8% increase) and the corresponding total index varies
from 0.525 to 0.956 (~ 82.1% increase). The minor differences between the first order and the
total Sobol’ indices indicate a negligible interaction effect between variables. The increase in
the sensitivity index of Vs caused by the larger variation level leads to a reduction in the
sensitivity indices of the other variables. However, the increase or decrease in the sensitivity
indices does not alter the relative importance of each variable in this analyzed scenario and
they could be ordered as follows: shear wave velocity Vs, modulus reduction factor M;,

density p, Poisson’s ratio 1, internal friction angle ¢, cohesion c, and centre frequency fon.
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Fig. 6.9 Influences of the COV on the total Sobol” indices: (a) PGA=0.1 g; and (b) PGA=0.3 g; and on the first
order indices: (¢) PGA=0.1 g; and (d) PGA=0.3 g.

For PGA=0.3 g, two major differences are found compared to the observations for a PGA=0.1
g. Firstly, the modulus reduction factor Ms, rather than Vs, has a more pronounced influence
when the COV=5%. This significant increase in the sensitivity index of M could be attributed
to the soil stiffness degradation appear under a strong ground motion and the relatively large
variation level of M. Secondly, the differences between the first order and total Sobol” indices
of the Vs, Mg, and ¢ in all the analyzed scenarios are obvious, meaning that the interaction
effect occurs. The interaction effect is more evident when the variation of V is smaller. This is
because two strong interaction effects (M and Vs, Mg and ¢) appear in the case of COV=5%
while the interaction effect between M and ¢ gradually vanishes and the main effect of V;
tends to dominate the sensitivity index with the increasing variation level of Vs (e.g.,
COV=20%). The interaction effect, on the other hand, increases the total Sobol’ indices of ¢.

In general, the order of variables does not change in comparison with the observation for

147



weak ground motions, except in the case of COV=5%.

As a conclusion, this comparison shows the significant influence of the coefficient of
variation on the sensitivity index, which is related to the ground motion intensity. A reduced
variation degree of a variable theoretically reduces its sensitivity index. However, it does not
indicate the variable is less important (and vice versa), the influence is sometimes decisive as
highlighted in Fig. 6.9a and 6.9c. The sensitivity index of a variable also depends on the
variation degree of the other variables since the sensitivity analysis essentially quantifies the

relative importance of a variable.

6.6 Discussion

6.6.1 Variability in the computed Sobol’ indices

It appears from the above study that the Sobol’ indices predicted by the SPCE-GSA method is
related to the constructed surrogate model (Sudret, 2008). The accuracy of the SPCE depends
on the sampling size, polynomial degree, and stop criterion. In this study, an algorithm to
choose adaptively the optimal polynomial degree in the range from 1 to 12, combined with a
target accuracy of 0.05 is used to train the surrogate model. To better understand the role of
the polynomial degree and sampling size, and to evaluate the variability in the calculated
sensitivity indices, 10000 deterministic dynamic time-history analyses are performed. These
analyses correspond to the benchmark case (Table 6.2), subjected to a ground motion with a
magnitude of 0.3 g. A range of sampling size N, from 50 to 800, is randomly selected from
this 10000 sampling pool, and for each sampling size, 1000 replications are applied. Then the
SPCE (turning off the adaptive algorithm) of different degrees p, from 1 to 10, is accordingly
trained. It means that for each p order SPCE, 1000 surrogate models are constructed which

correspond to 1000 sensitivity indices of each variable.
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Fig. 6.10 Evolution of & oo with the sampling size and polynomial degree: (a) adaptive SPCE; and (b) SPCE.

Fig. 6.10a shows the evolution of & oo With the sampling size using the adaptive SPCE while
the results of various orders SPCE are presented in Fig. 6.10b. The percentile ranges in the
box plots are the same as those in Fig. 6.7. For the adaptive SPCE used in this study, the
model error decreases with the increase of the sampling size N and it permits to construct the
surrogate model more explicitly even with less N (i.e., 200). As shown in Fig. 6.10b, the first
and second order SPCE models always produce larger errors, indicating that they cannot
represent the complex numerical response even for a large number of training points (i.e.,
800). Increasing the polynomial degree p, the SPCE tends to perform well if N is large enough
to train the surrogate model because as the p increases, the number of unknown coefficients in
the SPCE greatly increases (Eq. 6.4). This explains why high order SPCE models still result

in large errors in the case of N=50 and 100.

Once 1000 surrogate models are constructed for each analyzed scenario, the sensitivity
analysis is performed accordingly. The variations of the total Sobol’ index of the shear wave
velocity Vs and density p with the sampling size for different polynomial degrees are
presented respectively in Figs. 6.11a and 6.11b. The detailed results of the total Sobol’ index
of V; are given in Fig. 6.12 while the results of other parameters are not presented for the sake

of brevity. It appears that the sensitivity index variability generally decreases with the
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increase of the sampling size and polynomial degree. When the sampling size is small (N=50

and 100), the sensitivity indices predicted by different order SPCE models show a large

variation. This comes from the large model error and associated variation of the model error,
as shown in Fig. 6.10.
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An over-fitting frequently occurs when fewer training data is used. This leads to calculation
errors and a wrong ranking of the sensitivity index of each variable even if a small model
error is observed. An illustrative example of over-fitting which appears during the sensitivity
analysis is presented in Fig. 6.13 (corresponding to sampling size N=50 and motion intensity
PGA=0.3 g). With the increased sampling size, higher order SPCE models greatly reduce the
variability in the calculated sensitivity indices, since the over-fitting is effectively avoided and

the surrogate model permits to accurately predict the true numerical responses.
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Fig. 6.13 An illustrative example of over-fitting due to insufficient training data and the corresponding total Sobol’

indices.

Although the model error (s.00) appears to decrease with increasing polynomial degree p, the
convergences of COV of two variables are obtained as soon as p>6. This indicates that a sixth
order SPCE is possible to accurately substitute the true numerical predictions when the
sampling size is sufficient. For the adaptive SPCE-GSA method with a sampling size N=400,
the variability in the total Sobol’ indices of Vs and p is respectively equal to 0.5% and 10%.

Larger variations are observed for the total index of density, which is however not a problem
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since the absolute value of the index makes this variable unimportant (0.0164, see Table 6.3).

In summary, the best optimal manner to reduce the variability in the calculated sensitivity
index is to get more training points and select an appropriate polynomial degree. For the
former, this in general is practically difficult due to the limits of computational cost. Also, this
is not a cost-effective way since the greatly increased sampling size corresponds to a slow
decrease in the sensitivity index variability when the threshold is exceeded, as depicted in Fig.
6.11. For the latter, it is difficult to, a prior, know which SPCE order can exactly represent the
true model response while high order surrogate models induce more training points. Thus, an

algorithm to choose adaptively the optimal polynomial degree is important.

6.6.2 Input ground motion characteristics

To gain insights into the ground motion characteristics influence on the computed Sobol’
indices, three additional recorded accelerations, e.g., Nice, Northridge, and Kobe are selected.
The acceleration time-histories and the corresponding Arias intensities in the case of PGA=0.1
g are presented in Fig. 6.14a and 6.14b. The energy of the Kobe ground motion is about twice
the Nice one. The analyses are performed in the benchmark case (Table 6.2) with PGA
amplitudes equal to 0.1 g and 0.3 g. The evolutions of the total Sobol’ indices for different
input ground motions considering weak and strong intensities are respectively presented in

Fig. 6.14c and 6.14d.

For the case of a PGA=0.1 g, V; is always the most important variable and the Sobol’ indices
of each variable for different ground motions are almost identical. The input ground motion
influences on the calculated sensitivity indices are strengthened with the increase of the
motion intensity (i.e., 0.3 g), because of the different soil nonlinearity levels. The Northridge
ground motion induces the maximum V; sensitivity index, while the Kobe ground motion the
minimum one is found. This could be attributed to the fact that the Kobe ground motion has
the largest energy and induces significant soil plasticity, thus it enhances the role of the
related variables (i.e., v, C, ¢, My). Moreover, strong interaction effects between different
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variables appear for the Kobe ground motion (i.e., the sum of the total Sobol’ indices is larger
than 1). In summary, the ground motion characteristics have an unimportant influence on the
computed sensitivity indices when the soil behaviour is linear. However, an influence appears
and increases with the soil nonlinearity increasing levels. For the cases analyzed, Vs and M,

are the two most important variables for each ground motion.
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Fig. 6.14 Influences of the input ground motions: (a) acceleration time-histories (scaled to 0.1 g, the acceleration
time-history of Friuli can be seen Fig. 6.2a); (b) Arias intensities of input ground motions with an amplitude of 0.1

g; (c) Total Sobol’ indices for PGA=0.1 g; and (d) Total Sobol’ indices for PGA=0.3 g.

6.7 Conclusions

This chapter presents a global sensitivity analysis based on the sparse polynomial chaos
expansions method to investigate the relative importance of seven variables on the variability
in the tunnel seismic deformations. The analyses are performed in a wide range of cases, to
fully consider the possible probabilistic scenarios of a real tunnel project. The results illustrate
the accuracy and efficiency of the SPCE-GSA method for the tunnel seismic analysis.
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Following the procedure presented herein, shows that this method has the capability of

performing sensitivity analyses of other more realistic cases.

The study reveals that Vs dominates the tunnel seismic deformations for weak motion cases.
Increasing the motion intensity, the influence of V, gradually decreases while the influences of
M; for the soft soil and ¢ for the stiff soil greatly increase. This is due to the shear modulus
reduction and soil plasticity. The influences of other random variables are generally minor,
thus they should be considered as deterministic ones. The interactions between Vs and Mg, Mg,
and ¢ in the soft soil subjected to strong motions appear especially when the variation degree
of Vs is not high. Moreover, the decreased variation degree of a variable generally leads to a
reduction in its sensitivity index. However, a relatively small variation of the variable can still
have a pronounced influence (Fig. 6.9). Furthermore, the influences of the ground motion
characteristics on the computed sensitivity indices increase with increasing the soil

nonlinearity level.

The Sobol’ indices predicted by the SPCE-GSA method are related to the accuracy of the
constructed surrogate model. Getting more training points and selecting an appropriate
polynomial degree could guarantee that the constructed surrogate models can well represent
the true numerical responses. It, therefore, decreases the variability in the calculated

sensitivity indices.
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Chapter 7

Probabilistic seismic response of tunnels in random soils:

Statistical analysis

7.1 Introduction

In the current seismic analysis and design practice, the seismic response of a tunnel is
evaluated using a deterministic approach. This kind of analysis, however, has no capability of
considering the soil parameters uncertainties and quantifying their influences on the tunnel
seismic response. Because of the lack of information and the inherent soil properties
uncertainty, the accurate prediction of the seismic response of tunnels is often challenging.
Therefore, considering the uncertainty of the soil-tunnel system and variability in the tunnel

seismic response appears to more rational.

This chapter aims to quantify the variability in the tunnel seismic deformations caused by
uncertain soil and damping model parameters. The statistical characteristics in terms of mean,
variance, and coefficient of variation of the tunnel deformations are examined through
two-dimensional plane strain nonlinear finite difference models (i.e., the same as the one used
in Chapter 6) combined with Monte Carlo simulations. To address some limitations of the
existing studies, several uncertain scenarios are investigated. Analyses are performed for a
wide range of soil shear wave velocities, ground motion intensities, lining Young’s moduli,
correlation structures, distribution types, and coefficients of variation. Finally, the impact on a

reliability-based seismic design of tunnels is discussed.
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7.2 Monte Carlo simulation

This section first introduces an advanced sampling method named Latin hypercube sampling,
to improve the sampling quality (i.e., speed up calculation convergence). Then, the sample

size to guarantee the calculation accuracy is discussed.

7.2.1 Latin hypercube sampling

When employing the Monte Carlo simulation, the challenge lies in how to improve the
calculation efficiency. To do so, the Latin hypercube sampling (LHS) technique (Iman, 1999)

is used to generate the input samples.

LHS uses a stratified sampling scheme to improve the coverage of the input space. The
stratification is accomplished by dividing the graph vertical axis of the cumulative
distribution function (CDF) of a random variable into n non-overlapping intervals of equal
length, where n is the sample size. Then, the LHS scheme requires a random value selection
within each of the n intervals. Exactly one value will be selected from the corresponding
intervals on the horizontal axis. Each interval for each variable is sampled only once, and the
univariate sample values are randomly matched across all the variables to form the n sample
points by permuting each factor column in the design. It is found that the computational cost
saving in sampling is reduced by a factor of 20 to 100 when using LHS rather than a simpler
random sampling to estimate the mean and standard deviation of the model responses (Iman,

1999; Toufigh and Pahlavani, 2018).

To help to understand, Fig. 7.1 shows 50 sampling points for a set of two variables using the
random sampling and LHS methods, where variables (x;, x,) are independent and uniformly
distributed on the interval (0, 1). As observed, the points generated by the random sampling
method are not uniformly distributed and some points are replicated, whereas LHS improves

the sampling quality.
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Fig. 7.1 Comparison of sampling point distributions generated by two sampling methods in 2D: (a) random

sampling; and (b) Latin hypercube sampling.
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Fig. 7.2 Mean and standard deviation of the tunnel deformation as a function of the number of simulations for the

reference case when PGA=0.3g: (a) mean value; and (b) standard deviation.

7.2.2 Sample size

To obtain reliable statistical results, the sample size should be determined first. Fig. 7.2 shows
the mean value and standard deviation of the tunnel maximum deformation as a function of
the number of simulations for the reference case subjected to a strong ground motion
(PGA=0.3 g). It can be observed that stable results are obtained as the simulation number
reaches 500, and the corresponding statistical moments are very close to the ones of 1000
simulations. Therefore, stochastic analyses are performed by adopting 500 deterministic
realizations. This number is used as a default in the following work if it is not specifically

pointed out.
157



7.2.3 Probabilistic models

The deterministic numerical model used in this chapter is the same as the one used in Chapter
6. The probabilistic input models of the seven studied variables as tabulated in Table 6.2 are
used as the reference case. In this chapter, only Friuli ground motion is selected as the seismic
input. More details are not presented in this section, readers can refer to the content of section
6.3. Fig. 7.3 shows the main scheme to quantify the statistical characteristic of the tunnel
seismic deformation in the framework of Monte Carlo simulations. It includes the uncertainty

inputs, a 2D soil-tunnel numerical model, and the uncertainty propagation process.
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Fig.7.3 Uncertainty quantification in the framework of Monte Carlo.

7.3 Results of the reference case

The probabilistic analysis of the reference case (Table 6.2), which allows showing the basic
deformation characteristic of a tunnel in random soils is presented. In this study, a link
between FLAC and MATLAB software is built to automatically exchange the data (variables
input and responses processing). To consider different levels of soil nonlinearity, the

amplitude of the Friuli ground motion varies from 0.05 gto 0.3 g.
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Fig. 7.4 shows the computed tunnel deformations time-histories, histograms of the maximum
tunnel deformation, and the corresponding probability of exceedance (POE, the probability of
a stochastic process exceeds a critical value) for two ground motion intensities. Three types of
probability distributions (e.g., normal, lognormal, and gamma) are adopted to fit the
computed deformation responses. The majority of the tunnel responses are in the elastic range
for PGA=0.1 g, leading to a small variability in the computed deformation time-histories, as
shown in Fig. 7.4a. The maximum deformations appear to be symmetrical and result in a
smooth POE curve. Increasing the ground motion intensity to 0.3 g, the soil nonlinearity
influence increases, and the deformation time-histories show a larger variability. Furthermore,
the deformation histogram is found to be more complex, having multi-peaks and a heavy left

tail. Hence, the deformation responses are difficult to characterize by simple probability

distributions, as observed in Fig. 7.4f.
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Fig. 7.4 Computed deformation time-histories and histograms of the maximum deformation and the corresponding
probability of exceedance (500 MCs are also respectively fitted by normal, lognormal, and gamma distribution):
(@)~(c) PGA=0.1 g; and (d)~(f) PGA=0.3 g.

The deterministic value Dy mean up, standard deviation op, coefficient of variation COV
(=ool o), skewness of the PDF curve for different motion intensities are shown in Table 7.1.
For the weak motions (i.e., PGA=0.05 g, and 0.1 g), the mean values of the stochastic

responses are identical to the deterministic results. It implies that the soil parameters
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uncertainty introduces an unbiased effect on the tunnel deformations. The
Kolmogorov-Smirnov test shows that the computed tunnel deformations follow a normal
distribution with a significance level of 0.05. For the higher intensities (i.e., PGA=0.2 g, and
0.3 g), the mean values are lower than the deterministic ones. A small portion of lower
deformation values is predicted (Fig. 7.4e), corresponding to a negative skewness value
(Table 7.1). As a result, the maximum deformation cannot pass the K-S test for normality. It is
found that the standard deviations appear to increase with the increase of ground motion
intensities. However, the COVs of the maximum deformations slightly decrease as the ground

motion intensity increases, with values approximately constant and equal to 0.2.

Table 7.1 Statistic moments of the reference case.

PGA (@) Dg(cm) wmp(cm) ep(cm) COV  Skewness K-S test

0.05 0.311 0.311 0.071 0227 0.234  Normal
0.1 0.658 0.658 0.153 0.233 0.340  Normal
0.2 1.479 1.445 0.296 0.205 0.012
0.3 2.449 2.300 0.387 0.168 -0.332

7.4 Parametric study

This section aims to further reveal the statistical moments of the maximum tunnel
deformations under different scenarios. Additional stochastic analyses are performed for a
wide range of soil types, lining Young’s moduli, coefficients of variations, distribution types,

and correlation structures.

7.4.1 Soil type and lining stiffness

Numerous deterministic studies have illustrated that the relative flexibility between the soil
and tunnel lining (i.e., flexibility ratio) has a direct effect on the seismic-induced tunnel
deformations (Bilotta et al., 2014; Bobet, 2010). To summarize the statistical characteristics
of deformations in a wider range, complementary studies are performed for a range of shear
wave velocities (Vs) and Young’s moduli of the lining (E;). The V; values vary from 200 m/s to
500 m/s, which corresponds to soft and stiff soils (Zoutat et al., 2018). Meanwhile, the value
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of E; is respectively equal to 20 GPa, 35 GPa, and 70 GPa, which depends on the lining
material (e.g., concrete, reinforced concrete and, cast iron) to consider flexible and rigid
tunnels. The mean, upper, and lower limits in the probability distributions of Vs and f.;, vary
in the exception of the variation degrees (Table 6.2). The other parameters are the same as the
ones adopted in the reference case. Considering all the combinations of V, E,, and PGA, a
total of 14500 (i.e., 3>3>3>500) dynamic time-history analyses are performed, requiring

around 1200 computational hours.
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Fig. 7.5 Histograms of the maximum deformations and corresponding probability of exceedance in the case of
V=500 m/s and E;=35 GPa (results of 500 MCs respectively fitted by normal, lognormal, and gamma distribution):
(a) and (d) PGA=0.1g; (b) and (e) PGA=0.2 g; (c) and (f) PGA=0.3 g.

Fig. 7.5 shows the representative results in terms of deformations histogram and POE,
corresponding to the cases of E=35 GPa, V=500 m/s, and three PGAs. Three major
differences can be seen when a comparison with the V=200 m/s (Fig. 7.4e) case is done.
Firstly, larger Vs will reduce the tunnel deformation ranges (i.e., [minimum, maximum]) for
the same lining stiffness and ground motion intensity, since the tunnel deformation depends
heavily on the surrounding soil responses (the stiffer the soil, the lower the deformation).
Secondly, the histograms show a long tail towards their right (i.e., larger deformations) and
this is more evident for higher ground motion intensities. This could be attributed to the soil

profiles generated with lower Vs values in the stochastic analysis. Thirdly, the lognormal
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distribution matches well the deformation responses (Figs. 7.5d~7.5f).
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Fig. 7.6 Probability density function and the corresponding POE for different values of E,, in the case of V;=200
and 500 m/s, PGA=0.2 g: (a) PDF; and (b) POE of the model response and lognormal fittings.

Fig. 7.6 shows the PDFs and POEs of the deformations computed with three lining Young’s

moduli. The comparisons correspond to Vs=200 m/s and 500 m/s, with a PGA=0.2 g. It is

found that, for the soft soil (i.e., Vs=200 m/s), when E, increases, the small deformations

probability increases. The PDF decreases in width as E; increases, due to the decreased upper

deformation limit. However, for the stiffer soil (i.e., Vs=500 m/s), when the lining stiffness

increases, both the PDFs and POEs are slightly modified. It means E; has an insignificant

effect on the computed tunnel deformations for stiff

deformations usually occur for flexible tunnels in soft soils.
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Fig. 7.7 shows the results obtained for different values of V, E,, and PGA, in terms of mean
values and standard deviations. As observed, both the mean values and standard deviations
increase with the PGA increases. The figure clearly shows that a tunnel with a lower stiffness
buried in a soft soil will have a larger mean deformation than one with a higher stiffness
buried in a stiff soil. This trend is observed for standard deviations only when the ground
motion intensity is low (i.e., PGA=0.1 g). It is found that, for higher PGAs (i.e., 0.2 g, and 0.3
g), the soil with a medium V; value will induce the larger standard deviations than one that
has a higher or a lower V; value. This will be discussed in detail in Fig. 7.8. Additionally, it
can be observed that the influence of E, is insignificant for a stiff soil (i.e., Vs=500 m/s). For
instance, the relationships of the mean and standard deviation versus the ground motion

intensity for different E, values are almost identical.

Table 7.2 Statistical moments for different values of Vs and E; in the case of PGA=0.3 g.
Ve (m/s) E;(GPa) Dg(cm) wp(cm) COV  Skewness

20 2.584 2422  0.201 -0.120
200 35 2.449 2301 0.168 -0.332
70 2.148 2,000 0.158 -0.193
20 0.881 1.086  0.534 1.235
350 35 0.869 1.059  0.526 1.240
70 0.847 1.004  0.522 1.100
20 0.533 0.640  0.486 0.972
500 35 0.515 0.622  0.505 1.620
70 0.479 0.582 0519 1.135

Table 7.2 shows the results of computed tunnel deformations for different soil conditions and
lining stiffness, in the case of PGA=0.3 g. For the soft soil (i.e., V=200 m/s), the mean
deformation is lower than the one computed in the deterministic analysis. While for the other
two soils (i.e., Vs =350 m/s, and 500 m/s), the computed mean deformations are larger than
the deterministic ones. This could be attributed to the heavy left tails with small deformations
for the soft soil, whereas the heavy right tails with larger deformations for the stiff soil, as
shown in Figs. 7.4 and 7.5. The skewness values also confirm this finding (i.e., a negative
value corresponds to a PDF towards the left or vice versa). Additionally, it can be observed

from Table 7.2 that the lining stiffness influence on the COVs is generally not pronounced. Its
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effect becomes progressively smaller as the Vi increases, despite a relatively small COV is

computed in the case of V=200 m/s.
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Fig. 7.8 Influences of V; on the variability in the tunnel deformation: (a) PDF for different values of V, in the case
of PGA=0.2 g; and (b) standard deviations for different values of Vs and PGA, in the case of E; =20 GPa.

The observation from Fig. 7.7b shows a nonlinear relationship between the standard deviation
with the V; value. To discuss in detail how the V, value affects the standard deviation of
deformations, a variety of Vs values, from 200 m/s to 500 m/s are investigated. The analyses
(10500 numerical realizations) correspond to E;=20 GPa and three PGAs. Fig. 7.8 presents the
standard deviation evaluations with Vs and the corresponding PDFs in the case of 0.2 g. The
critical V; that induces the maximum standard deviation is generally in the range between 250
m/s and 300 m/s. This is due to the high probability of generating both lower and higher V
profiles during random realizations for medium soils. This results in a wider deformation
interval as shown in Fig. 7.8a. Results also show that the standard deviation is more sensitive
to the change of V; for a higher PGA (i.e., 0.3 g), due to the increased influence of ground

motion intensity on the soil deformations.

7.4.2 Correlation between c and ¢

The input parameters are assumed to be independent in the previous analyses. In practice, a
negative correlation between the cohesion ¢ and the friction angle ¢ is widely reported

(Al-Bibbar et al., 2018; Fenton, 1999; Mollon et al., 2009, 2013). The correlation coefficient
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P, 1S generally lower than -0.8 (Phoon and Kulhawy, 1999a, 1999b). Positive p , values are
also encountered for some soils, for instance, a p,, value of 0.25 (Wolff, 1985), and 0.6 (Guo
et al., 2020). In this section, a range of p, values, from -0.8 to 0.8, is investigated to gain
insights into the influence of this parameter on the tunnel seismic deformations. The
analyses are performed in two scenarios: scenario 1 accounts for seven variables (reference
case); scenario 2 considers only the uncertainty of ¢ and ¢ whereas other parameters are
assumed to be constant. For two scenarios, the ground motion with an amplitude of

PGA=0.1 g and 0.3 g are considered.
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Fig. 7.9 500 pairs of ¢ and ¢ sampled with different correlation coefficients: (a) o ,~-0.8; (b) p.,=0.0; and (c)
Pe,=0.8.

Fig. 7.9 shows schematically 500 pairs of (c, ¢) sampled with three different correlation
coefficients (o.,=-0.8, 0, and 0.8). As observed, for the negative correlation, a lower value
of the c corresponds to a larger value of ¢, whereas a positive correlation leads to an increase
of the ¢ value as the ¢ value increases. When the ¢ and ¢ are assumed to be independent (i.e.,

£.,=0), these two parameters are randomly generated without any trend.
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Fig. 7.10 Computed maximum tunnel deformations considering different correlation coefficients in two scenarios:

(a) seven variables are considered; and (b) c and ¢ are only considered as variables.

Fig. 7.10 shows box-and-whisker plots of maximum tunnel deformations considering
different correlation coefficients in the case of PGA=0.3 g. The horizontal lines inside the
boxes indicate the median value, whereas boxes’ extremes indicate the first and third quartiles
of the computed deformation distribution. The whiskers in Fig. 7.10 extend to points that are
within 1.5 times the inter-quartile range, and deformations that exceed that range are
explicitly presented using cross symbols. For scenario 1, Fig. 7.10a shows that the variability
in the deformations is not sensitive to the correlation coefficients change. As the o, increases,
the median, maximum, and minimum responses tend to remain the same. However, when
cohesion and friction angle uncertainties are only considered (scenario 2), the variability in
the computed deformations increases as the correlation coefficient increases, as shown in Fig.
7.10b. For instance, the positive correlations lead to longer tails than negative ones while the

medium value is less influenced.

Table 7.3 illustrates the mean and standard deviations of the deformations, for different
correlation coefficients and ground motion intensities. The results show that computed mean
deformations of correlated cases (o, ,#0) tend to be close or identical to the independent case
ones (p.,,~0) for all the investigated cases. The correlation coefficients have also a negligible
influence on the standard deviations for scenario 1. When the variability in the tunnel

deformations is only induced by the uncertainties of ¢ and ¢ (scenario 2), the standard
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deviations increase with the correlation coefficients increase (Mollon et al., 2009), especially
for the large ground motion intensities. The different observations from these two scenarios
are due to the soil shear wave velocity (Vs) rather than the shear strength parameters (c, ¢)

which control the tunnel deformation responses, as shown in Fig. 7.11.

Table 7.3 Statistical moments for correlation coefficients py .

Mean Standard deviation
Scenario 1 Scenario 2 Scenario 1 Scenario 2
p 01lg 03g 01g 03g 01g 03g 01g 039
-0.8 0.653 2261 0.658 2444 0.152 0419 0.0027 0.015
-0.4 0.658 2273 0.658 2444 0.157 0427 0.0028 0.020
0 0657 2301 0.658 2443 0.153 0.387 0.0031 0.023
04 0657 2267 0658 2440 0.154 0418 0.0033 0.028
08 0657 2267 0658 2442 0.152 0415 0.0034 0.029
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Fig. 7.11 CDFs of the maximum tunnel deformations for two ground motion intensities (All: considering seven

variables, Vg: only V is considered as variable, (c, ¢): cohesion and friction angle are considered as variables with
Pe=0.0).

As observed in Fig. 7.11, the CDFs computed with only the V; uncertainty are almost
identical to the ones where seven variables are simultaneously considered. When only
considering ¢ and ¢ uncertainties, the CDF shows a steeper gradient. The influence of the ¢
and ¢ uncertainties on the tunnel deformations is insignificant regardless of the correlation
coefficients. Negative correlations tend to produce similar deformations for different
probabilistic analysis realizations. It then reduces the standard deviation of deformations. This
is due to the “averaging effect” which appears for negative correlation coefficients (i.e., large

¢ combined with small ¢ or vice versa, thus the soil for each realization is not easily close to a
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plastic state, Fig. 7.9a). For positive correlation coefficients, this averaging effect is not
present and the computed deformations are more sensitive to the (c, ¢) pairs on the
distribution tails. Specifically, small ¢ combined with small ¢ or vice versa, thus some soil
profiles are in an elastic state whereas others may experience a plastic state, the difference

between each realization is supposed to be larger (Fig. 7.9c).

7.4.3 Probability distribution and COV

Despite the normal distribution has been employed to characterize the uncertainty of soil
properties in many studies (Fenton, 1999; Guo et al., 2020; Jimenez and Sitar, 2009; Phoon
and Kulhawy, 1999a, 1999b, Toufigh and Pahlavani, 2018), the soil properties can also follow
a beta or lognormal distribution (or other distributions). Furthermore, the use of normal
distribution inevitably generates soil parameters without physical meaning in some cases. The
beta and lognormal distributions allow to naturally generate non-negative values. It is more
appropriate to describe the uncertainty of soil parameters. Three different types of probability
distributions (beta, lognormal, and normal) are employed to characterize the soil parameters
uncertainty. In this section, only the shear wave velocity is characterized as a random variable,
because of its significant influence. The parametric analyses correspond to Vs =500 m/s,

E;=20 GPa, and PGA=0.3 g.
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Fig. 7.12 Comparison between beta, lognormal, and normal distributions: (a) COV=0.1; (b) COV=0.2; and (c)
COov=04.
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For each distribution type, four coefficients of variation (i.e., COV), varying from 0.1 to 0.4
are considered. These values of COV are thought to be representative of the Vs variability
ranges for typical soils (Rathje et al., 2010; Sun et al., 2020; Toro, 1995). To visually
demonstrate the relative ranges of Vs generated, Fig. 7.12 presents a comparison between the
cumulative density functions (CDF) of the beta, lognormal, and normal distributions for
COv=0.1, 0.2, and 0.4. A lower bound (i.e., V, value of 120 m/s) is adopted to maintain
numerical stability for each probability distribution. As observed, negligible differences
between distributions appear for small coefficients of variation (i.e., COV=0.1), and the
differences increase with increasing COVs. Considering all the combinations of distribution
types and coefficients of variation, 12000 (i.e., 3>4>1000, around 1033 computational hours)
dynamic numerical analyses are performed. The number of numerical realizations (i.e., 1000)

in this case is higher than before (i.e., 500), to accurately capture the tail response.
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Fig. 7.13 Computed POEs for different distribution types and COVs.

Fig. 7.13 shows the POEs for different distribution types and coefficients of variation. As
observed, the differences of POEs computed by different distributions increase with the COVs
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increase. For a small variation degree (i.e., 0.1), the tunnel deformations are not sensitive to
the distribution types since the corresponding CDFs are almost identical (Fig. 7.12a). In this
case, it appears that the values of POE are slightly affected by distribution types only when
POEs are small (i.e., <10?). For larger variation degrees, the distribution types have an
increased effect on the tunnel deformations as the CDFs of the input variable are more
different (Fig. 7.12c). This is due to the different tail-behavior of the beta, lognormal, and
normal distributions. Additionally, it leads to an increase in the influenced POE range. For
instance, Fig. 7.13c shows that POE values lower than 0.1 appear to be significantly
influenced by the distribution types. The normal distribution has the largest probability of
generating smaller V; values at the left tail, and these smaller values correspond to higher
tunnel deformations. For COV=0.4, the maximum deformations calculated by the three
distributions are identical (D=5 cm) because the lower bounds of V; are reached (i.e., 120 m/s).
Due to the removed smaller Vs values, the differences in the small POE ranges appear to
decrease (Fig. 7.13d). The POE values show an increased difference for POEs greater than

0.1 (corresponding to larger Vs, Fig. 7.12c).

Results also show that for small POE ranges (i.e., <10, normal distributions induce the
highest POE value while lognormal distribution the lowest one. This is generally more
evident as the COV increases. Normal distributions predict a conservative POE value
compared to non-normal ones. It can be considered as the worst distribution (Mollon et al.,
2009; Pan and Dias, 2017). It means that the use of normal distribution to model the
uncertainty of soil parameters in this study stays on the safe side from the reliability

viewpoint.
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Fig. 7.14 Effects of COV on tunnel deformations computed with the lognormal distribution: (a) PDFs; and (b)
POEs.

To increase the understanding of the COV influence on the tunnel deformations, the
corresponding PDFs and POEs of deformations for four COVs are respectively shown in Figs.
7.14a and 7.14b, assuming that the shear wave velocity follows a lognormal distribution. The
deformations with a lower COV (i.e., 0.1) vary in a narrower range and have a steeper
gradient than the ones with a higher COV. Additionally, it appears that with the COV
increases, the PDF of deformations increases in width, and has a tail towards the right.
Therefore, for higher COVs, the POE values are larger (i.e., higher probabilities of failure).
For instance, the POE computed with a COV=0.4 can be about two orders of magnitude

higher than the POE with COV=0.1 in the case of allowed maximum deformation D=1 cm.

Table 7.4 summarizes the mean and standard deviation of computed tunnel deformations for
different distribution types and COVs. When the uncertainty of Vs increases (i.e., COV
increases), the computed mean deformations tend to increase. This is due to the larger
deformations that result from smaller Vs values (Fig. 7.14a). Results also show that the
distributions have an insignificant influence on the computed mean deformations for small
COVs while the influence will gradually increase as the uncertainty increases. Beta
distribution produces mean deformations that can be up to 9% higher than the ones computed
with lognormal distributions. For the normal distribution, the mean deformation is 6% higher
than the one computed with the lognormal distribution. Similarly, the standard deviation of
deformations also increases with the COVs increase. The distribution types can have a

significant influence on the variability in the deformations for larger COVs. For instance, the
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standard deviation of deformation with the beta distribution is 23% higher than the one
computed with the lognormal distribution. The standard deviation computed with the normal

distribution can be up to 46% higher than the one computed with the lognormal distribution.

Table 7.4 Mean and standard deviation for different distribution types and COVs.

Distributions  Statistic moments cov
0.1 0.2 0.3 0.4

Beta 0.556 0.622 0.750 0.949
Lognormal Mean 0556 0.612 0.724 0.874
Normal 0.557 0.631 0.766 0.877
Beta 0.134 0.322 0584 0.927
Lognormal Standard deviation 0.132 0301 0.495 0.754
Normal 0.139 0.388 0.724 0.956

7.5 Implications on tunnel seismic design

The tunnel will damage if the deformation exceeds a certain threshold. In current seismic
codes, the allowed maximum deformations are recommended for different serviceability limit
states in a deterministic framework, ignoring the variability associated with the tunnel
deformations. The uncertainty of soil properties, however, as in many studies (Al-Bittar et al.,
2018; Fenton, 1999; Guo et al., 2020; Mollon et al., 2009, 2013; Nedjar et al., 2007) showed

great importance for the reliability of geotechnical structures.

To consider the effects of soil properties uncertainty on the tunnel seismic design, a factor of
safety (FS) could be employed to link the target probability of exceedance POE+ with the

deterministic deformations (Dg) or allowable deformation through the following equation:
POE; = P[D > FS - D,] (7.1)

The target POEr may depend on the importance index and damage requirement of a specific
tunnel project. To illustrate in detail the relationships between the target POE+ and required

FS, the results of Fig. 7.7 (Vs=200 m/s, PGA=0.3 g) and Fig. 7.14 are revisited.
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Fig. 7.15 Relationship between the target POE and required FS: (a) E;; and (b) COV.

Fig. 7.15 can be used to choose a required factor of safety to satisfy the target probability of
exceedance for these two cases. Results show that a larger factor of safety is generally
required for flexible tunnels. For instance, if a target POE+ of 0.05 is needed for a tunnel with
E;= 20 GPa, a factor of safety of at least FS=1.25 would be required. For a tunnel considering
the value of Ei= 70 GPa, the required factor would be at least 1.18. If the FS is determined
based on a flexible tunnel, it will result in a conservative seismic design when this factor is
directly applied to a rigid tunnel. Additionally, Fig. 7.15b illustrates that the required FS will
be significantly reduced as the soil parameters uncertainty decreases. For instance, the
required FS decreases obviously from 4.1 to 1.5 when the COV varies from 0.4 to 0.1. To this
end, high-quality in-situ and laboratory tests are necessary to accurately characterize the soil

properties needed for seismic design, to further reduce the soil properties variability.

7.6 Conclusions

This chapter presents the uncertainty gquantification of seismic-induced deformations to
characterize the response variability caused by random soil properties. To this end, 2D
nonlinear finite difference numerical models combined with Monte Carlo simulations are
employed to perform stochastic dynamic time-history analyses of a soil-tunnel system.
Analyses are performed for a wide range of soil shear wave velocities, ground motion

intensities, lining Young’s moduli, probability distribution types, coefficients of variation, and
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correlation structures.

The random soil properties can have an important influence on tunnel deformations under
seismic loadings. The mean and standard deviations of deformations increase when the
ground motion intensities increase. Concerning the lining stiffness, the larger mean and
standard deviations are observed for flexible tunnels. However, the lining stiffness influence
is generally insignificant for tunnels in stiff soils. A critical shear wave velocity V; that causes
the highest deformations variability is observed. In this study, these values vary from 250 m/s
to 300 m/s. Generally, the correlation between the ¢ and ¢ has an insignificant influence on
the statistical characteristics of deformations, since the deformations are less influenced by
the soil shear strength parameters. However, when considering only the ¢ and ¢ uncertainty,

positive correlation coefficients can lead to slightly larger standard deviations.

The study also investigates the effects of using different distribution types to characterize the
V, uncertainty, assuming different variation degrees. It appears that the distribution types can
have an important influence on the tunnel deformations only when the variation degree is
high. This is due to the different CDF tails of the input variable. Compared to the other two
distributions, a lognormal distribution tends to produce the lowest mean, standard deviation,
and POE value in a small range. The normal distribution can be considered as the worst one
in terms of POE. The variation degree has a more pronounced influence on the tunnel

deformations, particularly for the POE values.

The uncertainty of soil properties on the seismic tunnel deformations can be properly
considered by introducing a safety factor that corresponds to a target POE. For preliminary
designs, it will not be possible to conduct direct Monte Carlo simulations to quantify the
variability of the seismic tunnel response due to the computational burden. Like the racking
ratio-flexibility ratio relationships (Bobet, 2010) employed for a quick estimation of the
tunnel deformations, the POE can be directly estimated if the statistical moments of
deformation distributions are known with confidence. In this case, the computationally

expensive stochastic numerical analysis will be avoided. Hence, to fully consider the
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uncertainty of the soil properties in a probabilistic-based design, a probabilistic chart should
be proposed in the future. It will guide the selection of an appropriate safety factor for a target

POE.
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Chapter 8

Conclusion

8.1 Summary and results

The purpose of this research work was to investigate the seismic response of tunnels
considering a dynamic time-history analysis within deterministic and probabilistic
frameworks. The main goal was to address several limitations of the previous studies that
cannot represent the actual soil-tunnel conditions such as the tunnel construction consequence,

multi-layered soils, as well as the inherent uncertainty of geotechnical parameters.

First, numerical investigations for the seismic analysis of tunnels were reviewed in
frameworks of deterministic and probabilistic (Chapter 2). The discussion was limited to a
brief presentation of two categories of numerical methods, namely the quasi-static and
dynamic time-history analyses. Despite great efforts that have been devoted to gaining a
better understanding of the earthquake effects on tunnels in various conditions, several key
questions required further research. Special attention was given to the frequency-dependent
Rayleigh damping that was commonly utilized in most nonlinear models to simulate damping
at small strains or to remain numerical stability. Different damping selection criteria and
determination approaches were proposed in the literature. However, the users determined
damping parameters with a certain degree of arbitrariness since there is no consensus

regarding the optimal approach.

This is why the importance of Rayleigh damping in nonlinear tunnel seismic analysis was
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evaluated in Chapter 3. It included three critical issues associated with the damping model
type (full, simplified or, extended), target damping ratio (&), and matching frequencies (fy,
f,). A full Rayleigh damping formulation was considered throughout this work. Five damping
determination approaches and six &, values (from 0.2% to 10%) were adopted in
two-dimensional plane strain numerical models that incorporated a linear elastic-perfectly

plastic constitutive model (Mohr-Coulomb shear strength criteria).

The influence of the damping determination approaches generally increased with increasing
&ar and motion intensity. It was commonly believed that an increased &, led to a reduced
tunnel seismic response. The average results (T/To,) obtained in this work were consistent
with this point of view, especially for weak ground motions. However, opposite trends were
observed for strong ground motions due to the modified soil nonlinearity by the value of &,
The influences of the damping determination approach and the target damping ratio were
more evident for high frequency components (Group A). Using solely the soil fundamental
frequency to determine the damping parameters conceptually underestimated the tunnel
seismic response. However, for some ground motions, this method appeared to calculate the
maximum tunnel response among other approaches for high target damping ratios and strong
nonlinearity cases. Besides, the use of an improper stiffness-proportional damping coefficient

resulted in a substantial increase in computational cost.

Then, excavation-induced stress disturbance influences on the tunnel seismic response under
no-slip and full-slip soil/lining interface conditions were assessed in Chapter 4, with the help
of the convergence-confinement method. The construction consequence affected tunnel static
behaviour and soil plastic zones. The results of the dynamic analyses revealed that the stress
relief significantly increased the seismic axial forces but had a negligible influence on the
seismic bending moments. Compared to the no-stress relief case, additional seismic axial
force increments were more evident for large relaxation coefficients under the full-slip case,
with a maximum ratio (i.e., SR) of 4. Furthermore, the upper and lower limit relationships
between the stress relaxation coefficients and the SR ratios were given for application

purposes.
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Chapter 5 investigated the underlying soft soil layer-tunnel seismic interaction. A theoretical
study was first performed to understand the propagation characteristic of a plane SH wave
propagated vertically through a three-layered elastic medium. The analytical results
demonstrated that the transmission coefficient of the incident wave decreased with increasing
the normalized wavelength (d//,, in the range from 0 to 0.5), especially for an interlayer with
a small stiffness. Then, parametric numerical analyses of an underlying soft soil layer-tunnel
system were conducted. The presence of an underlying soft soil layer reduced the seismic
internal force increments, worked as a natural damper. A critical thickness which was about
one time the tunnel diameter (i.e., d/D=1.0) was observed in this work. Compared to relative

stiffness and thickness, the relative position slightly affected the tunnel seismic response.

The variables that had the most or the least impact on the tunnel seismic deformation were
examined in Chapter 6. Seven geotechnical parameters were considered as random variables
and their probabilistic values were taken from the literature. In comparison with traditional
local sensitivity analyses, the sparse polynomial chaos expansions based global sensitivity
analysis (SPCE-GSA) provided satisfactory estimates with a lower computational cost.
However, its accuracy was related to the sample size and polynomial degrees used for
constructing the SPCE model. The analyses revealed that the soil shear wave velocity (V)
dominated the tunnel seismic deformations, particularly in the case of weak ground motions.
Nevertheless, the role of the modulus reduction factor (M;) increased for strong soil
nonlinearity cases and could even be the most important one when the COV of V, was

relatively low (i.e., 5%).

Finally, the variability in the tunnel seismic deformations caused by seven uncertain
geotechnical parameters was quantified in Chapter 7. The statistical characteristics in terms of
mean, variance, and coefficient of variation of the tunnel deformations were given for
different uncertain scenarios through Monte Carlo simulations. The results highlighted the
significant influence of uncertain geotechnical parameters on tunnel seismic deformations.
Flexible tunnels induced the larger mean and standard deviations. The lining stiffness

influence gradually vanished in stiff soils. Critical V; that caused the highest variability was
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observed. In this study, these values varied from 250 m/s to 300 m/s.

Generally, the correlation between the soil cohesion and friction angle had an insignificant
influence on the calculated variability, since deformations were less influenced by the soil
shear strength parameters. The distribution types of a variable (V) had an important influence
on the tunnel deformations only for high variation levels, due to the significantly different
tails of the cumulative density functions. A lognormal distribution appeared to produce the
lowest mean, standard deviation, and probability of exceedance (POE) in a small range while
a normal distribution was the worst case in terms of POE. The uncertain geotechnical
parameters on the seismic tunnel deformations could be properly considered by introducing a

safety factor that corresponded to a target POE.

8.2 Outlook

The four investigated aspects, including Rayleigh damping influence, tunnel construction
consequence, underlying soft soil layer, and uncertainty of the geotechnical parameters,
allowed to fulfill the initial objectives which were the motivation of this work. The following
improvements should be conducted to address the limitations of this research or to extend the

findings to a wider range of applications.

® The significance of the Rayleigh damping in a nonlinear numerical model was
assessed in this work, using only one soil profile. Previous studies on site seismic
response have demonstrated that the adverse effect caused by the improper use of
Rayleigh damping was even large for a deep or/and a soft soil deposit. For this kind
of geological configuration which is more complex than the studied one, the
appropriate determination of Rayleigh damping is expected to be more important.
The damping parameters should therefore be well-calibrated with caution. To
circumvent the frequency-dependent, an alternative approach is to avoid the use of
Rayleigh damping or to consider only a small target damping ratio when it has to be

utilized. A question arises “Is it possible to implement a frequency-independent
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damping model in the time-domain analysis?”.

The tunnel excavation-induced stress perturbation was simulated with a linear
elastic-perfectly plastic constitutive model for the soil. It cannot describe a real soil
nonlinear behaviour under cyclic loadings, which may significantly influence the
tunnel seismic response. Furthermore, stress relief leads to an excavation damaged
zone around a tunnel and generally shows a time-dependent effect (i.e., rock, clay). It
may be interesting to consider these construction consequences in future works.

This work demonstrated that an underlying soil layer would effectively reduce the
seismic actions on a tunnel. This soft soil layer worked as a natural damper that
attenuates the propagated ground motion. Analogically, Controlled Low Strength
Materials, Rubber-Sand Mixture, and Expanded Polystyrene Composite Soil are
expected to protect buried structures from the destroying earthquakes in the
framework of the geotechnical seismic isolation (GSI). Besides, the synthetic and
optimal design (i.e., Metasoil concept) of mechanical and geometry properties of the
GSI can be conducted according to the required safety level.

Uncertainties associated with geotechnical parameters were considered in a
soil-tunnel system using random variables. Despite the probability distributions and
properties that were taken from the literature, site-specific models are supposed to
improve the engineering insights. During this research, the spatial variability of soil
properties was discarded. To characterize this feature, a random field method should
be preferred. On the other hand, a sophisticated soil constitutive model generally
performs better than a simpler one to predict the tunnel seismic response. The main
problem is the fact that a more complex constitutive model has more parameters;
nevertheless, some of them are not easy to be determined based on laboratory tests,
they will then be subjected to uncertainty. For soil models with different levels of
complexity, a comparative study is therefore needed to tradeoff the high-fidelity and
robustness in random soils.

This work was limited to statistical characteristics (i.e., mean, standard deviation, and
COV) of the calculated tunnel deformations under seismic loading. Oppositely, the

probability of failure at a rare event (i.e., 10°~107) is generally the quantities of
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interest when dealing with the uncertain quantification under static conditions. To
estimate the failure probability of a tunnel for a given intensity measure (i.e., PGA,
S.), seismic fragility curves were proposed in practice considering the
record-to-record variability. Hence, two key questions emerge from the above:
“Uncertainty of geotechnical parameters and variability of the ground motions,
which is the more important one ?”. And “Is it necessary to consider small failure

probabilities for tunnels under earthquake loadings?”.

182



Appendix A

Table A.1. Input ground motions.

Group A
) . ) Rib Vs3o
ID  Earthquake Name  Year Station Name  Magnitude Mechanism
(km) (mf/s)
1 San Fernando 1971 Fairmont Dam 6.61 Reverse 25.58 634.33
2 San Fernando 1971 Lake Hughes #9 6.61 Reverse 17.22 670.84
3 San Fernando 1971 Pearblossom Pump 6.61 Reverse 35.54 529.09
4 Friuli_ Italy-02 1976 San Rocco 591 Reverse 14.37 649.67
5 Coyote Lake 1979 Gilroy Array #1 5.74 strike slip 10.21  1428.14
APEEL 3E Hayward
6 Livermore-01 1980 5.8 strike slip 29.19 517.06
SUH
Mammoth ) ) . .
7 1980 Bishop - Paradise Lodge 5.94 strike slip 18.85 585.12
Lakes-06
8 Irpinia_ Italy-02 1980 Brienza 6.2 Normal 41.73 561.04
9 Coalinga-03 1983 Sulphur Baths (temp) 5.38 Reverse 12.77 617.43
10 Coalinga-05 1983 Sulphur Baths (temp) 5.77 Reverse 9.75 617.43
11 Morgan Hill 1984 Gilroy - Gavilan Coll 6.19 strike slip 14.83 729.65
12 Morgan Hill 1984 Gilroy Array #1 6.19 strike slip 149  1428.14
13 Morgan Hill 1984 San Justo Dam (R Abut) 6.19 strike slip 31.88 543.63
14 Lazio-Abruzzo 1984 Atina 5.8 Normal 12.8 585.04
15 Hollister-04 1986 SAGO South - Surface 5.45 strike slip 11.15 608.67
Chalfant . . . .
16 1986 Bishop - Paradise Lodge 577 strike slip 14.99 585.12
Valley-01
Bear Valley #7_ Reverse
17 Loma Prieta 1989 . 6.93 . 68.22 509.87
Pinnacles Oblique
Group B
1 San Fernando 1971 Fairmont Dam 6.61 Reverse 25.58 634.33
Mammoth Long Valley Dam
2 1980 5.91 strike slip 10.31 537.16
Lakes-03 (Downst)
Mammoth Long Valley Dam ] .
3 1980 5.91 strike slip 10.31 537.16
Lakes-03 (L Abut)
Mammoth Long Valley Dam . )
4 1980 5.7 strike slip 12.75 537.16
Lakes-04 (L Abut)
5 Coalinga-01 1983  Parkfield - Fault Zone 11 6.36 Reverse 27.1 541.73
6 Coalinga-01 1983  Parkfield - Gold Hill 3W 6.36 Reverse 38.1 510.92
7 Morgan Hill 1984  UCSC Lick Observatory 6.19 strike slip 45.47 713.59
Chalfant Long Valley Dam o
8 1986 6.19 strike slip 18.3 537.16
Valley-02 (Downst)
Chalfant Long Valley Dam . .
9 1986 6.19 strike slip 18.3 537.16
Valley-02 (LAbut)
10 Chalfant 1986 Mammoth Lakes Sheriff 6.19 strike slip 34.92 529.39
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11

12

13

14

15

16

17

18

19

20

21

22
23
24

25

26

27

28

29

30

31

32

33

Valley-02
Whittier
Narrows-01
New Zealand-02

Loma Prieta

Loma Prieta

Loma Prieta

Loma Prieta

Loma Prieta

Loma Prieta

Loma Prieta

Loma Prieta

Loma Prieta

Northridge-01
Northridge-01
Hector Mine
Chi-Chi_
Taiwan-03
Chi-Chi_
Taiwan-03
Chi-Chi_
Taiwan-03
Chi-Chi_
Taiwan-04
Chi-Chi_
Taiwan-04
Chi-Chi_
Taiwan-06
Chi-Chi_
Taiwan-06
Cape Mendocino
Chuetsu-oki_

Japan

1987

1987

1989

1989

1989

1989

1989

1989

1989

1989

1989

1994
1994
1999

1999

1999

1999

1999

1999

1999

1999

1992

2007

Subst
Baldwin Park - N Holly
Matahina Dam

Belmont - Envirotech

Golden Gate Bridge

Piedmont Jr High School

Grounds

Point Bonita

SF - Cliff House

SF - Diamond Heights

SF - Presidio

SF - Rincon Hill

So. San Francisco_ Sierra

Pt.
LA - Chalon Rd
Vasquez Rocks Park

Hector

CHYO086

TCU075

TCU138

CHY042

CHY086

CHYO035

CHY086
Butler Valley Station 2

lizuna Mure

5.99

6.6

6.93

6.93

6.93

6.93

6.93

6.93

6.93

6.93

6.93

6.69
6.69
7.13

6.2

6.2

6.2

6.2

6.2

6.3

6.3

7.01

6.8

Reverse
Oblique
Normal
Reverse
Oblique
Reverse
Oblique
Reverse
Oblique
Reverse
Oblique
Reverse
Oblique
Reverse
Oblique
Reverse
Oblique
Reverse
Oblique
Reverse
Oblique
Reverse
Reverse

strike slip

Reverse

Reverse

Reverse

strike slip

strike slip

Reverse

Reverse
Reverse

Reverse

4.34

16.09

43.94

79.71

72.9

83.37

78.58

71.23

77.34

74.04

63.03

9.87
23.1
10.35

49.69

18.47

21.11

34.1

33.63

40.36

53.5

43.82

66.1

544.68

551.3

627.59

584.17

895.36

1315.92

614.57

582.9

594.47

873.1

1020.62

740.05
996.43
726

665.2

573.02

652.85

665.2

665.2

573.04

665.2

525.26

526.13
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Appendix B

This Appendix summarizes the equations employed by the two analytical solutions for
calculating the axial forces and bending moments for the no-slip assumption at the interface

in static conditions.

Bakker method (Bakker, 2003):

T I (O—V:o-h) “r _I_ (JU;Uh) T COS(ZQ) (B.l)

M = —(U"Z—Jh) ‘12 cos(26) (B.2)
Erdmann method (Erdmann, 1983):

The maximum normal force T..x and the maximum bending moment M.« are respectively

given by the following equation:

a B .
T. — ar (optap) + (1+12(1+vs)+4(1+ vs)) T . (oy—0p) (B 3)
max — (l+ﬁ+ a-B 2 14 a-(3—2vg) ) B-(5—6vs) . ap .
1+vs T12(3-4v5)(1+vs)  4B—4vs)(1+vs)  12(3—4v5)(1+vs)2
B .2
M _ (1+2(1+vs)) v X (oy—0n) (B 4)
max — 24 a(3-2vs)  B-(5-6vs) ap 5 .

T6(3—4v5)(1+vs) 4(3—4vs)(A+vs)  6(3—4vs)(1+vs)2

Esr3

EI

a= (B.5)

E

ST
B = — (B.6)
where o, and oy, are respectively vertical and horizontal stresses at the tunnel center depth, r is
the tunnel radius, @ is the orientation angle representing the position of observation points, v

is the soil Poisson’s ratio, El and EA are the flexural rigidity and the normal stiffness of the

lining, Es is the elasticity modulus of the soil.
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