
HAL Id: tel-04046872
https://theses.hal.science/tel-04046872v1

Submitted on 27 Mar 2023

HAL is a multi-disciplinary open access
archive for the deposit and dissemination of sci-
entific research documents, whether they are pub-
lished or not. The documents may come from
teaching and research institutions in France or
abroad, or from public or private research centers.

L’archive ouverte pluridisciplinaire HAL, est
destinée au dépôt et à la diffusion de documents
scientifiques de niveau recherche, publiés ou non,
émanant des établissements d’enseignement et de
recherche français ou étrangers, des laboratoires
publics ou privés.

Seismic analysis of a liquefiable soil
foundation-embankment system : life cycle performance

and mitigation
Christina Khalil

To cite this version:
Christina Khalil. Seismic analysis of a liquefiable soil foundation-embankment system : life cycle
performance and mitigation. Civil Engineering. Université Paris-Saclay, 2021. English. �NNT :
2021UPAST027�. �tel-04046872�

https://theses.hal.science/tel-04046872v1
https://hal.archives-ouvertes.fr


Analyse sismique d’un remblai et sa
fondation liquéfiable:
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Abstract

One of the main goal of the performance-based design is the probabilistic evaluation of the

system-level performance of structures due to earthquakes. To this aim, a framing equation

was proposed by the Pacific Earthquake Engineering Research Center based on the convolution

of all levels of ground motion, structural damage and loss. A key issue in this methodology is the

reliable assessment of the seismic damage potential. However, this methodology still presents

a weakness in assessing a Life-Cycle analysis for structures because the potential damage is

calculated from independent major events. Thus, this thesis assesses numerically a life-cycle

seismic analysis of an earth structure. For this purpose, an embankment model is used, and the

soil behavior is represented with an elasto-plastic multimechanism model. The finite element

method in time domain is used as numerical tool.

As an initial and a mandatory step for engineering design, virtual laboratory tests are

conducted as to identify the soil behavior, localize its critical state and calculate its resistance.

Loads were applied similarly to typical laboratory tests (monotonic, cyclic). In addition, a

dynamic analysis on a soil column is assessed in order to identify the in-situ response of the

soil and compare the liquefaction triggering between the laboratory results and the numerical

ones observed in field.

As this thesis deals with non-linear behavior of the soil, a large database in order to estimate

the potential embankment failure is needed. Thus, a key study in this thesis is the use of

real and synthetic earthquakes as inputs for dynamic analysis to examine the response of the

embankment. These earthquakes were chosen to be mainshocks only in order to be consistent

with the Performance Based Earthquake Engineering (PBEE) methodology. The potential

embankment failure is also assessed from global and local damage indices. Site and structure

specific approaches were interpreted.

However, in reality, a structure is not subjected to one event during its lifetime, but to

multiple dependent events. For this reason, a life-cycle analysis is conducted in order to calculate

the probability of survival of the embankment due to sequential events of mainshocks. For this

purpose, synthetic ground motion models were used to represent the hazard analysis of the

concerned site. The effect of different types of sequences and models was also assessed in this

part of the study.

Moreover, to approach realistic scenarios, the effects of aftershocks in the life-cycle analysis

is also assessed. The potential failure and the survival probability were calculated. More



importantly, the evolution in time of the fragility functions were also calculated. Finally, it

was assumed all over this thesis that the embankment was not subjected to repairs or soil

amelioration. For this reason, a natural biological mitigation method (i.e. MICP) was applied

on the embankment. The evolution of its performance as well as the change in the soil behavior

was also analyzed.

This thesis is part of a national French project called ISOLATE. It can be considered as a

reference case study for seismic assessment of embankment-type structures subjected to earth-

quake and provides a high-performance computational framework accessible to engineers.

Keywords: life cycle, PBEE, mainshocks, aftershocks, potential failure



Résumé

Pour la conception d’une structure, et dans le but de considérer sa capacité à résister des

tremblements de terre, le Pacific Earthquake Engineering Research Center a proposé une

méthodologie probabiliste prenant en compte les caractéristiques sismiques du site, l’évolution

du dommage de la structure et sa vulnérabilité. L’élément essentiel de cette méthodologie

est l’évaluation fiable du potentiel de dommages sismiques. Cependant, cette méthodologie

présente encore une faiblesse concernant l’analyse du cycle de vie d’une structure à cause de la

quantification des dommages à partir des événements indépendants. Ainsi, cette thèse cherche

à simuler numériquement le cycle de vie d’une structure. Pour cela, un modèle de remblai est

utilisé ainsi qu’un modèle élasto-plastique multi-mécanisme afin de représenter le sol.

Etant une étape indispensable en ingénierie, des essais en laboratoire virtuel ont été réalisé

pour identifier le comportement du sol, localiser son état critique et déterminer sa résistance.

Ces essais virtuels cherchaient à reproduire des essais effectués en laboratoire réel (considréelra-

tion de chargements monotones et cycliques) sur des réel échantillons de sol. De plus, la réponse

dynamique d’une colonne de sol a été évaluée afin de comparer la précision entre les prédictions

issues des tests de laboratoire et celles obtenues sur le terrain concernant la résistance des sols.

Cette thèse traitant le comportement non linéaire du sol, une base de donnée sismique im-

portante est nécessaire pour estimer précisément la défaillance potentielle du remblai. Pour

cela, des signaux réels et synthétiques ont été générés et utilisés pour l’analyse dynamique. Ces

signaux ont été choisis comme chocs principaux uniquement afin de suivre la méthodologie de

Performance Based Earthquake Engineering (PBEE). La rupture potentielle du remblai a été

évaluée à partir d’indices de dommages globaux et locaux. Une approche spécifique considérant

la structure et le site a été développée.

En réalité, une structure n’étant pas soumise, au cours de sa vie, qu’à un seul mais plusieurs

évènements sismiques dépendants, une analyse du cycle de vie du remblai a été menée afin

d’estimer la distribution de la durée de vie du remblai et de calculer sa probabilité de survie

suite aux évènements séquentiels de chocs principaux. Pour ce faire, des modèles synthétiques

de mouvement du sol ont été utilisés, tenant compte des aléas sismiques du site considéré. Les

effets des différents types de séquences sismiques et de modèles ont été évalués.



De plus, afin de s’approcher de scénarios réalistes, les effets des répliques sont prises en

compte dans l’analyse du cycle de vie. Le risque de dommage ainsi que la probabilité de survie

ont été calculés. Aussi, l’évolution temporelle des fonctions de fragilité a également été évaluée.

Finalement, une hypothèse de cette thèse était que le remblai ne subissait aucune réparation

et le sol aucune amélioration. Pour revenir sur cette hypothèse, une méthode d’amélioration

naturelle (MICP) a été appliquée au remblai. L’évolution de sa performance ainsi que le change-

ment de comportement du sol ont été analysés.

Cette thèse entre dans le cadre d’un projet national francais appelé ISOLATE. Elle peut

être vue comme une étude référence pour l’évaluation sismique de structures de type remblai

soumises à des séismes et fournir un cadre de calcul performant accessible aux ingénieurs.

Mots clés: cycle de vie, PBEE, chocs principaux, répliques, potentiel de dommages
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Introduction

Background and rationale

The standard definition of Risk, from a broad range of fields, is the probability that a certain set

of consequences occur given a hazardous scenario. Risk analysis is the process of determining

the probability of occurrence and consequences as well as evaluating the determined risks. Then,

risks are judged as acceptable or tolerable on the basis of exceeding a defined threshold level.

Risk management will then be determined from decision makers.

In earthquake related problems, the Pacific Earthquake Engineering Research (PEER) Cen-

ter developed a performance-based methodology for risk assessment. This methodology, called

the Performance Based Earthquake Engineering (PBEE), addresses the performance of the

engineering model in terms of levels of the design (risk of collapse, repair costs and post-

earthquake loss) (Porter, 2003; Baker and Allin Cornell, 2005; National Academies of Sciences

and Medicine, 2016; De Silva, 2020, among others). The objective of this methodology is to

estimate the frequency of a particular performance to exceed various levels of the design. This

can be translated into conducting a risk analysis in which the probability of collapse is de-

termined from the convolution integral of the probability of hazard and the consequent losses

related to it, such as:

P (collapse) =

∫

P (consequent losses related to the hazard) · P (hazard) (1)

According to the PBEE, four stages of the analysis should be determined. Each stage has

its own relation with the design model through a performance parameter that is linked to

the previous stage. Figure 1 frames schematically the required stages for a performance-based

assessment of a design. It should be mentioned that P (X|Y ) is the probability of X conditioned

on the knowledge of Y and λ(X|Y ) is the occurrence frequency of X given Y .

Thus, Equation 1 can be framed mathematically into Equation 2 in order to take into

account all the different stages of the analysis.

λ(DV |D) =

∫ ∫ ∫

P (DV |DM,D) · P (DM |EDP,D) · P (EDP |IM,D) · λ(IM |D)

·dIMdEDPdDM

(2)
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Figure 1: The probabilistic definition of the risk assessment according to the PBEE methodology
(Porter, 2003)

The first stage of the PBEE requires a Hazard Analysis that involves the quantitative esti-

mation of the ground motion hazards of the precised location. For this purpose, an Intensity

Measure (IM) parameter that characterizes the excitation is identified. In this stage, the knowl-

edge of the geologic evidence, the fault activity, the magnitude and the historical seismicity of

the studied region is required (Kramer, 1996; Bommer, 2002). The uncertainties in the earth-

quake size, location and occurrence time are accounted for through a Probabilistic Seismic

Hazard Analysis (PSHA) to obtain the probability that any IM will be exceeded at a particular

time period. The level of shaking produced from the seismic hazard analysis comes from the

contribution of the magnitude Mw, the source-to-site distance R and often the deviation of the

GM from the predicted value (ε) (Bazzurro and Allin Cornell, 1999).

After defining the main aspects that characterize the local seismic hazard, it is possible

to proceed with the selection of time histories considered as mainshocks. This later step is

important for geotechnical earthquake engineering problems because it is strongly related to

the nonlinear dynamic analysis. An adequate definition of the seismic input is needed in order to

choose the nonlinear time history dynamic analysis (Schwab and Lestuzzi, 2007). Nevertheless,

a large number of database is required in order to conduct such analysis. Moreover, sometimes,

available data resources are not available (i.e. not enough data for high magnitudes ground

motions) or inadequate to characterize the models due to several problems (i.e. near-fault

ground motions, basin effects) (Stewart et al., 2002; Luco and Cornell, 2007; Seyedi et al., 2010;

Sáez et al., 2011; Wang et al., 2020, among others). For these reasons, artificial or synthetic

earthquakes could be used. They are conducted based on several methods (i.e. stochastic

ground motion model, the composite source method, among others) and are useful in order to

represent particular conditions. Thus, both recorded and synthetic mainshock events can be

used.

The second stage of the PBEE methodology is the Structural Analysis, in which a structural

model of the facility is created, and an estimation of its structural response is measured in

terms of an Engineering Demand Parameter (EDP) conditioned on the seismic excitation and

design p[EDP |IM,D]. The structural model does not need to be deterministic as it sometimes
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include uncertainties in the characteristics of the model (i.e. mass, damping, deformations)

(Porter, 2003). As a primary cause of damages to the soil and the structures, liquefaction is

still considered as a disastrous phenomenon. It is defined as the loss of the soil of its shear

strength due to the excess of pore water pressure (Casagrande, 1936; Roscoe et al., 1958; Castro

et al., 1982; Sladen et al., 1985; Been and Jefferies, 1985; Ishihara, 1993, among others). In the

context of risk analysis, the damage of structures caused by liquefaction is assessed based on

the properties of materials, the pore water pressure generation and also the occurred damage

measures during and after the seismic event. The damage indices used to measure the potential

structural failure are either defined for each structural element (local) or related to the entire

structure (global) (Cosenza and Manfredi, 2000). As to account for the EDP, the damage

quantification depends on the type of the studied structure. For an embankment for example,

the crest settlement is the mode of failure usually studied to identify the structural response

(Swaisgood, 2003; Wu, 2014; Rapti et al., 2018; Gomez-Martinez et al., 2018; Lopez-Caballero

and Khalil, 2018, among others). Since the IM affects the seismic response of the studied

structure, the EDP is linked with it through damage levels. According to that, the damage

measures are related to the seismic inputs and the seismic vulnerability can be calculated from

the third stage of the PBEE.

After the accomplishment of the first two stages of the performance-based methodology,

the third stage can be conducted (i.e. Damage Analysis). The EDP is the input to a set of

fragility functions that model the probability of various Damage Measures (DM) conditioned

on the structural response and the design p[DM |EDP,D]. Fragility curves are functions that

represent the probability of exceeding a damage state (a value of DM) as a function of EDP

for a given IM (Shinozuka et al., 2000; Porter et al., 2007; Sáez et al., 2011; Zentner, 2017;

Oblak et al., 2020, among others). The final stage of the PBEE is the definition of the Decision

Variable parameter to estimate the probability of the performance conditioned on the damage

measure and the design p[DV |DM,D]. After all these stages, the risk assessment of the design

will be evaluated as acceptable or not.

Otherwise, structures, during their lifetime, are subjected to multiple earthquake events.

Conventionally, earthquakes are divided into clusters of mainshocks and aftershocks. In prac-

tice, from the PBEE methodology, structures are designed to resist the first damaging earth-

quake scenario. So this framework neglects the cumulative damage and the evolution of the

material properties issued from each occurring event (Iervolino et al., 2020). In addition, the

commonly used PSHA to select the corresponding ground motions, is intended to evaluate the

hazards from discrete independent events (i.e. mainshocks). Thus, for the aftershock occur-

rence, empirical scaling laws (i.e. Gutenberg-Richter, modified Omori’s law, Bath’s law) have

been proposed (Shcherbakov et al., 2005; Ruiz-Garćıa, 2012; Trevlopoulos et al., 2020). As for

the seismic vulnerability conducted from this methodology, the classical fragility curves repre-

sent the failure probability of one event of a given intensity only. More importantly, and in

liquefaction related problems, the initial state of the soil and its history of loading condition its



4 List of Figures

future behavior (Ishihara et al., 1975; Been and Jefferies, 1985; Sica et al., 2008; Lopez-Caballero

et al., 2016, among others). In this case, in order to calculate the cumulative damage induced

from multiple events, these aspects in the soil should be taken into account. On the opposite

to the structural response where scaling of the seismic inputs can be applied (i.e. incremental

dynamic analysis) (Vamvatsikos and Cornell, 2002; Iervolino et al., 2015, 2020).

On the other hand, when drastic damages occur as a consequence of liquefaction, there

is a need to develop various methods to improve the soil resistance. The typical methods

for liquefaction mitigation require the densification or compaction of the soil with mechanical

energy (Brennan and Madabhushi, 2002; Mitrani and Madabhushi, 2012; Montoya-Noguera and

Lopez-Caballero, 2016, among others). The disadvantage of these methods is that they may

be disruptive to existing facilities and cause extensive settlements. For this purpose, the step

change of the existing geotechnical practices is to improve the soil against liquefaction with

the use of natural biological solutions. Such processes are called Bio-mediated or Bio-inspired

processes and they provide somehow a sustainable ground improvement solution (Montoya and

DeJong, 2015; O’Donnell, 2016; Lin et al., 2016; Gomez and DeJong, 2017; Cui et al., 2017;

Lee et al., 2020; Zhang et al., 2020; Yu et al., 2020, among others).

According to the state of the art in the assessment of the earthquake-induced soil liquefac-

tion performed by the National Academies of Sciences and Medicine (2016), it is necessary to

“refine, develop, and implement performance-based approaches to evaluating liquefaction, in-

cluding triggering, the geotechnical consequence of triggering, structural damage, and economic

loss models to facilitate performance-based evaluation and design.” In this context, several Eu-

ropean or French projects have been initiated in order to emphasize the liquefaction related

problems. Recently, the European project LIQUEFACT, addresses the mitigation of risks due

to earthquakes induced liquefaction events in European communities with a holistic approach.

The project deals with the resistance of structures to earthquake events and the resilience of

the collective urban community in relation to their quick recovery. This project set seven ob-

jectives starting from developing a European liquefaction hazard map (Lai et al., 2019a,b) and

analyzing, with the aid of seismic centrifuge tests and field trials, the appropriate mitigation

techniques adapted in the selected areas for the project (Da Fonseca et al., 2019; Ramos et al.,

2019; Fasano et al., 2019; Rios et al., 2020). Finally, defining the vulnerability, resistance and

resilience that can be applicable across the varying tested regions (Borozan et al., 2017; Ferreira

et al., 2020).

On the other hand, the ongoing national French project, ISOLATE, from which this thesis is

a part, aims at characterizing and improving the soil against liquefaction. Moreover, conducting

physical and numerical models in order to assess the response of actual geo-structures (Semblat

et al., 2019). It set four objectives starting from a soil sampling characterization and in-situ

response to characterizing the effect of liquefaction on geo-structure and possible mitigation

techniques.
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Objectives of the thesis

The following thesis combines the essential and eventual steps required to conduct a seismic

analysis of a liquefiable soil foundation-embankment system, starting from a soil sampling

interpretation to a life cycle performance. Figure 2 represents the framework of this thesis and

its outline. The dynamic analysis is conducted on a particular geo-structures and an application

(sometimes an adaptation) of the PBEE methodology is assessed in this work. For this purpose,

an embankment model is used, and the soil behavior is represented from an elasto-plastic multi-

mechanism model. The finite element method in time domain is used as numerical tool.
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Figure 2: The thesis framework and outline

The significant questions that this work is trying to answer are the following:

1) What are the characteristics and the in-situ response of the soil used in this study?

2) Given a predefined seismic hazard, what is the co-seismic response of the concerned struc-

ture ? Is it affected by the type of seismic inputs used? In consequence, what will be its

fragility exposure?

3) After the co-seismic analysis, what would be the lifetime seismic analysis of the concerned
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structure? Should the multiple seismic inputs consists of mainshocks only or mainshocks-

aftershocks? How the fragility curves would evolve in this case?

4) Given an unacceptable risk, and thus a mitigation solution, does the response of the

geo-structure change after the mitigation application? Is the vulnerability also affected?

Each presented question develops a chapter that is briefed in the coming section. It should

be mentioned that in order to maintain focus on the conducted numerical study, the employed

FE formulations are briefed in each chapter but detailed in Appendix A.

Outline of the thesis

This thesis is arranged in five chapters, each self-contained as a journal paper (some already

published, under review or under preparation). The chapters are connected in sequence and

they can be classified under the evaluation of the seismic response of a geostructure (i.e. em-

bankment). An application or an adaptation of the PBEE framework is established.

Chapter 1. develops a fundamental and essential procedure for seismic analysis that con-

sists of the identification of the soil behavior. This chapter is a preliminary step before the

extension to a structure-foundation system in the other chapters. For this purpose, a soil

sampling interpretation and the in-situ soil response are conducted through virtual laboratory

tests. Consistency with the laboratory experiments is taken into consideration in terms of the

type of loading (i.e. regular and irregular loads) and the liquefaction resistance of the tested

samples is identified. In addition, a study on a soil column is conducted in order to compare

the behavior of the soil after the propagation of several seismic inputs. Finally, a statistical

approach is conducted in order to find the accuracy between the predicted laboratory results

and observed numerical results.

Chapter 2. studies the level of performance of the embankment in terms of the use of real

and synthetic seismic inputs. The intensity measure of the tested motions was analyzed, the

engineering demand parameter was calculated and linked with the mechanical soil behavior.

And finally, the fragility exposure of the concerned structure is evaluated. The reason behind

this study is to explore how the probability of failure of a structure can depend on selecting

real or synthetic motions.

Chapter 3. quantifies, for a defined working life of the embankment, the liquefaction-

induced damage due to sequential earthquakes (i.e. mainshocks). Because of the problematic

of the nonlinear behavior, the need of a large number of seismic inputs is required. In addition,

due to the findings of Chapter 2 that deduced only a slight difference in the response between

real and synthetic ground motions, two stochastic ground motion models, compatible with the
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PSHA of the site of concern, were used in this chapter. The probability of survival of the

embankment is calculated through non-parametric survival functions. These later estimate the

lifetime distribution as well as the Mean Time To Failure (i.e. failure being the exceedance of

a damage level) during the working life of the concerned geostructure.

Chapter 4., studies, for the same working life, the response of the embankment subjected to

sequences of mainshocks-aftershocks. This chapter is a continuity of Chapter 3, which means

that the same stochastic ground motion model is used to generate the mainshocks and the

methodology to calculate the survival probability is also the same. As for the generation of

the aftershocks, the Branching Aftershock Sequence (BASS) model is used. As a complement

to the survival probability, and to be compatible with the PBEE framework, a methodology is

proposed to calculate the fragility exposure of the embankment over its lifetime.

Chapter 5. aims to combine, from a phenomenological viewpoint, experimental and nu-

merical results to assess a mitigation application on a liquefiable foundation of the embankment.

The improvement requires the replacement of a treated material within an injection zone. The

effect of the number and type of the material, and the potential of liquefaction of the em-

bankment are discussed. The fragility curves are also drawn. Finally, a sensitivity analysis is

conducted to identify the ground motion parameter that controls the amelioration ratio of the

crest settlement. This chapter opens the perspective of the use of mitigation methods for a

lifetime analysis, and hence a connection with the previous chapters.
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Abstract

Laboratory tests with the association to in-situ tests are essential to characterize and identify

the soil behavior. But sometimes, these tests are not available or cannot take place. In addition,

due to their limitations, laboratory tests are sometimes not compatible with the field conditions

(i.e. heterogeneity, spatial variability, systematic errors). Thus, virtual laboratory tests can be

used as an alternative or a supplement to physical labs.

This chapter simulates virtual laboratory results on two soil specimens with a consistency with

the conditions of real experiments. The purpose behind this step is to characterize and identify

the soil behavior of specimens that will be used in field simulations. Thus, the response of in-

situ tests was assessed from a soil column composed of one of the tested samples.The accuracy

between the findings of laboratory tests and numerical response in terms of the liquefaction

triggering is developed through a sensitivity analysis.

This chapter is considered as an essential step that will allow the extension to structure-

foundation system in the following chapters. It is adapted and improved from a conference

paper cited as:

Khalil, C., and Lopez-Caballero, F. (2019). The effect of liquefaction-induced damage on

an embankment: “virtual” laboratory tests. In 3rd meeting of EWG Dams and Earthquakes.

An international Symposium, May 2019, Lisboa, Portugal.

1.1 Introduction

Liquefaction is one of the most devastating and complex behaviors that affect the soil and

causes damage to earth structures and foundations (Papadopoulou and Tika, 2016). It is used

in conjunction with variety of aspects that involve soil deformations and volume change, but

the generation of excess pore water pressure under undrained loading is kept as a common basic

definition of this phenomena (Kramer, 1996; Ueng et al., 2000).

The determination of liquefaction has been studied by several researchers since longtime.

First, it was introduced by Casagrande (1936), the concept of the critical void ratio, then its

formalized design procedure termed as the steady state approach and developed by Castro et al.

(1982). Then, an analogous concept of this later was the critical state concept (Roscoe et al.,

1958). Sladen et al. (1985) proposed an extension of the steady state concepts known as the

collapse surface. In addition, Been and Jefferies (1985) developed the so-called state parameter

for sands that combines the influence of the void ratio and the stress level with a reference to an

ultimate state to represent the soil behavior. It was agreed from all the workers on this subject

that the behavior of the soil is mainly governed by its volume change. When soils are sheared,

they increase in volume if they are initially “dense” or contract if they are initially “loose”.

Otherwise, for a structure to be resistant to seismic activities, its performance is analyzed

from a soil sampling interpretation until a site response analysis (Koutsourelakis et al., 2002;
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Elgamal et al., 2002; Sextos et al., 2003; Pitilakis, 2004; Bonilla et al., 2005; Pousse et al., 2006;

López-Querol and Blázquez, 2006; Lopez-Caballero et al., 2007; Huang et al., 2008; Xia et al.,

2010; Lopez-Caballero and Modaressi-Farahmand-Razavi, 2010, 2013; Ramirez et al., 2018;

Oblak et al., 2020, among others). In practice, laboratory (i.e. triaxial test, direct shear test)

(Ladd, 1974; Seed et al., 1976; Kokusho, 1980; Dobry et al., 1982; Xenaki and Athanasopoulos,

2003; Byrne et al., 2004; Yasuda et al., 2017; Pan and Yang, 2018, among others), centrifuge

(DeAlba et al., 1975; Brennan and Madabhushi, 2002; Zeybek and Madabhushi, 2019; Elgamal

et al., 2002; Maharjan and Takahashi, 2014; Tiznado et al., 2020, among others) or in-situ

tests (i.e. CPT, SPT) (Tatsuoka et al., 1980; Seed et al., 1983; Cruz et al., 2004; Da Fonseca

et al., 2010; Chandra et al., 2015, among others) identify the soil properties by collecting data

from definite experimental or field conditions. For these reasons, the findings of these tests are

sometimes not compatible with the realistic response in the field, or when structures take place.

For example, the cyclic stress-based liquefaction resistance is influenced by factors such as the

soil fabric, the age, the stress-strain history (Ishihara, 1993). These factors can be destroyed

by sampling and are difficult to replicate in the laboratory (Kramer, 1996). In consequence,

the interpretation of the soil behavior might be affected. Moreover, in-situ tests collect data

from sites that are gently sloped or not geographically complicated (Zhao et al., 2018; Montoya-

Noguera et al., 2019). Thus, the results of the soil behavior will be affected by site conditions

or restrictions (Youd and Idriss, 2001).

In order to overcome the challenges presented from experimental or in-situ tests and in

case of absence of these data (i.e. heterogeneity, sampling extraction), the application of mod-

ern technologies to develop virtual laboratories can be valid from powerful numerical models.

The advantage behind this application is the absence of the laboratory systematic errors (i.e.

fabrication, instrumentation, observation) and in-situ errors (i.e. anisotropy, stratigraphic ir-

regularities, spatial variability). Nevertheless, numerical models, if they do not project the real

case scenarios, they can also present numerical uncertainties (i.e. choice of boundary conditions,

initial conditions).

This chapter develops a fundamental and essential procedure for seismic analysis that allows

the determination of the soil behavior in order to extend the work to a structure-foundation

system. This procedure consists in conducting a soil sampling interpretation and identifying

the likelihood in-situ response. For this purpose, virtual laboratory tests are simulated on

two soil samples (Mat.1 and Mat.2 ) such as typical triaxial tests or shear tests. The effect of

the loading type is studied, hence regular and irregular loads are applied on each soil sample

and their liquefaction resistance is identified. Concerning the in-situ response, a study on a

soil column is conducted in order to compare the behavior of the soil after the propagation

of a seismic input. For this purpose, several number of real input ground motions are used.

Finally, a statistical approach is conducted in order to find the accuracy between the predicted

laboratory results and the observed numerical results on the liquefaction triggering.
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1.2 Soil constitutive model

The Ecole Centrale Paris (ECP) elastoplastic multi-mechanism model (also known as Hujeux

model) is the soil constitutive model chosen for this work and is written in terms of effective

stress (Aubry et al., 1986). The non-linearity of this model is represented by four coupled

elementary plastic mechanism: three plane-strain deviatoric plastic strain mechanism in three

orthogonal planes (k - planes) and an isotropic plane. The model follows a Coulomb type

failure criterion, contemplates the existence of dilatancy/contractancy phenomena, and uses

the critical state concept. The cyclic behavior is taken into account by a kinematical hardening

that is based on the state variables at the last load reversal. The model is written in the concept

of the incremental plasticity which divides the total strain into an elastic and a plastic part.

Refer to Aubry et al. (1982), Hujeux (1985) or Lopez-Caballero et al. (2003), among others

(or Appendix A) for further details about the ECP model. The soil parameters of each sample

are shown also in Appendix B. For the sake of brevity only, some model definitions will be

developed in this discussion.

Considering the well-known sign convention of the soil mechanics which sets the positive

sign to the compression forces, the yield surface of this numerical model is written in the k

plane as follows:

fk(σ, ε
p
v, rk) = qk − sinφ′

pp · p
′
k · Fk · rk , (1.1)

where p′k and qk are the effective mean and deviatoric values of the stress tensors. The pa-

rameters that control the behavior of the soil are Fk, which controls the isotropic hardening

associated with the plastic volumetric strain and rk, which controls the isotropic hardening gen-

erated by the plastic shearing. These two parameters represent progressive friction mobilization

in the soil. At perfect plasticity, the product Fk · rk reaches unity.

1.3 Laboratory tests simulations

The behavior of the soil is mainly governed by its volume change. When soils are sheared, they

increase in volume if they are initially dense or contract if they are initially loose. In order to

validate this behavior, Casagrande (1936) conducted shear tests and found that “loose” sands

contracted and “dense” sands dilated until approximately the same void ratio was attained at

large strains. This latter was termed as the critical void ratio, and is affected by the mean

effective stress, becoming smaller as the stress level increases. The relationship between the

critical void ratio and the mean effective stress is called the Critical State Line (or locus)

(CSL). The critical state is the state at which a soil continues to deform at constant stress and

constant void ratio (Roscoe et al., 1958; Schofield and Wroth, 1968; Sladen et al., 1985; Been

and Jefferies, 1985; Ishihara, 1993, among others).

In the development of the constitutive models, a capture of the large-scale experience is
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essential. A basic assumption that a proper constitutive model for soils should adopt, is its

ability to represent the changes in the soil behavior caused by the changes in density (Been

and Jefferies, 1985). However, the relative density (or the void ratio) is rarely included as a

variable to model the soil behavior. For this purpose, the critical state concept has been the

preferred starting point of soil constitutive models (Been and Jefferies, 1985). According to

this concept, the macroscopic behavior of sand is related to the proximity of its initial state to

the critical state or steady-state rather than to the absolute measurements of its density (Been

and Jefferies, 1985; Ishihara, 1993). The soil state is defined in the e− p′ − q space where e is

the void ratio, p′ (i.e. = (σ′
1+2 ·σ′

3)/3) is the mean effective stress and q (i.e. = σ′
1−σ′

3) is the

deviatoric stress. The point where the stress path turns its direction in this space is called the

transformation phase because it defines a transient state in which the change from contractive

to dilative behavior occurs in the sand (Ishihara, 1993). In the work of Sladen et al. (1985), the

peak points of undrained effective stress paths in terms of the major s′ (i.e. = (σ′
1+σ

′
3)/2) and

minor t (i.e. = (σ′
1 − σ′

3)/2) stresses is called the Collapse Surface (lately also called Instability

Line (Ishihara, 1993; Lade, 1994; Lade and Ibsen, 1997)). For liquefaction to occur, the soil

state has to reach the collapse surface and the shear stress must exceed the steady state shear

strength.

The purpose of this section is to simulate laboratory tests in order to represent the soil

behavior of two sand materials. Typical laboratory tests conditions and loads are going to be

applied.

1.3.1 Defining the soil behavior

Similar to any common laboratory test, first, monotonic triaxial tests are conducted in order

to understand the type of the material and estimate its behavior once subjected to different

types of loading. Hence, drained and undrained monotonic triaxial tests were simulated on the

tested materials. It should be mentioned that the triaxial test has been a preferred method

to determine the soil parameters because its apparatus is widely available, and the sample

behavior will always be determined because of the minimization of the non-uniformities in case

of a contractive or dilative soil (Sladen et al., 1985). Different initial values of the mean effective

stresses were chosen (p′0 = 20, 50 and 70 kPa) for both materials. From the conducted test,

the stress path represented by the major and minor stresses (i.e. s′, t) from the undrained

monotonic triaxial tests is shown in Figure 1.1, and the variation of the volumetric strain from

drained monotonic triaxial tests is shown in Figure 1.2.

It can be seen from Figure 1.1 that the stress paths show a peak value before reaching the

CSL (or the line of maximum resistance). The collapse surface is therefore represented. From

Figure 1.2, the volumetric strain decreases to reach the CSL in the case of Mat.1 whereas it

increases towards the CSL in the case of Mat.2. From these “experimental” results, it can be

viewed that Mat.1 is a “normally consolidated” sand whereas Mat.2 is an “overconsolidated”

sand. It is true that the consolidation nomination is only applied for clay soils and is difficult to



14 1.3. Laboratory tests simulations

0 20 40 60 80

s' [kPa]

0

5

10

15

20

t 
[k

P
a

]

p'
0
 = 20kPa

p'
0
 = 50kPa

p'
0
 = 70kPa

Critical State Line

Collapse Surface

(a)

0 20 40 60 80 100

s' [kPa]

0

10

20

30

40

50

60

70

t 
[k

P
a

]

p'
0
 = 20kPa

p'
0
 = 50kPa

p'
0
 = 70kPa

Critical State Line

Collapse Surface

(b)

Figure 1.1: The stress path of a) Mat.1 and b) Mat.2 from the simulated undrained monotonic
triaxial tests
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Figure 1.2: The variation of the volumetric strain with respect to the mean effective stress for
a) Mat.1 and b) Mat.2 from the simulated drained monotonic triaxial tests

adopt for sands except for some cases (Biarez and Hicher, 1994). In this study, the nomination

of “loose” and “dense” sand will be related to the relative density Dr as will be shown later in

this section.

1.3.2 Effect of regular cyclic loading

In practice, the liquefaction charts are used to quantify the liquefaction triggering. These

charts are characterized by the severity of the earthquake loading and the soil resistance for

liquefaction (Seed and Idriss, 1971; Youd and Idriss, 2001; Sassa and Yamazaki, 2016, among

others). The level of the loading is characterized by the cyclic stress ratio defined by the ratio
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of the maximum cyclic shear stress to the initial effective confining pressure (i.e. CSR =

qcyc/2 · p
′
0 ). For the soil resistance, it can be identified by field measurements (i.e. N-values of

the SPT test, q-values of the CPT test and shear wave velocity) or laboratory tests (triaxial

tests; monotonic or cyclic, drained or undrained). In the case of regular loading, which is best

compatible with the laboratory experiments, different values of the cyclic shear stress were

considered in order to find the soil resistance. For Mat.1, the tested shear stresses are 8, 9, 10,

11 and 12 kPa, whereas 10, 11, 12, 15 and 20 kPa were tested for Mat.2. For the sake of brevity

only, one initial confining pressure is considered (p′0 = 50 kPa) and one example material is

shown for interpretation. The variation of the excess pore water pressure ∆pw and the axial

deformation ε1, in addition to the stress path of the regular load are shown in Figure 1.3.
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Figure 1.3: a) The variation of ∆pw (top) and ε1 (bottom) and b) the stress path of the regular
loading for Mat.1

It can be seen, that the excess pore water pressure increases until reaching the value of the

initial confining stress (50 kPa) for a certain number of cycles Ncycles indicating the liquefaction

occurrence. In consequence, axial deformation started to occur for the same Ncycles. As for

the stress path in Figure 1.3b, once the specimen reached the collapse surface, butterfly shapes

start to occur until reaching the CSL.

Concerning the level of loading for all the tested regular loads, the cyclic resistance is

represented in Figure 1.4 in terms of the cyclic stress ratio CSR and the number of cycles

Nf that generates an axial strain of 2% double-amplitude (DA) (Ishihara, 1993). It should be

mentioned that in theory, the generation of 5% DA is considered for liquefaction. But based on

recent studies, the occurrence of 2% or 3% DA axial strain can also be acceptable (Cubrinovski,

2011; Pan and Yang, 2018).

In Figure 1.4, a reference to an experimental study conducted by Byrne et al. (2004) on

Nevada sand for different values of relative densities is represented. Comparing the referenced

results to the ones simulated in this study, it can be deduced that Mat.1 has Dr ≈ 40% whereas

Mat.2 has Dr ≈ 50%. Hence, Mat.1 is shown to behave as a loose sand, so it will contract if
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Figure 1.4: The Variation of the Cyclic Stress Ratio CSR as function of the number of cycles
Nf for a) Mat.1 and b) Mat.2

sheered, whereas Mat.2 behaves as a dense sand, so it will dilate when sheered for lower p′0.

The results of the cyclic resistance for regular loading will be used in the continuity of this

chapter as a boundary to identify the liquefaction apparition.

1.4 Effect of initial soil state

It is known that liquefaction susceptibility depends essentially on the initial state of the soil

(Ishihara et al., 1975; Sladen et al., 1985; Been and Jefferies, 1985). It was presented so far

the behavior of two soil samples based on regular cyclic loading. The resistance of each sample

was represented in terms of their cyclic stress ratio CSR. This section will examine the change

in the CSR values considering different initial states. For this purpose, one soil sample will

be analyzed in order to maintain focus on the objective of this section. Hence, a drained

monotonic triaxial test is first conducted after which an undrained cyclic triaxial test will take

place. According to Pan and Yang (2018), in order to compare the different test configuration,

the initial confining pressure for all the cyclic tests is always p′0 = 50 kPa. It means that only

for the cases without preloading, the confining pressure is isotropic. For the other cases it is

anisotropic (i.e. q 6= 0). Figure 1.5a shows an example of the applied load. In this case, the

initial isotropic confining pressure of the static load is 48 kPa. The stress path of the conducted

test is shown in Figure 1.5b. It can be seen from this Figure that the soil specimen reached the

critical state during the cyclic load.

The cyclic resistance of the soil is taken into consideration with a reference to a recent

study conducted by Pan and Yang (2018). They conducted a series of undrained triaxial tests

on Toyoura sand at varying levels of initial deviatoric stresses to investigate the combined effect

of the static and cyclic shear. The cyclic stress ratio in this case will be CSR = qtot/2p
′
0 where
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Figure 1.5: a) An example of the applied load on the soil specimen and b) its stress paths in
p′ − q plan

qtot = qs + qcyc. In addition, the cyclic resistance could be quantified by the Cyclic Resistance

Ratio CRR that is the CSR required for failure at Nf = 10 (Nf being the number of cycle

that induced liquefaction) (Pan and Yang, 2018).

In the scope of this study, similar work is conducted on Mat.1 in order to calculate the

cyclic stress ratio for different values of initial deviatoric stresses. Thus qs = 3, 6, 9, 10 kPa and

qcyc = 7, 8, 9 and 10 kPa. The results are shown in Figure 1.6a. It should be noted that SSR is

the Static Stress Ratio and is equal to SSR = qs/2p
′
0. Clearly from this figure, when the initial

load increases (static in this case), the soil resistance increases. The effect of the variation of

the cyclic load affected the number of cycles such that when qcyc increases, less cycles Nf are

needed to reach liquefaction.

Moreover, a comparison with the results of the study conducted by Pan and Yang (2018)

is shown in Figure 1.6b. The CRR as function of the SSR is represented. The present study

shows compatible results with the cited one such that the CRR increases when SSR is between

0 and 0.1.

Finally, it can be concluded from this work that the initial state of the soil affects its

behavior as it increases its resistance to liquefaction. In addition, it was emphasized that the

used numerical model takes into account the history of the soil when sequential loads are applied

(an idea that will have lights in Chapter 3 and 4).
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Figure 1.6: a) the Cyclic stress ratio CSR for different values of initial deviatoric stresses and
b) the Cyclic Resistance Ratio CRR as function of the Static Stress Ratio SSR for Mat.1

1.5 Soil stability

Liquefaction is sometimes considered as the consequence of the collapse of a metastable ar-

rangement of soil particles (Been and Jefferies, 1985). The transition from stable hardening

behavior to sudden strength loss in undrained tests is represented from the Collapse Surface

that is sometimes considered as an Instability Line. For undrained conditions and compressive

material, the instability is self-sustaining and unconditional, whereas in drained conditions, the

instability is conditional and depends on the position of the stress state with respect to the

yield surface (Lade, 1994). It is important to mention that the instability of a soil might be

an initiation to liquefaction but it is not the only factor, since the shear stress has to exceed

the soil shear strength in addition to an excess of pore water pressure. Based on the sufficient

condition of stability predicted by Hill (1958), a stress-strain state is called “stable” if for any

increment in the stress and in its corresponding strain, the second increment of the plastic work

is strictly positive as shown in Equation 1.2 (Hill, 1958; Hamadi et al., 2008a,b, among others).

Because soils are non-associated plasticity materials, the instability is reached inside the plastic

limit, so the normalized second order increment of the work calculated based on Equation 1.3

will facilitate the detection of instability zones (Darve and Laouafa, 2000).

∀(dσ′, dε), d2W = dσ′
ijdεij > 0 , (1.2)

∀(dσ′, dε), d2Wnormalized =
dσ′

ijdεij

||dσ′
ij|| ||dεij||

. (1.3)

In order to verify if the collapse line is the transition to instability behavior, the second increment

of the work d2W is calculated forMat.1 for monotonic loads with three initial confining pressures

and a cyclic load with p′0 = 50 kPa. The material is considered unstable when d2W is negative
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(opposite of Equation 1.2). This variable was drawn in the major and minor stresses s′− t plan.

The results are shown in Figure 1.8, and when d2W is negative, it is designated with circles on

the stress paths.
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Figure 1.7: The second increment of the work d2W for Mat.1 for monotonic load
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Figure 1.8: The second increment of the work d2W for Mat.1 for cyclic load

For the monotonic loads in Figure 1.7a and for the tested confining pressures p′0, d
2W shows

negative values when the effective stress path reaches the collapse surface until the CSL. Thus,

the collapse surface designates the failure initiation state, above which, the material is not

stable. On the contrary, for the cyclic load (Figure 1.8a), the condition of stability predicted

by Hill (1958) is misleading as it only predicts the initiation of the soil instability but does not

correctly localize it. In addition, as shown in the work of Rapti (2016), this criterion is not

cumulative and gives only an image of instability at specific instants of the loading.

Thus, for engineering practices, in order to localize the seismic instability of structures,

a recall to stability analysis methods (i.e. limit equilibrium, pseudo-static analysis) is more
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general than the condition of Hill (1958) (Rapti, 2016). In Section 1.6, a parameter based on

the numerical model is going to be introduced as an instability indicator.

1.6 Local safety factor estimation through soil residual

strength

Stability analysis, in static or dynamic loads, is developed through traditional methods such as

the limit equilibrium or the pseudo-static analysis (Duncan, 1996; Lu et al., 2012). These meth-

ods require the identification of the soil physical characteristics in addition to the location and

the geometry of the structure of concern through laboratory test results and field investigations.

Without these information, the stability analysis will require some hypotheses that will expose

it to uncertainties (Huang and Yamasaki, 1993). These uncertainties are more important when

dealing with dynamic loads (Duncan, 1996; Kramer, 1996). For this purpose, non linear finite

element methods are proven to be more efficient in assessing numerical stability analysis and

identify the failure surface of an element at-risk.

It was seen in the previous section that the stability condition of (Hill, 1958) is only ap-

plicable for monotonic loads. Since dynamic stability analysis is more realistic, the common

approach of the existing stability analysis is to identify or assume a failure surface and assess its

factor of safety FS. In some cases, when developed FE models exist, the FS is assigned on each

point in a domain of interest in order to represent a failure surface and thus, it is designated

as a local safety factor LFS. The LFS is an indicator of how far from failure the current state

of stress is (Lu et al., 2012).

In the case of this study, the used ECP numerical model provides for any soil state, a

parameter that gives a direct measure of the “distance to reach the critical state”. Taking into

consideration the soil mechanics sign convention, the yield surface of the model written in the

k plane is presented in Equation 1.1.

The function Fk controls the isotropic hardening associated with the plastic volumetric

strain, whereas rk accounts for the isotropic hardening generated by plastic shearing. They

represent progressive friction mobilization in the soil and their product reaches unity at perfect

plasticity. Therefore, it is possible to define an apparent friction angle φapt as follows:

Fk = 1− b ln

(

p′k
pc

)

, (1.4)

pc = pco exp(β ε
p
v) . (1.5)

sin φ′
apt =

qk
p′k · Fk

. (1.6)

rapt =
sinφ′

apt

sinφ′
pp

. (1.7)

rapt varies between 0 and 1 where perfect plasticity is reached and could be defined as the
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inverse of a local safety factor (rapt = 1/LFS). Thus, the potential mean stress is evaluated

from the friction angle at the critical state φ′
pp and the current mean stress from the apparent

friction angle φ′
apt. A threshold value of the damage measure is taken as 0.75 (i.e. corresponds

to LFS ≈ 1.33) (Lopez-Caballero and Modaressi-Farahmand-Razavi, 2013; Rapti et al., 2018).

Since the behavior of the soil is mainly governed by its volume change, in order to explain

the meaning of the parameter rapt, drained cyclic shear tests were conducted on the tested

materials for an initial confining pressure p′0 equals to 50 kPa. The results of Mat.1 are shown

in Figure 1.9.
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Figure 1.9: a) The shear stress-strain of Mat.1 and b) the variation of the parameter rapt as
function of the shear strain γ

The non linear behavior is clear from the shear stress τ and shear strain γ curve in Figure

1.9. As function of the shear strain, the parameter rapt increases when the shearing increases.

At higher shear, rapt slightly increases its threshold limit and instability occurs. Clearly, the

soil state did not recover to its initial state since rapt, at the end of loading (red circle in Figure

1.9b) is not zero.

Similar interpretations can be conducted to Mat.2 in Figure 1.10. However, it is clear

that higher values of shear stress were applied comparing to Mat.1. This is due to the higher

resistance of this soil sample comparing to the previous one. Otherwise, rapt, at the end of

loading (red circle in Figure 1.10b) show that the soil did not recover.

In order to examine the values of rapt in terms of each cycle of load, Figure 1.11a shows

the evolution of this parameter as function of the maximum shear strain γmax at each cycle of

load for Mat.1. It is clear that rapt increases as the cycles of loads and the maximum shear

strain increase. Moreover, in Figure 1.11b it is shown the values of rapt for a monotonic load

and a cyclic shear test at the end of the cycle and the maximum values. It can be seen from

this figure that Mat.1 is exposed to failure rapidly when subjected to cyclic load rather than

monotonic load. In addition, rapt increases at the beginning of the load and then it tends to
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Figure 1.10: a) The shear stress-strain of Mat.2 and b) the variation of the parameter rapt as
function of the shear strain γ
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Figure 1.11: The evolution of the parameter rapt for Mat.1 after a monotonic and cyclic load
in terms of the maximum shear strain γmax

stabilize, independently of the loading type.

It was shown in this section that the parameter rapt can represent the instability localiza-

tion for cyclic loads. Thus, the ratio of apparent to critical friction angle represented by the

parameter rapt provides a reliable measure of soil strength, which takes into account the loading

history and can be used as a criterion for estimating the local state of soil for cyclic loads.
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1.7 Post liquefaction behavior

From the conducted virtual experimental tests, it was seen that the soil behavior can be rep-

resented with the critical state concept, for a monotonic and a cyclic load. In addition, the

stability theory of Hill (1958) can be misleading for a cyclic load, thus it was presented a model

parameter to represent the soil residual strength and was considered as an indicator of the

local safety factor. In this section, in order to track the liquefaction behavior of the soil, a

sequence of cyclic undrained tests followed by monotonic undrained tests will be conducted on

one tested material (Mat.1 ), for the sake of brevity only. Such tests will also give an idea about

the post-liquefaction behavior of the tested soil to estimate the bearing capacity of the soil after

the liquefaction. Figure 1.12a shows a loading type example of the conducted test. The stress

path in major and minor stresses s′ − t plane is shown in Figure 1.12b.
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Figure 1.12: a) A loading path example of the conducted test and b) The stress path in s′ − t
space for Mat.1

From the stress path in Figure 1.12b, and after few cycles, the soil reaches the collapse

surface and enters the instability zone to continue in a butterfly shape till the end of the cyclic

loading (purple path in the figure). Once the monotonic shaking starts to occur (blue path),

the soil reached the critical state rapidly.

Otherwise, Been and Jefferies (1985) developed the so-called state parameter for sands that

combines the influence of the void ratio and the stress level with a reference to an ultimate state

to represent the soil behavior. This reference should be independent of the test conditions and

it can be represented by the steady state (Casagrande, 1936; Schofield and Wroth, 1968; Been

and Jefferies, 1985, among others). For sands, it is measured after liquefaction and it is defined

as the locus of all points in e− p′ − q space at which the soil deforms under constant effective

stress and void ratio. It is interesting to note that both concepts (i.e. critical ans steady state)

are similar for sands. Some stresses at key points are related to the state index which are the

peak strength qp and the strength at steady state qs (Been and Jefferies, 1985; Ishihara, 1993,

among others). These two stress key points are shown in Figure 1.13 for a monotonic load alone
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(blue) and the sequence of cyclic+monotonic load (red). The chosen initial confining stress p′0

is 50 kPa. As seen from this figure and for this case, qp,mon is 18 kPa and qs,mon is 4 kPa.

Clearly, qp and qs are smaller than the ones for monotonic loads alone, which means that the

soil changes its behavior after the cyclic loading.
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Figure 1.13: The stress key points during a monotonic load alone and the sequence of
cyclic+monotonic load

Hence, in order to track the liquefaction occurrence, several values of deviatoric stress qd were

taken, in addition to different number of cycles Ncyc. Figure 1.14a shows the variation of the

normalized peak strength qp,cyc/qp,mon and Figure 1.14b shows the variation of the normalized

strength at the steady state qs,cyc/qs,mon as function of the deviatoric stress for different number

of cycles.

0 5 10 15 20 25

q
d
 [kPa]

0

0.2

0.4

0.6

0.8

1

1.2

q
p

,c
y
c
/q

p
,m

o
n
 [

k
P

a
]

N
cyc

 = 5

N
cyc

 = 10

N
cyc

 = 15

N
cyc

 = 20

(a)

0 5 10 15 20 25

q
d
 [kPa]

0

0.2

0.4

0.6

0.8

1

1.2

q
s
,c

y
c
/q

s
,m

o
n
 [

k
P

a
]

N
cyc

 = 5

N
cyc

 = 10

N
cyc

 = 15

N
cyc

 = 20

(b)

Figure 1.14: a) Variation of the normalized peak strength and b) Variation of the normalized
strength at steady state as function of the deviatoric stress

It can be seen from Figure 1.14a that with respect to the deviatoric stress, the soil does not

show resistance when subjected to high values of qd (i.e. qd > 10 kPa) independently to the
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number of cycles of the cyclic loading. Whereas for qd values less than 6 kPa, the soil shows

resistance due to values of qp,cyc/qp,mon close to unity. There is an interval where qd is between

6 to 10 kPa in which the number of cycles affects the response of the soil. When the number

of cycles increases the soil tends to lose its resistance. Notice that the same interpretation can

be done for the normalized strength at steady state in Figure 1.14b.

1.7.1 Concept of liquefaction resistance factor

The resistance factor against liquefaction FL expresses the severity of liquefaction (Yasuda

et al., 2017). It is a factor that takes place at post-liquefaction for a critical number of cycles

that is usually 15 (Stamatopoulos et al., 2015; Karimi et al., 2018). This factor FL is the ratio

between the cyclic stress that generates liquefaction (i.e. CSR for 15 cycles) to the applied

cyclic stress CSR. The FL factor was drawn for the tested material subjected to different values

of deviatoric shear stress with respect to the normalized peak shear stress and the one at steady

state. The results are shown in Figure 1.15. The critical values of FL are 0.8 and 1.25 and are

drawn as dashed lines in this figure (Yasuda et al., 2017).
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Figure 1.15: The resistance factor against liquefaction FL for the normalized a) peak and at b)
steady state shear stress

It should be mentioned that the same interpretation can be done based on either the normal-

ized peak strength or the strength at steady state (Figure 1.15a or 1.15b). It can be seen that

when FL is less than 0.8, the normalized strength is close to zero. This means that the soil was

not resistant to liquefaction and that failure occurred. It is interesting to mention that these

cases concerns the high values of deviatoric stress hence the applied CSR is high. However, for

FL greater than 1.25, the normalized strength is close to unity. So the soil for these cases was

resistant to liquefaction. Within the two critical values of FL, there is an intermediate range in

which the values of FL are either small or high. Relating this variation to the number of cycles

of the cyclic loading, it can be seen that when the number of cycles is small, the normalized
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strength is close to unity and hence the soil is resistant. When the number of cycles increases,

the soil tends to lose its resistance by reaching small values of the normalized strength (i.e.

black triangular shape which corresponds to Ncyc = 20).

1.7.2 Liquefaction resistance factor and local safety factor

It was mentioned in Section 1.6 that the parameter rapt can be interpreted as the inverse of

the local safety factor of the soil. The threshold value of this parameter after which instabil-

ities occur is 0.75, and perfect plasticity is reached when rapt = 1. In this section, it will be

presented the link of this parameter with the aforementioned liquefaction resistance factor FL.

As developed before, three zones can be identified based on the values of FL, which are No

Resistance, Intermediate and Resistance zone. The parameter rapt will be calculated for a case

in each zone. For the sake of brevity only, one number of cycle will be chosen Ncyc = 20. The

results are shown in Figure 1.16.

It can be seen from this figure that when the soil shows no resistance (Figure 1.16a), the

parameter rapt shows values that are greater than 0.75 during the cyclic shaking. For the zone

where the soil resists liquefaction (i.e. Figure 1.16c), the parameter rapt shows values less than

0.2, so the soil lies in the Resistance zone. However, after the cyclic load, the soil reached

instabilities due to the post event and its history of loading. For the Intermediate zone (Figure

1.16b), the soil tries to resist at the beginning of the loading when the values of rapt are small,

but then, it fails since rapt exceeded its threshold limit. Therefore, the interpretation developed

above regarding the effect of the number of cycles is valid in this case as well; when the number

of cycles increases, the soil tends to reach the critical state rapidly. Thus, it can be concluded

from this work that the post liquefaction behavior of the soil is affected by its history of loading.
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Figure 1.16: The parameter rapt for a) No Resistance zone, b) Intermediate zone and c) Resis-
tance zone for Ncyc = 20

1.8 Effect of irregular cyclic loading

In practice, the liquefaction potential is assessed from laboratory testing. The usual labora-

tory tests only deal with uniform sinusoidal cycles of loading. However, in real scenarios, the

earthquakes are not presented in these shapes. For this purpose, a recall to virtual laboratory

tests will be assessed and undrained triaxial tests with irregular cyclic loading will be applied

on the soil sample. An example of the used type of load is represented in Figure 1.17. In order

to compare with typical laboratory tests conducted in Section 1.3, the same values of the cyclic

shear stress will be considered which means that qcyc = 8 to 12 kPa, with some additional values

to 20 kPa. Similar to the analysis method of Section 1.3, the generation of the excess pore water

pressure ∆pw and the variation of the axial strain ε1 are found for the irregular loading. For

the sake of brevity, only one tested motion for one material (Mat.1 ) will be interpreted. The

results are shown in Figure 1.18.
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Figure 1.17: An example of an applied loading with earthquake shape

It can be seen from Figure 1.18 that the same interpretation for ∆pw and ε1 conducted

in Section 1.3 can be valid for this section. ∆pw increases at the beginning of the loading

until it reaches the value of the initial confining pressure of 50 kPa (i.e. the excess pore water

pressure ratio ru = ∆pw/p
′
0 = 1). For the stress paths of Mat.1 (Figure 1.18b), the soil enters

an instability phase once it reaches the collapse line after which butterfly loops start to occur

until failure is reached.

0 2 4 6 8

Step [1] 10
4

10

30

50

p
w

 [
k
P

a
]

0 2 4 6 8

Step [1] 10
4

0

5

10

1
 [

%
]

(a)

0 20 40 60 80

s' [kPa]

-10

-5

0

5

10

15

20

t 
[k

P
a

]

p'
0
 = 20kPa

p'
0
 = 50kPa

p'
0
 = 70kPa

Collapse Surface

Critical State Line

(b)

Figure 1.18: a) The variation of ∆pw (top) and ε1 (bottom) and b) the stress path of the
irregular loading of Mat.1

In applications of earthquake engineering, for practical purposes, recorded seismic motions

can be represented by an equivalent acceleration time history of a given amplitude that is

generally equal to 60% of the peak acceleration level of the seismic signal, the specific frequency

and the specific number of cycles (Seed and Idriss, 1971; Sladen et al., 1985; Kramer, 1996; Youd

and Idriss, 2001; Hancock and Bommer, 2005; Castiglia and Santucci de Magistris, 2018, among

others). Many researchers have proposed that the effective number of cycles of the ground
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motion is a more robust indicator of the destructive capacity of the shaking than the duration

(Hancock and Bommer, 2005). For this purpose, two approaches to calculate the number of

cycles are proposed and shown in Figure 1.19. The effective number of cycles Neff is the half

the number of half waves above 0.6 τmax inspired from Sassa and Yamazaki (2016). In addition,

from the viewpoint of counting cycles in fatigue, the number of cycles of the irregular loading

Nequiv is calculated (Rychlik, 1987; Nieslony, 2009). It is also called the rainflow counting

because of its comparison to the flow of rain falling on a pagoda and running down the edges

of the roof.
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Figure 1.19: The different methods for the number of cycles

The results of this figure are in agreement of Hancock and Bommer (2005) that among

the generic definitions of the number of cycles, the rainflow counting definition Nequiv has the

merit considering as the number of cycle for an irregular load. Hence, the cyclic stress ratio

becomes CSR∗ = qcyc/2 ·p
′
0 with qcyc = 0.6 ·qcyc,max. The results are shown in Figure 1.20a. The

grey dots designate the non-liquefied cases on the opposite of the blue dots that designate the

liquefied cases. The red curve on Figure 1.20a is the boundary generated by the experimental

data results developed in Section 1.3. From Figure 1.20a, it can be seen that the increase in

the cyclic stress affects the liquefaction occurrence for Mat.1. The cases that are below the

boundary did not mostly liquefy, on the opposite to the cases above the boundary that shows

liquefaction. However, the boundary of the experimental tests for Mat.2 underestimated the

resistance of the soil, since very few cases above the red curve liquefied.

It can be partially concluded that the laboratory tests may under-estimate the soil response

because the cases that were predicted to liquefy, did not do as such in the actual scenario. To

be more consistent with the realistic scenarios, in the next section, the in-situ soil response will

be studied from a seismic analysis on a soil column. Moreover, the liquefaction triggering will

also be examined in this case.
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Figure 1.20: Cyclic stress ratio CSR* for the case of irregular loading for a) Mat.1 and b) Mat.2

1.9 In-situ response - Study on a column

In the previous sections, the behavior of two soil samples was studied from simulated laboratory

experiments. The effect of irregular loading was taken into consideration in order to better

approach the realistic case of a soil subjected to earthquake, and hence to characterize the

liquefaction triggering. It was shown that Mat.1 is more susceptible to liquefaction than Mat.2.

Thus, this material will form the shallow layer of a 1D column and its behavior will be analyzed

after several seismic inputs. To take into account the dynamic effect, 447 different recorded

ground motions were used. The same elastoplastic multi-mechanism model is used to represent

the soil behavior.

This section will develop the results issued from possible in-situ tests for two seismic inputs

as an example. In addition, a comparison between the predicted and the observed results

between the laboratory and the in-situ tests will be discussed.

1.9.1 Geometry and finite element model

The column geometry, shown in Figure 1.21, is composed of 4 m of Mat.1 and 6 m of a dense

sand. The numerical computations were conducted with a 2D coupled FE modelling with

GEFDyn Code (Aubry et al., 1986), using a dynamic approach derived from the u−pw version

of the Biot’s generalized consolidation theory (Zienkiewicz, 1991). The FE model is composed

of quadrilateral isoparametric elements with eight nodes for both solid displacements and fluid

pressures. The element size is 0.5 m horizontally and 0.5 m vertically. An implicit Newmark

numerical integration scheme with γ = 0.625 and β = 0.375 and a time step ∆t = 10−3 was

assumed in the dynamic analysis (Kuhl and Crisfield, 1999). Only vertically incident shear

waves are introduced into the domain and as the response of an infinite semi-space is modelled,

equivalent boundaries have been imposed on the nodes of lateral boundaries (i.e. the normal
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stress on these boundaries remains constant and the displacements of nodes at the same depth

in two opposite lateral boundaries are the same in all directions). For the half-space bedrock’s

boundary condition, paraxial elements simulating deformable unbounded elastic bedrock have

been used (Modaressi and Benzenati, 1994). The incident waves, defined at the outcropping

bedrock are introduced into the base of the model after deconvolution.

Bedrock

Mat.1 SAND

DENSE SAND

1m

3m

6m

Figure 1.21: The column geometry

1.9.2 Analysis of the in-situ soil response

Typical to any conducted seismic analysis, the co-seismic damage and soil behavior will be

evaluated. The damage index, represented by the vertical settlement uz, is calculated as to

evaluate possible structure existence. The behavior of the tested material is evaluated at 3

m depth, represented by the shear stress and strain τ − γ curve. The liquefaction occurrence

is evaluated all over the depth of the column and is represented by the excess pore water

pressure ratio ru (i.e. = ∆pw/p
′
0). As to take into consideration the cyclic mobility and the

true liquefaction, it is assumed that liquefaction appears when ru > 0.8 (Rapti et al., 2018).

The evolution in time of the parameter rapt is also evaluated for the depth of the column. For

the sake of brevity only, two ground motions will be taken as an example. The weak one has

an outcrop acceleration amax,out of 0.1 g (Figure 1.22) and the strong motion has amax,out of 0.7

g (Figure 1.23).

For the co-seismic vertical settlement uz of the weak motion in Figure 1.22, it increases with

time until reaching a constant value at the end of the shaking. As for the soil behavior, and at

3 m depth, the shear stress and strain τ −γ curve shows irregular shapes and an increase in the

deformation during time. For the liquefaction occurrence of this seismic input example, it can

be seen from the ru values that the soil did not liquefy during time; ru did not reach the value

of 0.8. The parameter rapt has also small values in the two soil layers, which indicates that

instability did not occur during the co-seismic time of this example. It should be mentioned

that for the dense sand, it appears to have weird values at the beginning of the motion, but

after serious checks, those values are maybe due to the boundary conditions.
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Figure 1.22: The results analysis of the weak motion (amax,out = 0.1 g)

For the strong ground motion represented in Figure 1.23, it is clear that the induced damage

increases with time and the value of uz reached is more important than the previous example.

For the soil behavior at 3 m depth, the τ−γ curve shows hysteresis loops. As for the liquefaction

occurrence, it is clear from the values of ru that the dense sand did not liquefy, however, for

the loose sand, ru surpassed 0.8 around 60 seconds. After reaching this peak, ru decreases as a

result of the dissipation of the excess pore water pressure. In parallel, the parameter rapt was

higher than its threshold limit during the co-seismic time indicating instability zones. However,

at the end of the motion, this value decreases showing a “densification” of the soil.

In order to understand and examine the evolution in time of the parameter rapt in the

liquefiable layer, Figure 1.24 shows the values of rapt at 3m depth for two seismic inputs.

Clearly, in Figure 1.24a, instabilities did not occur since the threshold limit was not reached.

However, in Figure 1.24b, rapt exceeds 0.75 during time and the soil did not recover at the end

of this example motion, as an indicator of an instability occurrence.

After understanding the co-seismic in-situ response of the soil, an evaluation of the pre-

dicted responses from the laboratory tests with that observed from the numerical model will be

conducted in the coming section, as to compare the liquefaction triggering prediction of each

test.
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Figure 1.23: The results analysis of the strong motion (amax,out = 0.7 g)
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Figure 1.24: The values of rapt at 3m depth for two seismic inputs

1.9.3 Accuracy of the laboratory tests with respect to the in-situ

tests

In order to take into account all the tested ground motion and characterize the liquefaction

occurrence from the in-situ test results, the cyclic stress ratio is calculated for 447 ground

motions. Laboratory tests show that the cyclic shear stress required to trigger liquefaction
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increases at high effective confining pressures (Kramer, 1996). Seed and Idriss (1971) and Youd

and Idriss (2001) suggested correction factors to take into account the effect of the initial shear

stress (i.e. Kα) and the effective overburden pressure (i.e. Kσ). The field corrected cyclic

stress ratio for the case of this study is shown as a green curve in Figure 1.25a. This curve

will be considered as the new boundary for the coming tested cases. The cyclic stress ratio

was calculated similar to the case of irregular loading described in Section 1.8, in addition to

the same definition of the number of cycles (i.e. Nequiv). Liquefaction triggering was identified

from the excess pore water pressure ratio. The motions that did not liquefy are represented in

grey and the ones that did, are shown in blue.
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Figure 1.25: a) The cyclic stress ratio of the tested motions and b) the confusion matrix of the
tested motions

It can be seen from Figure 1.25a that there exist some cases where liquefaction did not

occur above the field corrected boundary. In addition to cases where liquefaction occurred

below the boundary. Hence, in order to better understand the accuracy of the laboratory tests,

confusion matrix is drawn and shown in Figure 1.25b. The concept of the confusion matrix and

what it represents are explained in Appendix C.1. In this study, the purpose of this matrix is

to summarize the performance of the soil based on both the actual observations (i.e. column

finite element simulations) and the predicted observations (i.e. virtual laboratory tests). From

Figure 1.25b, 147 cases are not supposed to liquefy based on the predicted laboratory test and

actually, they did not liquefy. These cases are called the True Negative (TN) results. Also, 253

cases are supposed to liquefy, and they liquefied based on the actual observations. Hence, they

are the True Positive (TP). On the contrary, 5 cases located above the field corrected boundary

did not liquefy based on the actual observations and they are called the False Positive (FP)
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data. And finally, the False Negative (FN) data (i.e. 42 cases) are the ones that were not

supposed to liquefy since their cyclic stress ratio is below the field corrected boundary, but

based on the actual observations, they liquefied. The FN data are considered as a dangerous

case for the decision making. They underestimated the response of the soil because the soil

that did not liquefy in the laboratory, had a different behavior in field. The FP data are also

not beneficial for the decision maker since in the laboratory the soil sample liquefied whereas

when the wave propagated in the realistic case, the soil did not liquefy. This means that

unnecessary precautions could be set in field if there was a reference to laboratory tests only.

The accuracy between the laboratory and the finite element method in this case is 89.49% (i.e.

(TN+TP)/(TN+TP+FN+FP)).

A partial conclusion can be deduced from this section is that the laboratory tests, in some

cases, under-estimate the response of the soil. Validation between laboratory and numerical

tests is an ideal procedure to represent the global behavior of the soil and the structure of

concern. It is interesting to mention that the limitation to a 1D soil column is not fully

representative, for this purpose, the coming chapters will develop the performance of a 2D

model, composed from the aforementioned soil layers with a geo-structure.

1.10 Conclusing remarks

Virtual laboratory tests were simulated in this chapter via an elastoplastic multi-mechanism soil

behavior model with the help of a finite element code (GEFDyn). These tests are useful in case

experimental data are not available or there is a need to predict the behavior of the soil in field.

They can also validate the laboratory tests and help for a better understanding of the global

response of the soil. Thus, two soil samples were tested. At the beginning their behavior was

identified from simulated triaxial tests as well as regular loading to trigger liquefaction. The

effect of the initial state of the soil and its history of loading were emphasized in this chapter.

In addition, for a better estimation of the realistic scenarios, earthquake loading were applied

on the soil samples and the change in the soil behavior was analyzed. In the final section,

the in-situ response of the soil was simulated from a 1D column after the propagation of 447

real input motions. Finally, an accuracy study between the laboratory and the finite element

methods was conducted with the help of confusion matrix.

The results have shown that the soil sample used later as a foundation (Mat.1 ) is loose

and has an ability to liquefy rapidly on the contrary to the second sample that had a higher

resistance to liquefaction. The cyclic resistance of the samples created a reference boundary

for liquefaction triggering. It was shown based on the application of irregular loads that this

boundary can sometimes underestimate the resistance of the soil sample (the case of Mat.2 for

example).

Concerning the in-situ response, the results of the soil resistance show that below a field

corrected boundary, the soil may liquefy whereas above it, the response will also depend on the
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severity of the earthquake.

As a conclusion, the laboratory tests in some cases, underestimate the soil response but

they are somehow accurate with the finite element models. Hence, for a decision making and to

a good estimation of the soil response, performing experimental and numerical tests together

will be more accurate.
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Abstract

The Pacific Earthquake Engineering (PEER) Center has developed a framing equation to study

the probabilistic evaluation of the system-level performance of structures due to earthquakes.

The proposed framework is based on the convolution of all levels of seismic hazard, fragility

and losses.

The purpose of this chapter is to evaluate the probability of the performance level of an

embankment subjected to earthquakes. The use of real and synthetic seismic inputs is going to

be tested. The engineering demand parameter as well as the fragility exposure of the structure

of concern are going to be evaluated.

This chapter is partially adapted from two publications on a similar embankment:

Khalil, C., Rapti, I., and Lopez-Caballero, F. (2017). Numerical Evaluation of Fragility Curves

for Earthquake-Liquefaction-Induced Settlements of an Embankment. In Geo-Risk 2017 , GSP

283, 21-30

Khalil, C., and Lopez-Caballero, F. (2019). Effect of synthetic ground motions on the lique-

faction induced settlements. In ICASP13: 13th International Conference on Applications of

Statistics and Probability in Civil Engineering, page Paper 232, Seoul, South Korea

2.1 Introduction

The seismic performance-based design requires the evaluation of the mean annual rate of ex-

ceeding different levels of loss due to the occurrence of earthquakes. For this purpose, a framing

methodology is proposed by the Pacific Earthquake Engineering Research and is based on the

convolution of all levels of ground motion, structural damage and loss (better known as seismic

hazard, fragility and exposure). This methodology is called the Performance-Based Earthquake

Engineering, PBEE and is presented in Figure 2.1.
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Figure 2.1: The steps of the Performance Based Earthquake Engineering methodology

In the scope of the PBEE, an identification of the Intensity Measure (IM) is essential in

order to evaluate the performance of the concerned structure. For this purpose, a seismic
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hazard analysis is needed in which the ground motion (GM) characteristics at a particular site

are identified through a Probabilistic Seismic Hazard Analysis (PSHA). This method combines

the uncertainties in the earthquake characteristics to obtain the probability that any IM will

be exceeded at a particular time period. The level of shaking produced from this analysis

comes from the contribution of the magnitude M , the source to-site distance R and often the

deviation of the GM from the predicted value ε (Bazzurro and Allin Cornell, 1999; Watson-

Lamprey and Abrahamson, 2006; Rathje and Saygili, 2011; Pitilakis et al., 2012; Causse et al.,

2014a; Iervolino et al., 2015, among others). The mean annual rate of exceedance λIM at a site

of specified level im takes the following form:

λIM(im) = λ(M ≥Mmin)

∫ ∫ ∫

P [IM > im|m, r, ε] · f(m, r, ε) · dmdrdε , (2.1)

where λ(M ≥ Mmin) is the mean annual rate of occurrence of earthquakes with a magnitude

greater than some specified lower bound Mmin, P [IM > im|m, r, ε] is the probability that IM

will exceed im at a given location for a given set of source parameters (m, r, ε) and f(m, r, ε)

is the joint probability density function of m, r and ε. After defining the main aspects that

characterize the local seismic hazard, it is possible to proceed with the selection of time histories.

This later step is important for geotechnical earthquake engineering problems because it is

strongly related to the nonlinear dynamic analysis. An adequate definition of the seismic input

is needed in order to choose the nonlinear time history dynamic analysis (Schwab and Lestuzzi,

2007). Nevertheless, a large number of database is required in order to conduct such analysis.

In this context, both recorded and synthetic earthquakes can be used. However, sometimes,

recorded data resources are not available (i.e. not enough data for high magnitudes ground

motions) or inadequate to characterize the site of concern (i.e. near-fault ground motions, basin

effects) (Stewart et al., 2002; Luco and Cornell, 2007; Seyedi et al., 2010; Sáez et al., 2011; Wang

et al., 2020). For this reason, calibrations can be used to adjust recorded ground motions and

to make them more representative of the analysis conditions (Stewart et al., 2002; Schwab and

Lestuzzi, 2007; Yamamoto and Baker, 2013, among others). Different ground motion models

(i.e. stochastic, composite source method, among others) exist in order to create artificial or

synthetic earthquakes that are able to represent particular conditions (Douglas et al., 2009;

Yamamoto and Baker, 2013).

Once the hazard analysis is known, the performance of the structure is identified in terms of

the probability distribution functions of the Engineering Demand Parameter (EDP). The mean

annual rate of exceeding a given level z of EDP is λEDP (z) and is given by:

λEDP (z) =

∫

P [EDP ≥ z|IM = im] · λIM(im) · dim . (2.2)

The term P [EDP ≥ z|IM = im] represents the probability of exceeding a specified EDP level

z given a specified level im of IM.



40 2.1. Introduction

A key issue in the performance-based design is its credibility in assessing a seismic damage

potential (Cosenza and Manfredi, 2000). Thus, a reliable definition of seismic intensity has to

relate the effect of damage on structural behavior (Equation 2.2). This site-specific approach

is important in order to assess the potential seismic hazard and to classify the seismic input.

On the other hand, the EDP should represent a structural damage measure. It corresponds

to a quantifiable measurement of the damage that represents the global potential of system

failure. Traditionally, the probability of failure for levels of EDP is calculated through fragility

curves (Sáez et al., 2011; Sfahani et al., 2015; Khalil et al., 2017; Zentner, 2017; Oblak et al.,

2020, among others). It is independent of the hazard analysis, thus, it is a structure-specific

approach.

Furthermore, soil liquefaction problems have never been old-fashioned in engineering prac-

tices. Liquefaction is still a major source of damage to buildings and infrastructure after major

earthquake events. The performance of geo-structures after this phenomena has been studied

through experimental (Brennan and Madabhushi, 2002; Zeybek and Madabhushi, 2019; Byrne

et al., 2004; Dashti et al., 2010; Maharjan and Takahashi, 2014; Tiznado et al., 2020, among oth-

ers) or numerical approaches (Koutsourelakis et al., 2002; Elgamal et al., 2002; López-Querol

and Blázquez, 2006; Huang et al., 2008; Xia et al., 2010; Lopez-Caballero and Modaressi-

Farahmand-Razavi, 2010, 2013; Lopez-Caballero et al., 2016; Rapti et al., 2018; Oblak et al.,

2020, among others). The principal conclusion of these works is that the characterization of

the soil liquefaction depends on the input signal and the properties of the soil.

The purpose of this study is to evaluate the seismic response of a liquefiable foundation.

A large number of seismic inputs is required, thus, the effect of both recorded and synthetic

earthquakes is studied in this chapter. This analysis will consist of the seismic response rather

than the seismic model. Thus, the effect of both types of motions will be analyzed by the

calculation of the potential structural failure. To this end, the significant questions that this

chapter is trying to answer are the following:

a) Are the chosen synthetic ground motions representative of the chosen real motions ?

b) How to calculate the global and local damage measures of the concerned structure?

c) How does the ground motion type (real or synthetic) affect the global response of the

concerned structure?

d) Are the obtained fragility curves of the structure affected by the seismic inputs?

To answer these questions, the methodology of the PBEE is analyzed from the parts designated

in red in Figure 2.1. The geometry model is an embankment and an elastoplastic multi-

mechanism soil behavior model is used in the 2D finite element simulations.
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2.2 Geometry and soil model

2.2.1 Geometry

The geometry of the model is a levee of 9 m high composed of dry dense sand. The foundation

is formed of 4 m loose to medium sand (LMS) on the top of a 6 m dense sand. The bedrock

is located under the dense sand. The water table is placed at 1 m below the surface to keep

the embankment dry. The inclination of the levee is a slope of 1:3 (vertical: horizontal). The

geometry in this work is inspired by Rapti et al. (2018); Lopez-Caballero and Khalil (2018),

and is detailed in Figure 2.2.

Dense sand

9m

20m

74m
Water table

Bedrock

LM SAND

LM SAND

DENSE SAND

DENSE SAND

1m

3m

3m

3m

194m

Figure 2.2: Geometry of the embankment inspired by Rapti et al. (2018); Lopez-Caballero and
Khalil (2018)

2.2.2 Soil constitutive model

As for the constitutive model, the Ecole Centrale Paris (ECP) elastoplastic multi-mechanism

model (also known as Hujeux model) is the one chosen for this study and is written in terms

of effective stress. The non-linearity of this model is represented by four coupled elementary

plastic mechanism: three plane-strain deviatoric plastic strain mechanism in three orthogonal

planes (k - planes) and an isotropic plane. The model follows a Coulomb type failure criterion,

contemplate the existence of dilatancy/contractancy phenomena, and use the critical state

concept. The cyclic behavior is taken into account by a kinematical hardening that is based

on the state variables at the last load reversal. The model is written in the concept of the

incremental plasticity which divides the total strain into an elastic and a plastic part. For

the sake of brevity only, the yield surface definition is presented in the following, however,

more details are presented in Appendix A. Considering the well-known sign convention of the

soil mechanics which sets the positive sign to the compression forces, the yield surface of this

numerical model is written in the k plane as follows:

fk(σ, ε
p
v, rk) = qk − sinφ′

pp · p
′
k · Fk · rk , (2.3)
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where p′k and qk are the effective mean and deviatoric values of the stress tensors and φ′
pp is

the friction angle at the critical state. The variables that control the behavior of the soil are

Fk, which controls the isotropic hardening associated with the plastic volumetric strain and rk,

which controls the isotropic hardening generated by the plastic shearing. These two parameters

represent progressive friction mobilization in the soil.

2.2.3 Finite element model

The computations were conducted by the coupled FE modelling code GEFDyn (Aubry et al.,

1986), using a dynamic approach derived from the u− pw version of the Biot’s generalized con-

solidation theory (Zienkiewicz, 1991). The 2D FE model is composed of quadrilateral isopara-

metric elements with eight nodes for both solid displacements and fluid pressures. In this work,

two different embankment models with different mesh sizes were selected in order to choose

the one with the least computational time. For this purpose, varied earthquake scenarios were

selected without care of their type or origin. The tested mesh sizes were 0.5 m × 0.5 m for the

fine mesh and 3.5 m × 1 m for the coarse mesh. The CPU time per earthquake duration of

each model is represented as boxplots in Figure 2.3a. Clearly, for the smaller model (i.e. less

DOF), the CPU time varies between 1.3 and 1.5 min per seconds of earthquake duration. This

means that for an earthquake with a typical duration of 30 seconds, the computational time is

approximately 40 to 45 min. On the opposite, it takes 6 to 7 hours for a larger 2D model for

an earthquake with the same duration. As for the response of the embankment (Figure 2.3b),

it should be first mentioned that the details regarding the calculation and the choice of this

parameter (i.e. relative crest settlement δuz,rel/H) will be explained later on in this work. It is

clear from this figure that the damage index of both models is the same. Thus, for this work,

the considered mesh sizes to conduct the necessary computations will be 3.5 m × 1 m.
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Figure 2.3: a) The CPU time of two different levee models and b) the damage index for the
types of meshes (to be explained later on in this chapter)
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An implicit Newmark numerical integration scheme with γ = 0.625 and β = 0.375 and a

time step ∆t = 10−3 was assumed in the dynamic analysis (Kuhl and Crisfield, 1999). The FE

analysis is performed in three consecutive steps: i) a computation of the initial in-situ stress

state due to gravity loads; ii) a sequential level-by-level construction of the embankment and

iii) a sequential seismic loading analysis in the time domain.

2.2.4 Boundary conditions

In the analysis, equivalent boundaries have been imposed on the nodes of lateral boundaries

(i.e., the normal stress on these boundaries remains constant and the displacements of nodes

at the same depth in two opposite lateral boundaries are the same in all directions). They

are the response of a modeled infinite semispace. Hence, only vertically incident shear waves

are introduced into the domain. The model is wide enough (194 m) to ensure that the effect

of the boundaries on the response of the model can be neglected and also to satisfy the free

field condition at the lateral boundaries. For the half-space bedrock’s boundary condition,

paraxial elements simulating deformable unbounded elastic bedrock have been used (Modaressi

and Benzenati, 1994). The incident waves, defined at the outcropping bedrock are introduced

into the base of the model after deconvolution.

2.2.5 Elastic behavior

In order to examine the fundamental frequency of the soil-embankment system and its shear

wave velocity Vs distribution (i.e. =
√

G
ρ
, G being the shear modulus and ρ the total mass

density), a small amplitude ground motion propagated in the medium (PGA = 1.5·10−5 m/s2).

The results are drawn under the crest of the embankment and at free field. The transfer function

is drawn in Figure 2.4a and the variation in depth of Vs is represented in Figure 2.4b. Based on

the represented transfer function, it can be seen that the presence of the embankment affected

the response since the fundamental frequency is higher at the crest than at free field. The

fundamental frequency of the whole system (red curve) is 4.44 Hz whereas that of the soil is

6.54 Hz . As for the variation in depth of Vs, the results show that the Vs increases with depth.

It is higher under the embankment center due to its weight.
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Figure 2.4: a) The transfer function and b) the variation in depth of the shear wave velocity of
the embankment

2.3 Input ground motion

In order to analyze the non linear behavior of the soil, and in the scope of the performance-based

design, large number of input ground motions (GMs) should be selected. Based on literature,

several methods exist for calibrating synthetic motions for a specific earthquake scenarios. These

calibrations are used to adjust recorded GMs to make them more representative of the analysis

conditions or when actual recordings are sparse (Stewart et al., 2002; Yamamoto and Baker,

2013, among others). For the scope of this study, the stochastic simulation technique, conducted

from different models, is the one used to generate synthetic GMs. This technique tends to

directly simulate the recorded motions with varied characteristics including the variability of the

GM (Sabetta and Pugliese, 1996; Boore, 1996; Pousse et al., 2006; Rezaeian and Der Kiureghian,

2012; Yamamoto and Baker, 2013, among others). In addition, it requires few parameters and

is less expensive than other methods.

Three synthetic ground motion models (SGMM) were used for this study to develop the

stochastic simulation technique: the one conducted by Yamamoto and Baker (2013), designated

as “BKx”, the one of Rezaeian and Der Kiureghian (2012), designated as “RZx” and finally

the SGMM of Zentner and Poirion (2012) designated as “CAx” and “CAy”. It is interesting

to mention that the chosen codes are free access. The BKx SGMM, consists of the method of

wavelet packet transform (WPT) to generate artificial ground response compatible with a target

pseudovelocity response spectrum, and having non-stationary time-frequency (Yamamoto and

Baker, 2013). This method requires the use of 13 parameters that are linked through regression

analysis to the characteristics of the earthquake motion, such as the magnitude and distance.

As for the RZx SGMM, the method consists in rotating the recorded ground motion pairs into

their principal axes. The parameters of the model are identified by fitting to each recorded
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pair in the new database (Rezaeian, 2010; Rezaeian and Der Kiureghian, 2012, among others).

Concerning the CAx and CAy SGMM, the method consists in generating ground motion time

histories that have statistical properties compatible with the recorded accelerograms based on

the method of Karhunen-Loeve (Zentner and Poirion, 2012). For the sake of brevity, the details

of each stochastic model are omitted, it is recommended to refer to each cited paper for more

information.

Furthermore, to compare the accuracy of the synthetic ground motions on the structural

response, real ground motions are also used. They are designated as RL and RM. RL are motions

with a moment magnitude (Mw) of 7.0 and a hypocentral distance (R) of 40.0 km (Isbiliroglu,

2018). And RM are real motions of events ranged between 5.2 and 7.6 in magnitude with a

site-to-source distances from 15 to 50 km. Table 2.1 summarizes the types and numbers of the

motions used and generated for this work.

Name Type Number Faulting Vs,30
(m/s)

RM Real 296 Strike-Slip 100-600
RL Real 88 Strike-Slip 100-600
BKx Synth 50 Strike-Slip 700
RZx Synth 50 Strike-Slip 760
CAx Synth 50 Strike-Slip 800
CAy Synth 50 Strike-Slip 800

Table 2.1: The characteristics of the used ground motions for this study

Concerning the response spectra of input earthquake motions, Figure 2.5 shows the median

of the response spectra curves (structural damping ξ = 5%) of the input motions. However, it is

interesting to note that the response spectra of the selected motions are close. Nevertheless, to

overcome the numerical uncertainties, all input signals have a baseline correction, a sampling

time (∆t) equal to 0.005 s and they are filtered using a non-causal 4th-order Butterworth

bandpass filter (i.e. Zero-phase digital filtering) between 0.1-25 Hz.

After this small introduction about the real and synthetic ground motion models used in

this chapter, the PBEE methodology will be applied as to first introduce an intensity measure

(IM). Then, the distribution of the different IMs will be compared for all the used ground

motions.
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Figure 2.5: The median spectral responses of the tested ground motions

2.4 Distribution of Intensity Measures IM

According to the PBEE methodology, the distribution of the ground motion IMs is linked to

the EDP through probabilistic approaches, to obtain a damage measure due to seismic events

(Stewart et al., 2002; Porter, 2003, among others). As mentioned in Section 2.3, a series of

real and synthetic ground motions was selected to compare the ground response. The choice of

artificial ground motions should be consistent with the physical conditions and characteristics

of the recorded ground motions (Yamamoto and Baker, 2013). First of all, a comparison of the

peak ground acceleration (PGA) of the used GMs is conducted from the cumulative distribution

function (CDF) in Figure 2.6a. Thus, “Real”motions in this figure refer to RL and RM whereas

“Syn” motions refer to all the sets of synthetic motions used in this chapter.

It can be seen from the distribution of PGA in Figure 2.6a that the chosen real and syn-

thetic motions are close for small values of PGA and slightly different for large values of PGA.

Concerning the probabilistic distribution of each ground motion, Figure 2.6b shows the empir-

ical density distribution function in terms of PGA. It is clear from this figure, that the ground

motions can be divided into two groups based on the similarity of their distribution functions.

Thus, CAx, CAy, RM and RL form one group and RZx, BKx form another group.

In order to take into account the distribution of different ground motion parameters (other

than PGA), Figure 2.7 shows a matrix form of a logarithmic comparison of the peak ground

velocity PGV , the Arias Intensity (Ia) and the equivalent predominant frequency 1/Tva of the

real and synthetic GMs. These parameters are chosen exclusively because they control the

response of the structure (Kawase, 2011; Lopez-Caballero and Modaressi-Farahmand-Razavi,

2013; Lopez-Caballero and Khalil, 2018, among others). As for the other parameters, they

are presented in Appendix D. The comparison is conducted in terms of the density functions

located in the diagonal of the matrix, the scatterplots and the histograms that are both located

to the bottom left of the diagonal and finally, the boxplots that are located to the right.
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the real and synthetic ground motions
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Figure 2.7: The logarithmic distribution of some ground motion parameters (PGV , Ia and
1/Tva) of the real and synthetic ground motions

For the density distribution function of the chosen parameters, it can be seen that the real

and synthetic motions overlap the same data intervals. However higher values of PGV and

1/Tva are found in the synthetic motions. For the median value of each database, it can be

seen from the boxplots, that it is almost close for the two ground motion types. Concerning

the scaterplots and the histograms, they are useful to have an idea about the precise values or



48 2.4. Distribution of Intensity Measures IM

the relation between each parameter.

For the two groups of motions classified from Figure 2.6b, the logarithmic distribution of

their ground motion parameters is also plotted in Figure 2.8. It is interesting to mention that

each group overlaps similar data intervals.
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Figure 2.8: The logarithmic distribution of some ground motion parameters (PGV , Ia and
1/Tva) for the group of a) & b) CAx, CAy, RM and RL and c) RZx, BKx

Finally, the first question in the Introduction section is answered. It was shown in this

section that based on the distribution of the IMs, the chosen real and synthetic ground motions
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are compatible. It will be seen in the coming section the potential damage of the embankment

with global and local indices.

2.5 Damage measure and soil mechanical behavior

The assessment of seismic structural vulnerability has broadened the objectives of seismic design

so that not only the safety against collapse is the required criteria but also the long term

resistance of the structures. A great effort has been made to improve the current earthquake-

resistant design methods in order not only to avoid collapse under a destructive earthquake,

but also to limit the damage under moderate earthquakes (Cosenza and Manfredi, 2000). In

engineering practices, a stability analysis is required in order to define a safety index above

which the structure will reach failure. This later is commonly known by the factor of safety

FS. It is typically defined as the ratio of the available shear strength to the shear stress required

to maintain the equilibrium along the prescribed failure surface (Huang and Yamasaki, 1993;

Kramer, 1996; Lu et al., 2012, among others). The basic idea for stability analysis, specially

for soils, is to calculate at each point in a domain of interest, the so-called local factor of safety

LFS. It is defined as the ratio of the potential mean stress to the current mean stress under

the Mohr-Coulomb failure criterion (Lu et al., 2012).

Furthermore, the damage indices used to measure the potential structural failure are either

defined for each structural element (local) or related to the entire structure (global) (Cosenza

and Manfredi, 2000). In this study, the potential failure and damage state of the embankment

are examined. For the sake of brevity only, one example ground motion will be analyzed in

details. The acceleration time history at the bedrock for this example is shown in Figure 2.9a.

Typically, the global structural failure for any similar structure is to calculate the relative crest

settlement uz,rel. Thus, Figure 2.9b shows the evolution of uz,rel and the excess pore water

pressure ratio ru (i.e. = ∆pw/p
′
0) for a point placed under the center of the embankment, at

3 m depth. It should be mentioned that 30 seconds of zero values were added at the end of

the ground motion in order to ensure the recovery time (i.e. the ∆pw dissipation) of the soil

foundation. It is clear from Figure 2.9b that at the beginning of the motion, uz,rel and ru

were zero. When the strong phase of the motion starts the relative crest settlement decreases

rapidly, in parallel, the excess pore water pressure is generated which results in peak values for

ru. After the strong phase, the crest settlement is constant and the excess pore water pressure

dissipates.

To define the liquefaction potential, Figure 2.10 shows a typical distribution of the vertical

co-seismic displacement at the end of the earthquake loading. The results of this figure shows

that the liquefaction induces settlements at the crest as a result of the damage of the soil

foundation under the embankment towards the free field (Kramer, 1996; Kourkoulis et al.,

2010; Sadeghi et al., 2014; Rapti, 2016, among others).

Concerning the potential failure of the embankment from a local damage index, a local safety
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Figure 2.9: The example a) ground motion of this section and b) the evolution in time the
relative crest settlement uz,rel and the excess pore water pressure ratio ru (i.e. = ∆pw/p
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0)

Figure 2.10: Enlarged view of typical vertical co-seismic displacement contours at the end of
the shaking

factor LFS could be estimated by calculating the residual strength. The LFS discussed in

this chapter is the one proposed by Lopez-Caballero and Modaressi-Farahmand-Razavi (2013);

Rapti et al. (2018) and previously mentioned in Chapter 1 (Section 1.6). It provides, for any

soil state, a direct measure of the “distance to reach the critical state”. The yield surface of

the model (Equation 2.3) shows two parameters that control the behavior of the soil; Fk that

controls the isotropic hardening associated with the plastic volumetric strain and rk that con-

trols the isotropic hardening generated by the plastic shearing. These two parameters represent

progressive friction mobilization in the soil, such that:

Fk = 1− b ln

(

p′k
pc

)

, (2.4)

pc = pco exp(β ε
p
v) . (2.5)

sin φ′
apt =

qk
p′k · Fk

, (2.6)

rapt =
sinφ′

apt

sinφ′
pp

. (2.7)

rapt varies between 0 and 1 where perfect plasticity is reached and could be defined as the
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inverse of a local safety factor (rapt = 1/LFS). Thus, the potential mean stress is evaluated

from the friction angle at the critical state φ′
pp and the current mean stress from the apparent

friction angle φ′
apt. A threshold value of the damage measure is taken as 0.75 (i.e. corresponds

to LFS ≈ 1.33) (Lopez-Caballero and Modaressi-Farahmand-Razavi, 2013; Rapti et al., 2018).

The domain of interest in which the local damage rapt is calculated is composed of the liquefied

layer and the embankment (i.e. the green window in Figure 2.2). It was chosen vertically based

on the depth of the liquefiable layer (4 m) and laterally from the possible zones where the failure

pattern could occur.

Figure 2.11 shows the values of rapt of the domain for three time intervals. It is clear from

this figure that at 3 seconds, some high values of rapt appear in the soil layer. It is interesting

to notice that also when the strong phase of the motion ends (after D595 in Figure 2.9a), and

at 7 seconds precisely, instability is indicated from high values of rapt in the embankment. This

is due to the peak value of the excess pore water pressure during this time (see description of

Figure 2.9b). However, at the end of the shaking, and after the dissipation of the excess pore

water pressure, values of rapt of almost 0.6 appear in the domain.
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Figure 2.11: The values of rapt in the domain of interest for three time intervals: 3, 7 and 40
seconds

In order to explain the function of this local damage measure, Figure 2.12 considers the

threshold value of rapt (i.e. 0.75). Thus, in this figure, for each integration point (IP) in the

domain of interest, when rapt < 0.75, red color is designated and when rapt ≥ 0.75, black color is

attributed. Confirming to Figure 2.11, at the beginning of the ground motion, some instability

points (black points) are shown in the foundation layer. However, at 7 seconds (Figure 2.12b),

it can be seen that the increase in time resulted in more instability points that increase upwards

towards the slope of the embankment.

In order to statistically represent the values of rapt during the co-seismic duration of the

example ground motion, Figure 2.13a shows the empirical Complementary Cumulative Distri-

bution Function (CCDF) of this parameter. The limit value of 0.75 is also plotted as a dashed

line in this figure. As expected, the CCDF of rapt evolves with the increase in time. It may

also be interpreted that the probability of exceeding the limit value of 0.75 increases with time.
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Because rapt can be interpreted as a LFS, the global damage measure is represented by the

probability of exceeding the rapt limit value, which is introduced in this chapter by the failure

density concept, given in Equation 2.8. The failure density concept intends to give a measure

of the failure extension in the embankment system:

P(rapt(t) ≥ 0.75) =

∫

rapt≥0.75

f(rapt) · drapt ≈
Nrapt≥0.75(t)

NT
= ρrapt≥0.75(t) .(2.8)

Nrapt≥0.75(t) gives the number of IPs that surpassed the rapt limit and NT is the total number

of IPs in the domain of interest.

Yet, it is important to compare the potential failure of the embankment from the two global

damage indices: uz,rel and ρrapt . For this purpose, Figure 2.13b shows the variation in time

of both uz,rel and ρrapt≥0.75. It is clear from this figure that both damage indices are linked.

For example, around 5 seconds, the settlement increases when ρrapt≥0.75 increases. Once the

settlement reaches a maximum value, ρrapt≥0.75 reaches a peak value of 0.4. This value means

that 40% of the domain of interest had rapt ≥ 0.75. It is interesting to mention that around 10

seconds, even if uz,rel was constant, ρrapt≥0.75 was decreasing. This is linked to the dissipation

of the excess pore water pressure at this time (Figure 2.9b) and a proof that the soil tries

to densify. At the end of the strong phase of the motion, the soil tries to recover where its

settlement and rapt are constants. Thus, for practical purposes, ρrapt≥0.75 at the end of the

ground motion is able to represent the state of failure of the embankment. For simplicity of the

notation in what proceeds in this chapter, the notation ρrapt≥0.75 means ρrapt≥0.75(t = tend).

It is demonstrated so far, the global (i.e. uz,rel and ρrapt) and local damage (i.e. rapt) indices

that represent the potential failure of the embankment for one example ground motion. It

will be represented hereafter the results for a large number of ground motions. For the sake

of simplicity and for less computational time, only one type of real (RM ) and one type of
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Figure 2.13: a) The CCDF of the parameter rapt during the co-seismic duration of the example
ground motion and b) the dependency of the parameter rapt with the crest settlement of the
embankment

synthetic (BKx ) ground motion are taken into consideration. The results are shown in Figure

2.14 in terms of the percentage relative crest settlement is δuz,rel/H where uz,rel is the crest

settlement and H is the height of the embankment with the foundation (i.e. 19 m in this case)

(Lopez-Caballero and Khalil, 2018; Khalil and Lopez-Caballero, 2021). The damage levels are

designated such that when δuz,rel/H ≤ 0.02%, there is No damage, if 0.02% < δuz,rel/H ≤

0.1%, the damage is Minor, if 0.1% < δuz,rel/H ≤ 1%, the damage is Moderate and finally if

δuz,rel/H > 1%, the damage is Serious. ρrapt≥0.75 is also represented in this figure.
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Figure 2.14: The potential failure of the embankment for a) one type of real ground motions
and b) one type of synthetic ground motions

Concerning the recorded ground motion only (Figure 2.14a), for the first two damage levels
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(i.e. No and Minor), small values of δuz,rel/H and ρrapt≥0.75 are presented. However, for

Moderate level, ρrapt reached values of 0.3. Concerning the largest damage level, ρrapt≥0.75 had

values from 20% to 70 % in addition to important values of δuz,rel/H . For Figure 2.14b where a

comparison of the synthetic ground motion is drawn, it can be seen that the synthetic motions

give almost similar results as the recorded ones.

It can be partially concluded in this chapter that the damage measure represented by the

relative crest settlement δuz,rel/H is a global indicator of the potential failure of the embank-

ment. In addition, the ratio of apparent to critical friction angle, designated as the parameter

rapt, provides a reliable measure of soil strength, which takes into account the loading history

and can be used as a criterion for estimating the local state of soil for cyclic loads. The coming

section will answer the third question in the introduction about the effect of the motion type

on the response of the embankment. In other words, it will aim to find the link between the

engineering demand parameter EDP and the intensity measure IM.

2.6 Link between EDP and IM

The structural analysis is the second stage of the performance-based engineering. This analysis

consists in choosing an engineering demand parameter (EDP) that represents the global re-

sponse of the structure after an earthquake (Stewart et al., 2002; Porter, 2003; Lopez-Caballero

and Khalil, 2018, among others). For levees (or dams) under seismic activities, the mode of

failure usually studied is the crest settlement because it is a quantifiable measurement. It was

presented in the previous section, a description of two global damage measure. Practically, the

damage index ρrapt is difficult to calculate without numerical codes. Thus, the relative crest

settlement δuz,rel/H is going to represent the EDP of this case study. Swaisgood (2003) ana-

lyzes a historical database on the performance of dams during earthquakes and found that the

crest settlement is directly related to some input ground motion characteristics (i.e. the peak

ground acceleration and magnitude).

It was presented in Section 2.3 a selection of real and synthetic ground motions that were

classified into two groups in Section 2.4. In this section, the link between the EDP and the IM

of these motions will be evaluated. First, a comparison between the response after the real and

the synthetic motions is conducted. The results are represented as box plots in Figure 2.15. The

boxes represent 50% of the data and there boundaries considers 25th and 75th percentile of the

data respectively. The two extremes are 1.5 times the distance between the two percentiles, and

the red dots above or below the box-plots are the outliers. It can be seen that the median value

of the percentage relative crest settlement of the real and synthetic ground motions (Figure

2.15) is almost close. However, more dispersion was found for the real ground motions. Hence,

in this specific case, the damage induced on the embankment is not affected by the type of the

occurring ground motion.

In order to validate this interpretation, the relative crest settlement was drawn for each
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Figure 2.15: Box plot of the relative crest settlement for the tested real and synthetic motions

group of motions (classified from Figure 2.6b). The results are shown in Figure 2.16. Damage

levels are also attributed to the relative crest settlement and appear in this figure as dashed

lines. In addition in this figure, a reference to a study conducted by Lopez-Caballero and

Khalil (2018) is also shown, where the global response of the embankment is shown after a

larger number of real ground motions.
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Figure 2.16: Percentage crest settlement for the groups of real and synthetic ground motions

Confirming to the referenced study, the synthetic ground motions shows that the percentage

crest settlement increases when the PGA at the outcropping bedrock increases. Concerning the

first group of motions (Figure 2.16a), the synthetic motions BKx and RZx show compatible

results. Whereas for the second group of motions in Figure 2.16b, CAx and CAy show similar
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results which is normal because they only differ in the spatial coordinates. In addition, the

comparison with the real motions shows the same data intervals.
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Figure 2.17: The link between the chosen EDP and several IMs for a) BKx, RZx and b) CAx,
CAy, RL and RM

Furthermore, the response of the soil does not only depend on one IM but also on the entire

motion. For this purpose, the variation of amax,out, the equivalent predominant frequency 1/Tva

and the peak ground velocity PGV are shown in Figure 2.17. The dashed lines in this figure

represent PGV . It can be seen for both groups of motions, that the crest settlement increases

toward the upper left, which means proportional with the increase in PGV .

Similar to this interpretation, the variation of the aforementioned IMs with the damage

levels of the relative crest settlement are shown in Figure 2.18 in order to evaluate the severity

of chosen seismic inputs. It should be mentioned that DL1 represents No damage, DL2, Minor

damage, DL3 Moderate damage and DL4 Serious damage.

As expected and relatively to Figure 2.17, it can be seen from Figure 2.18 that the increase

of the damage levels is proportional to the increase in PGV . It is interesting to mention that

the synthetic earthquakes reached DL3 or DL4 before the real earthquakes. This result shows

that the synthetic earthquakes could over estimate the damage level of the embankment.

Finally, it can be partially concluded that for the case of this study, the chosen synthetic

ground motions give almost similar ground response as the real motions. However, they over

estimate the level of damage in some cases. The purpose of the coming section is to calculate

the probability of failure of the embankment through fragility curves, and verify if it is affected

by the type of motion.
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Figure 2.18: The link between the chosen IMs and the damage levels for the a) real and b)
synthetic earthquakes

2.7 Fragility curves

In performing a seismic risk analysis of a structural system, it is essential to identify seismic

vulnerability of component structures associated with damage levels (Shinozuka et al., 2000).

The development of structural vulnerability in the form of fragility curves has been a practice

specially when the information requires a set of uncertain sources (i.e. seismic hazard, soil-

structure interaction, site conditions) (Shinozuka et al., 2000; Sáez et al., 2011; Argyroudis

and Kaynia, 2015; Zentner, 2017, among others). Fragility curves are functions that express

the conditional probability of the design to exceed a certain level of damage measure DM0 for

given a IM of level im. It has the following form:

P (DM > DM0|IM = im) = φ

[

ln im− ln ηDM |IM

βDM |IM

]

, (2.9)

where φ[.] is the standardized normal distribution function. ηDM |IM is the median threshold

value of IM required to cause the damage and βDM |IM is the total lognormal standard devia-

tion. One or more IMs can be used to represent the fragility curves or surfaces (Lopez-Caballero

and Khalil, 2018). However, for simplicity, the mostly used IM is the PGA. Several analyt-

ical methods have been proposed to generate the fragility curves of structures, such as the

probability-based scenario, the non linear seismic analysis of the model, among others (Sáez

et al., 2011).

In this chapter, the fragility curves are developed from a statistical procedure that is based

on two parameters log-normal distribution functions as proposed by Shinozuka et al. (2000).

In addition, in the work of Sáez et al. (2011), the quality of fit and an estimation of the

interval confidence for the two parameters controlling the fragility curves have been presented.
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The details of the statistical procedure to calculate analytical fragility functions are developed

in Appendix E. In the test case of this chapter, the damage state is taken as the Moderate

damage level. Thus, fragility curves are drawn for the two groups of motions as function of the

acceleration at the outcropping amax,out. They are shown in Figures 2.19a and 2.19b.
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Figure 2.19: Fragility curves of the real and synthetic motions for Moderate damage level

From Figure 2.19a and for high values of amax,out, the probability of reaching the tested

damage state is close for RZx and BKx. On the contrary, for lower values of amax,out, the

probability to exceed the damage limit is different. For example, for an acceleration amax,out

equals to 0.2g, there is 55% chance that the damage is exceed if the event that happened was

BKx whereas for RZx, this chance increases to 75%. This difference in value should be taken into

consideration because any change in the synthetic model can lead to a change in the structural

response. Now in Figure 2.19b, it can be seen that the results of both the real and synthetic

ground motions are almost close. It should be noted that there is a difference in the response

between the two real motions (i.e. RM and RL). This could be due to the sampling number of

each type used to compute the fragility curves. From Table 2.1, there is 296 motions of type

RM whereas 88 motions of type RL (refer to Appendix E to see the importance of the number

of sampling to draw fragility curves). For example, an acceleration amax,out of 0.2g, there is a

30% chance (or 45% if small data sampling is compared) that the damage level is exceeded if

the events of interest were real ground motions. Whereas for synthetic ground motions, the

probability of exceeding increases to 55% and even 70% for some cases.

Finally, this section answered the fourth question in the introduction about the effect of

the ground motion type on the fragility curve. It can be partially concluded from this chapter

that a difference in the response between the real and synthetic ground motions appears when

conducting fragility curves. From an engineering point of view, an overestimation can sometimes

be positive as to consider a higher safety factor and a robust design. However, it might generate

additional undesirable costs.



Chapter 2. The use of real and synthetic earthquakes as input to dynamic analysis 59

2.8 Conclusing remarks

The performance-based earthquake engineering methodology was investigated through its stages

in this chapter. A large number of real and synthetic ground motions was selected. The damage

measure of an embankment was calculated from local and global indices. An elastoplastic multi-

mechanism soil behaviour model integrated in a finite element code (GEFDyn) was used.

The answers to the questions presented in the introduction are the following:

a) The chosen synthetic motions were based on the stochastic method to simulate artificial

earthquakes. The distribution of some characteristics were drawn in order to verify com-

plementary in the domains. The results show that the chosen synthetic motions were

representative of the real ones.

b) The damage measure represented by the relative crest settlement δuz,rel/H is a global

indicator of the potential failure of the embankment. In addition, the parameter rapt

can be used as a criterion for estimating the local damage measure. Moreover, the failure

density concept represented by the probability of exceeding rapt ≥ 0.75, noted as ρrapt≥0.75,

shows that it can be a global damage index. The link between both indices was proven

in this study. However, this later one is difficult to compute without powerful numerical

models.

c) The global response of the embankment is linked to the IMs of the ground motions. It is

similar for real and synthetic ground motions; the relative crest settlement increases with

respect to the peak ground acceleration for both groups of motions.

d) The real and synthetic ground motions have close estimation of the level of performance.

Finally, when the recorded ground motion data are very sparse, synthetic ground motions

can be used. But a good care should be made on this choice in order to closely represent the

real case scenarios.
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Abstract

In practice, the performance of the structure is studied from a seismic scenario composed of

independent single earthquakes. But in real life, the structure is subjected to multiple earth-

quakes during its typical design working life, which will produce an evolution of damage with

time.

The main purpose of this chapter is to quantify the liquefaction-induced damage of an embank-

ment due to sequential earthquakes during a defined working life. Moreover, a non-parametric

survival analysis is used to estimate the time (in years) until a defined damage level is reached

during a specific time interval. For this purpose, a site was chosen where its seismicity and

its Probabilistic Seismic Hazard Analysis (PSHA) were identified. First, a site-specific seismic

analysis was assessed, that consists in finding the relation between the Intensity Measures (IM)

and the Engineering Demand Parameter (EDP). Second, in order to estimate the lifetime dis-

tribution as well as the Mean Time To Failure (MTTF) of the embankment, survival functions

were drawn. The used time histories were stochastically generated from synthetic ground mo-

tion models.

This chapter was published in the Soil Dynamics and Earthquake Engineering journal and

cited as Khalil, C. and Lopez-Caballero, F. (2021). Survival analysis of a liquefiable embank-

ment subjected to sequential earthquakes. Soil Dynamics and Earthquake Engineering, 140,

106436.

3.1 Introduction

Seismic hazard analysis involves the quantitative estimation of the ground motion (GM) haz-

ards of a specific area. It requires the knowledge of the geologic evidence, the fault activity, the

magnitude and the historical seismicity of the studied region (Kramer, 1996; Bommer, 2002).

The Probabilistic Seismic Hazard Analysis (PSHA) considers the uncertainties in the earth-

quake size, location and occurrence time. It estimates the mean frequency of exceedance of

any spectral acceleration at the site (Bazzurro and Allin Cornell, 1999). The level of shaking

produced from this analysis comes from the contribution of the magnitude Mw, the source-

to-site distance R and often the deviation of the GM from the predicted value (ε) (Bazzurro

and Allin Cornell, 1999). Given the aforementioned information, the Ground Motion Predic-

tion Equations (GMPEs) create the relationship between the magnitude, distance, and other

model parameters and the Intensity Measures (IM). In this context, the study of the non lin-

ear behavior of the structures needs a recall to a large number of acceleration time histories.

In addition and for particular scenarios, available data resources are sometimes inadequate to

characterize the models due to several problems (i.e. ground motions from very large magnitude

earthquakes, near-fault ground motions, basin effects) (Stewart et al., 2002; Luco and Cornell,

2007; Seyedi et al., 2010; Sáez et al., 2011; Wang et al., 2020, among others). For this reason,
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artificial or synthetic earthquakes could be used. They are conducted based on several methods

(i.e. stochastic ground motion model, the composite source method, among others) and are

useful when real motions are not available.

In practice, structures are designed to resist the first damaging earthquake scenario (Hu

et al., 2018). But during their service life, the structures are not only exposed to a single

seismic event but also to multiple or repeated earthquake shocks. Previous works in this context

have been conducted on various structures like buildings or bridges (Hatzigeorgiou and Beskos,

2009; Ruiz-Garcia and Negrete-Manriquez, 2011; Ruiz-Garćıa, 2012; Goda, 2012; Zhai et al.,

2013; Ruiz-Garćıa, 2014; Ghosh et al., 2015; Iervolino et al., 2015; Panchireddi and Ghosh,

2019; Iervolino et al., 2020; Di Sarno and Pugliese, 2020, among others). As a consequence of

the latter, structural damage accumulation by consecutive earthquake loading will be produced.

The damage accumulation according to Iervolino et al. (2015), is mainly due to two phenomena:

i) continuous deterioration of the material which is called “aging” or ii) cumulative damage

due to repeated load, also known as “sequential earthquakes”. The cumulative damage of the

structure during its working life, is known as the Life Cycle of the structure (Yeo and Cornell,

2009; Sanchez-Silva et al., 2011; Ruiz-Garcia and Negrete-Manriquez, 2011; Iervolino et al.,

2015; Riascos-Ochoa et al., 2016; Salami et al., 2019; Lopez-Caballero et al., 2020, among

others). In another context, the life cycle of the structure can take lots of definitions. It can be

considered as the cycle needed for a structure to be constructed, maintained and economically

valued (i.e. LCSA (Jungmeier et al., 2016)). It can also be considered as the time length

of the structure until the occurrence of an event of interest (i.e. equipment failure, damage,

complex system), or in other words, the time-to-event study. The later is known as the Survival

Analysis. It is generally defined as a set of statistical methods to analyze data that has the

time of occurrence of an event of interest as the outcome. Such analysis is not a new subject in

medicine precisely (Hosmer Jr and Lemeshow, 1999; Clark et al., 2003; Bradburn et al., 2003).

For example, it is used to validate the impact of a certain disease on different types of patients,

or the occurrence of specific symptoms after a drug. Reflecting this analysis in the geotechnical

field, it is, to the knowledge of the authors, still a new topic (Nafday, 2010; Christodoulou and

Fragiadakis, 2014; Diamoutene et al., 2016).

Otherwise, the behavior of the structure (e.g. reinforced concrete buildings) under seismic

sequence loading is assessed based on the Incremental Dynamic Analysis (IDA). It consists in

subjecting the structural model to multiple ground motion records each scaled to different inten-

sities (Vamvatsikos and Cornell, 2002). Then, a limit state is considered in which the structure

reaches failure when it exceeds the limits. On the other hand, previous studies in structural

analysis have shown that, for mid-rise buildings, ten to twenty records are enough to have an

estimation of the seismic demand (Shome, 1999; Vamvatsikos and Cornell, 2002, among oth-

ers). IDA in this case, is easily applied since it does not have a large set of earthquake scenarios

to draw fragility curves. Whereas in earthquake geotechnical engineering and particularly in

liquefaction related problems, this approach is not enough to represent the overall response of
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the geo-structure due to i) the multi-physical aspects of the soil (solid, water and air), ii) its

history of loading that will affect its future behavior (Sica et al., 2008; Lopez-Caballero et al.,

2016) and iii) the correlation of the soil response with several intensity measures of the real

seismic motions (i.e. Arias intensity, number of cycles) (Causse et al., 2014b).

The present work aims to quantify numerically the liquefaction-induced damage on an em-

bankment due to sequential earthquake loading. Following the Performance Based Earthquake

Engineering (PBEE) approach, a PSHA should be conducted in which the seismicity of the

site and the occurrence rate of earthquake are identified. In this work, the site of concern is

located in Mygdonia, Greece. The reference to the fully probabilistic hazard analysis in this

study are based on the work of Aristizábal et al. (2018). A large number of time histories was

generated using stochastic simulations from synthetic ground motion models (e.g. Rezaeian

and Der Kiureghian (2012) and Boore (1996)). Nevertheless any other stochastic models are

also suitable to be used under the proposed methodology. At the beginning of this work, the

induced damage was quantified based on a set of GM records without sequences similarly to a

site-specific seismic analysis. Concerning the sequential analysis, the methodology adopted in

this study is shown in Figure 3.1. Assuming that the working life of the embankment (Twindow)

is 100 years, and according to the PSHA and the catalog GM constructed for this site, the

event rate of the mainshocks (λearthquakes) is 0.44 events/year. Thus, 44 acceleration time his-

tories (Nshocks) should occur during this period. Then the sequential loading is obtained by

a random permutation of the obtained number of mainshocks. In order to calculate the sur-

vival function (P (
∑

D(t) < Dthreshold)), a threshold damage Dthreshold) should be identified.

Hence,the lifetime distribution of the embankment can be estimated as well as its Mean Time

To Failure (MTTF, the expected time to failure for a non-repairable system). In this study, the

survival analysis is computed based on a non parametric statistical method (Kaplan and Meier,

1958). The main advantage behind this method is that it does not require the assumptions

of a particular probability distribution (i.e. Weibull, exponential,log-logistic) of the structure’s

survival function. Also in this work, a numerical parametric analysis is performed in order to

quantify the impact of considering (or not) the loading history and the recovery time between

each ground motion on the obtained MTTF of the embankment. This study points out the

importance of the history of loading since it affects the overall performance of the embankment.

Finally, two synthetic ground motions models are assessed in order to generalize, to a certain

extent, this work. The 2D finite element calculations were performed using the GEFDyn code

(Aubry et al., 1986). For the soil behavior, an elastoplastic multi-mechanism model that takes

into consideration the history of loading was used.

This chapter is structured as follows. It starts by introducing the theory behind the survival

analysis in Section 3.2. The geometry and the numerical model are shown in Section 3.3. The

development of the used synthetic ground motion model is presented in Section 3.5. The site-

specific seismic analysis of the embankment is developed in Section 3.6. Then, in Section 3.7,

the sequential and the survival analysis are presented. Finally, the different types of sequential
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Figure 3.1: Schema of the used methodology to estimate the lifecycle of an embankment

analysis approaches are developped in Section 3.8, as well as the consideration of different

synthetic GM models. The chapter is closed with conclusions.

3.2 Overview of the survival analysis

The survival analysis is the analysis of time-to-event data. These data describe the length

of time until the occurrence of a well-defined end point of interest (Bradburn et al., 2003;

Kartsonaki, 2016; Schober and Vetter, 2018, among others). Survival analysis is conducted via

survival (or survivor) functions or hazard functions. Let T be a non-negative random variable

that represents the surviving time. Denoting the duration of each event as t, the probability

density function of T is f(t), and its cumulative distribution is F (t) = P{T < t}. First, the

survival function is:

S(t) = P{T ≥ t} = 1− F (t) =

∫ ∞

t

f(x)dx (3.1)

The survival function is non increasing (i.e. at t = 0, S(t) = 1) and when the time increases,

it tends to approach zero.

Second, the hazard function which represents the instantaneous rate of occurrence over time,

is:

h(t) = lim
∆t→0

P (t ≤ T < t+∆t | T ≥ t)

∆t
=
f(t)

S(t)
(3.2)

Both, the survival and hazard functions are inversely proportional so that when the hazard

increases, the survivor declines and vice versa (Kartsonaki, 2016; Schober and Vetter, 2018,

among others). The survival time response are usually continuous. When they are not com-

pletely observed, they are called censored. Three methods exist to analyze the survival data

and are developed in the following (Hosmer Jr et al., 2008; Kartsonaki, 2016):

• Non-parametric method is a widely used method. It consists in plotting the Kaplan-Meier
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curve (Kaplan and Meier, 1958). The simplicity of this curve is that it does not need any

assumptions for the distribution of the survival time, or the relationship between the

covariates and the survival time.

• Semi-parametric method, in which there is also no assumption for the distribution of the

survival time but assumes the relationship between the covariates and the hazard (also

the survival) function. This method uses the Cox Proportional Hazard (Cox PH) model.

• Parametric method assumes the distribution of the survival time and the form of the

covariates.

3.2.1 Kaplan-Meier estimator

The Kaplan-Meier (KM) estimator (or product-limit estimator) Ŝ(t) incorporates information

from censored and uncensored observations. It considers the survival function to any point in

time as series of steps defined by the observed survival and censored times (Kaplan and Meier,

1958). The probability of surviving an event in time ti is calculated from the probability of

surviving the event at time ti−1. Hence the KM estimator of the survival function is::

Ŝ(ti) =
∏

ti≤t

[1−
di
Yi
] , (3.3)

with di is the observed cases that reached failure and Yi is the cases that are still at risk.

Normally, at t0 = 0, S(0) = 1. Several approaches are used to calculate the variance of the

KM estimator. The commonly used approach is the delta method.The KM estimator is viewed

as a product of two proportions. Hence, in order to calculate its variance, it is better to derive

one for its logarithm since the variance of a sum is simpler to calculate than the variance of a

product (Hosmer Jr and Lemeshow, 1999):

ln(Ŝ(t)) =
∑

ln(1−
di
Yi
) =

∑

ln(
Yi − di
Yi

) (3.4)

=
∑

ln(p̂i) , (3.5)

where p̂ = (Yi − di)/Yi. The variance of Equation 3.4, given Yi would be:

V ar[ln(Ŝ(t))] =
∑

V ar[ln(p̂i)] (3.6)

=
∑ 1

p̂2
p̂i(1− p̂i)

Yi
(3.7)

=
∑ di

Yi(Yi − di)
, (3.8)
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Hence, the Greenwood formula for the variance of the survival function will be:

V ar[S(t)] = V ar[exp[ln(Ŝ(t))] = [S(t)]2
∑ di

Yi(Yi − di)
, (3.9)

3.2.2 Cox Proportional Hazards model

The basic Cox PH model fits the survival data with the covariates z to a hazard function.

Actually, this model does not directly estimate the survival functions, instead it attempts to fit

it with the hazard function that has the form of

h(t | z) = h0(t) exp(β
′z) , (3.10)

where h0(t) is the baseline hazard and β is a parameter that represents the effect of covariate on

the outcome. Assuming that one event occurs at a time ti, the parameter β can be calculated

by solving the partial likelihood:

PL(β) =
∏

ti

exp (βz(ti))
∑

j:tj≤ti
exp (βz(tj))

. (3.11)

3.2.3 Parametric models

It is possible to estimate the survival function by making parametric assumptions. Some com-

monly used distributions are the Weibull (or its special case the exponential) and the log-logistic

distribution. The advantages of this model is its high efficiency when it deals with small sample

size. However, it is difficult sometimes to find the best distribution that fits the given data

which may mislead the analysis. For more details about each distribution as well as more de-

veloped information about the survival analysis, a reference to Hosmer Jr and Lemeshow (1999)

is useful.

3.3 Geometry and soil numerical model

3.3.1 Geometry

The model’s geometry is a levee of 9 m high composed of dry dense sand. The foundation is

formed of 4 m loose to medium sand (LMS) on the top of a 6 m dense sand. The bedrock is

located under the dense sand. The water table starts 1 m below the surface to keep the dam

dry. The inclination of the levee is a slope of 1:3 (vertical: horizontal). The geometry in this

work is inspired from Rapti et al. (2018); Lopez-Caballero and Khalil (2018), and is detailed in

Figure 5.2.
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Figure 3.2: Geometry and behavior of the soil (Lopez-Caballero and Khalil, 2018)

3.3.2 Soil Constitutive Model

As for the constitutive model, the Ecole Centrale Paris (ECP) elastoplastic multi-mechanism

model (also known as Hujeux model) is the one chosen for this study and is written in terms

of effective stress. The non-linearity of this model is represented by four coupled elementary

plastic mechanism: three plane-strain deviatoric plastic strain mechanism in three orthogonal

planes (k - planes) and an isotropic plane. The model follows a Coulomb type failure criterion,

contemplate the existence of dilatancy/contractancy phenomena, and use the critical state

concept. The cyclic behavior is taken into account by a kinematical hardening that is based

on the state variables at the last load reversal. The model is written in the concept of the

incremental plasticity which divides the total strain into an elastic and a plastic part. Refer to

(Aubry et al., 1982; Lopez-Caballero et al., 2007; Gomes et al., 2016, among others) for further

details about the ECP model. For the sake of brevity only, some model definitions will be

developed in the following. Considering the well-known sign convention of the soil mechanics

which sets the positive sign to the compression forces, the yield surface of this numerical model

is written in the k plane as follows:

fk(σ, ε
p
v, rk) = qk − sinφ′

pp · p
′
k · Fk · rk , (3.12)
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where p′k and qk are the effective mean and deviatoric values of the stress tensors and φ′
pp is

the friction angle at the critical state. The parameters that control the behavior of the soil are

Fk, which controls the isotropic hardening associated with the plastic volumetric strain and rk,

which controls the isotropic hardening generated by the plastic shearing. These two parameters

represent progressive friction mobilization in the soil. At perfect plasticity, the product Fk · rk

reaches unity, and the Mohr-Coulomb criterion will be satisfied. The friction angle at the

critical state and Fk depends on εpv such that

Fk = 1− b ln

(

p′k
pc

)

, (3.13)

pc = pco exp(β εpv) , (3.14)

with β is the plasticity compression modulus and pc0 is the critical stress that corresponds to

the initial void ratio. The parameter b shapes the form of the yield surface in p′ − q plane and

varies between b = 0 where it verifies the Mohr-Coulomb criterion and b = 1 which will be the

Cam-Clay criterion. The third variable of the yield surface which is the degree of mobilized

friction angle rk is linked to the plastic deviatoric strain ε̇p. It shows the effect of the shear

hardening and decomposes its behavior into pseudo-elastic, hysteretic and mobilized domains.

It is given by:

ṙk = λ̇pk
(1− rk)

2

a
, (3.15)

where λ̇pk is the plastic multiplier of k mechanism and

a = a1 + (a2 − a1)αk(rk) , (3.16)

with,

αk = 0 if relask < rk < rhysk ,

αk =
(

rk−r
hys
k

rmob
k

−rhys
k

)m

if rhysk < rk < rmobk ,

αk = 1 if rmobk < rk < 1 .

(3.17)

Notice that a1, a2 and m are model parameters and rhysk and rmobk designates when the domain

shows hysteresis degradation. The isotropic yield surface is assumed to be :

fiso = |p′| − d pc riso , (3.18)

with :

ṙiso = ε̇pviso
(1− riso)

2

cmon
pc
pref

, (3.19)
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where d is a model parameter representing the distance between the isotropic consolidation line

and the critical state line in the (e − ln p′) plane and cmon controls the volumetric hardening.

In the model, an associated flow rule in the deviatoric k plane is assumed and the Roscoe’s

dilatancy law is used to obtain the increment of the volumetric plastic strain in terms of the

characteristic angle ψ and a constant parameter αψ such that:

ε̇pvk = λ̇pk · αψ · αk(rk)

(

sinψ −
qk
p′k

)

, (3.20)

ψ is the characteristic angle and αψ a constant parameter. The density hardening is charac-

terized by the critical stress pc (Eq. 3.13) that considers all the mechanisms (k - planes and

isotropic plane). This can be related to the plastic volumetric strain such that:

εpv =

3
∑

k=1

(εpv)k + εisov =
1

β
log

pc
p0

(3.21)

3.3.3 Finite Element Model

The computations were conducted by the coupled FE modelling code GEFDyn (Aubry et al.,

1986), using a dynamic approach derived from the u− pw version of the Biot’s generalized con-

solidation theory (Zienkiewicz, 1991). The FE model is composed of quadrilateral isoparametric

elements (3.5 m by 1 m) with eight nodes for both solid displacements and fluid pressures. An

implicit Newmark numerical integration scheme with γ = 0.625 and β = 0.375 and a time step

∆t = 10−3 was assumed in the dynamic analysis (Kuhl and Crisfield, 1999). The FE analysis is

performed in three consecutive steps: i) a computation of the initial in-situ stress state due to

gravity loads; ii) a sequential level-by-level construction of the embankment and iii) a sequential

seismic loading analysis in the time domain. This computation is used in Section 3.6 and 3.8.1.

For the computation of the sequential seismic loading developed in Section 3.7, and for the first

motion precisely, the initial effective stresses, pore-water pressures and model history variables

are stored to be used as initial state for the computation of the second ground motion. The

storage of the history variable of the ith computation will be used as initial state of the ith+1

computation. More details regarding the calculation procedures are developed in each section.

3.3.4 Boundary Conditions

In the analysis, equivalent boundaries have been imposed on the nodes of lateral boundaries

(i.e., the normal stress on these boundaries remains constant and the displacements of nodes

at the same depth in two opposite lateral boundaries are the same in all directions). They

are the response of a modeled infinite semispace. Hence, only vertically incident shear waves

are introduced into the domain. The model is wide enough (194 m) to ensure that the effect

of the boundaries on the response of the model can be neglected and also to satisfy the free

field condition at the lateral boundaries. For the half-space bedrock’s boundary condition,
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paraxial elements simulating deformable unbounded elastic bedrock have been used (Modaressi

and Benzenati, 1994). The incident waves, defined at the outcropping bedrock are introduced

into the base of the model after deconvolution.

3.4 Assumptions of this chapter

For the study of the life-cycle of a levee subjected to sequential signals, basic assumptions are

made:

1 The cumulative damage of the levee is due to the effect of the series of mainshocks only.

The effect of aftershocks is not taken into account.

2 The effect of aging is not considered. For example, there is non consideration of the

rain or sun, the wind load or any other type of loads that may be caused from external

uncontrolled conditions. Also aging needs a deeper study about the material resistance,

origin and age, which are not considered in this study.

3 At the beginning of the study, before the first seismic loading, the embankment is con-

sidered in its virgin and stable state. It does not have a history of earthquake loading.

4 The embankment is not subjected to any repairs during its lifetime.

• The constitutive model does not take into account the secondary consolidation or com-

pression after each seismic loading.

5 The pore water pressure has dissipated after each seismic loading. It is ensured by adding

a time-gap (recovery time) between each mainshock. This assumption is evaluated later

in this chapter.

3.5 Input ground motions

The seismicity of the site requires the knowledge of the geographical location, the site char-

acteristic and the magnitude-frequency distribution of the earthquakes. The seismic hazard

analysis involves the quantitative estimation of the ground motion characteristic at a particular

site with the help of deterministic or probabilistic approaches. The Probabilistic Seismic Haz-

ard Analysis (PSHA) sets a predictive relationship for each ground motion parameter in each

source. This method combines the uncertainties in the earthquake characteristics to obtain the

probability that any IM will be exceeded at a particular time period. The hazard curve is used

to identify the ground shaking level or the mean annual rate of exceedance (λIM) (Rathje and

Saygili, 2011). Once the main aspects that characterize the local seismic hazard are defined,

it is possible to proceed with the selection of time histories. For this purpose, calibrations are

used to adjust recorded ground motions and make them more representative of the analysis
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conditions (Stewart et al., 2002; Yamamoto and Baker, 2013, among others).

Concerning the present work, the response of the embankment based on sequential seismic

loading is the major focus of this chapter. The site of concern is a valley in Mygdonia that has

an epicentral distance located about 30 km to the NE of the city of Thessaloniki in northern

Greece. The magnitude Mw in this area is between 4.5 to 7.8. The fully probabilistic hazard

analysis is adopted from the study of Aristizábal et al. (2018) on the same site. They generated

a long catalog from 500 years to 50,000 years (equivalent to a probability of exceedance of 1%

in 50 years). Hence, the magnitude-frequency distribution for 50,000 years catalog is shown in

Figure 3.3a. More details regarding the PSHA are presented in the work of Aristizábal et al.

(2018).

In the case of regions with lower seismicity, it is not easy to know with a higher level of

accuracy, the expected ground motion scenarios. In practice, the effect of various GMPE’s

is studied. In addition, to generalize (to a certain extent) this work, two synthetic ground

motion models were used: Rezaeian and Der Kiureghian (2012) and Boore (1996). They are

designated as Mod.R and Mod.B accordingly. Mod.R uses an NGA database (Campbell and

Bozorgnia, 2008) and for Mod.B, Aristizábal et al. (2018) adapted the Akkar et al. (2014)

GMPE which provides a good representation of the Europeen context. The hazard curve built

from the generated catalog of the two synthetic ground motion models, is shown in Figure

3.3b. It can be seen from this figure that the 10% of exceedance for 100 years (λIM = 0.001
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Figure 3.3: a) The magnitude-frequency distribution curve for 50,000 years catalog (Aristizábal
et al., 2018) along with b) the PGA hazard curve of the generated synthetic ground motions

1/year) is 0.2 g for Mod.B and 0.5 g for Mod.R. Concerning the methods of each model,

both are based on stochastic simulations. They tend to directly simulate the recorded ground

motions with varied characteristics including the variability of the ground motion (Rezaeian and

Der Kiureghian, 2012; Yamamoto and Baker, 2013, among others). For Mod.R, the method

consists in rotating the recorded ground motion pairs into their principal axis and choosing only
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the strong component. As for Mod.B, the stochastic method consists in distributing randomly

the energy over a duration equal to the inverse of the low frequency corner. The different ground

motion parameters can be obtained by using the random vibrating theory (Boore, 2003). For

the sake of brevity, the deeper details and equations of each stochastic model are omitted, it

is recommended to refer to each cited paper for more information. The spectral response of

the two models is drawn in Figures 3.4a and 3.4b. It is clear that the spectral acceleration of

Mod.R is higher than Mod.B.

Because it is difficult to understand the complexity of the earthquakes from one parameter

(a) (b)

Figure 3.4: The response spectral of a)Mod.R and b)Mod.B

(Kramer, 1996), and based on Kawase (2011) there exists a proportional relation between the

outcrop acceleration and the equivalent predominant frequency which is Tv,a = α.PGV/amax,out

with α = 4.89. These three parameters are represented in Figure 5.11a. PGV is represented as

dashed lines. Although the two models represent the same site, they use different relationships

to determine their parameters and in consequence the corresponding IMs. This proves the

difference in the results shown in Figure 5.11a. They are compatible in their frequency interval

but not in their peak acceleration; Mod.R has a higher acceleration than Mod.B. Also, the

majority of the motions of Mod.B have a PGV less than 10 cm/s which is not the case for

Mod.R.

After identifying and presenting the different synthetic ground motion models used in this

study, a site-specific seismic analysis will take place. The response of the embankment will be

calculated after a set of unsequenced ground motion records.
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Figure 3.5: The distribution of some ground motion parameters of the two models: a) Mod.R
and b) Mod.B

3.6 Site-specific seismic analysis

In Section 3.5, the used synthetic ground motions were presented. Two models were used

(Mod.R and Mod.B). In this section, the response of the embankment based on each seismic

load will be developed. Since the crest settlement is the mode of failure normally studied in

case of embankments, it will be the parameter for the damage quantification. It is calculated by

considering each ground motion as a single event. The percentage relative crest settlement as

calculated by Swaisgood (2003) is the ratio of the vertical displacement of the crest to the height

of the dam with its corresponding foundation: δuz,rel/H , given that H in this study is 19 m.

The relative crest settlement is divided into damage levels (Swaisgood, 2003; Lopez-Caballero

and Khalil, 2018). The limit values of these levels is still debatable but the ones chosen for this

study are shown as dashed lines in Figure 5.10a. When δuz,rel/H ≤ 0.02%, there is No damage,

if 0.02% < δuz,rel/H ≤ 0.1%, the damage is Minor, if 0.1% < δuz,rel/H ≤ 1%, the damage is

Moderate and finally if δuz,rel/H > 1%, the damage is Serious. Figure 5.10a shows the relative

crest settlement obtained using the two models: Mod.R and Mod.B. As expected and as seen in

Figure 5.10a, the relative crest settlement δuz,rel/H increases with the peak ground acceleration

for both models. Since the acceleration of Mod.R is higher than Mod.B (proved in Section 3.5),

Mod.R induces more damage than Mod.B. Comparing the damage levels, it can be seen that

Mod.B in majority, did not show any damages; few values of δuz,rel/H were in Minor damage

and only one shows Serious damage. Whereas Mod.R shows more variability in the damage

levels that lies in majority in Minor and Major damages. But on the contrary of Figure 3.6b,

only four ground motions showed Serious damage for Mod.R. In addition, a hazard curve for the

crest settlement was obtained using the two stochastic models (Figure 3.6c). The damage levels

are also represented as dashed green lines in this figure. It can be seen for example that with

a 10% of exceedance in 100 years, the obtained co-seismic settlement using Mod.R corresponds
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Figure 3.6: The variation of the crest settlement with respect to the outcrop acceleration of the
two models: a) Mod.R and b) Mod.B and c) the obtained crest settlement hazard curve.

to the Serious damage level. Whereas for Mod.B, for the same probability, Moderate damage

is the corresponding level.

It was seen in this section that the two synthetic ground motion models show different results

in terms of the embankment performance. These results highlight the importance of the choice

of the ground motion model.

3.7 Survival analysis of the Levee

Also in the scope of the PBEE methodology, the lifetime of the structure is the length of time

until failure occurs. In order to calculate it, the degradation of the structure over time should

be considered. Thus, the study of its performance due to sequential loading is required. In

Section 3.6, it was shown that the two synthetic ground motion models gave different responses
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and that Mod.R induced more damage. Thus, this model will be used to compute the seismic

sequential loads as well as the survival life of the tested embankment. Assuming that the

working life of the embankment (i.e. Twindow in Figure 3.1) is 100 years, the occurrence rate

of event during this life corresponds to 44 acceleration time histories (i.e. Nshock = 44) which

means λearthquake = 0.44 events/year. In order to be statistically representative, a large number

of subsets must be used. In this work, 21 subsets (i.e. Nsubset = 21 in Figure 3.1) compatible

with the seismic hazard of the tested site were used. The 44 events were permuted randomly

10 times (i.e. k = 10 in Figure 3.1) for each subset. In total, 210 sequences of ground motions

were created for a serviceable life of 100 years. It should be reminded that for the sequential

computation, the storage of the history variable of the ith computation will be used as initial

state of the ith+1 computation.

This section is divided into two parts. The first part develops the quantification of the relative

crest settlement of the embankment for each sequence. The second part develops its survival

analysis.

3.7.1 Crest settlement in the sequences

Based on Iervolino et al. (2015), the damage accumulation is due to either the aging of the

material or the sequential earthquakes. The first degradation model is called the deterioration-

based: the system degrades progressively due to internal factors such as aging, corrosion in

steel or wear (Nakagawa, 2007; Ranjkesh et al., 2019). The second degradation model is the

shock-based model where the system is subjected to a sudden decrease in its performance due

to an earthquake (Nakagawa, 2007; Ranjkesh et al., 2019). In this work, the aging is not taken

into consideration because it needs a deeper understanding of the material origin, resistance

and age. As explained in the introduction of this section, the event of interest is the occurrence

time of different mainshocks sequences.

In order to ensure that the pore water pressure is dissipated completely after each mainshock

(the sixth assumption in this study), a recovery time of 30 seconds is considered. It was chosen

in a way to ensure the dissipation of ∆pw without the generation of expensive computational

time. In order to validate if this recovery time is enough for the dissipation of ∆pw, one input

ground motion is considered and a post-seismic loading is applied. The results are shown for a

sample located at 3 m depth under the center of the embankment (Figure 3.7a) and at free field

(Figure 3.7b). It is interesting to note that after the co-seismic loading, the excess pore water

pressure is near zero in the two locations. The post-seismic loading, where the embankment is

returned to its static case, proves that chosen recovery time can be enough since the two curves

overlapped and follow the same path.

Concerning the damage quantification of each sequence, the relative crest settlement δuz,rel/H

is calculated based on the method developed Section 3.6. Figure 3.8a shows δuz,rel/H and the

corresponding damage levels for all the seismic sequences. To better visualize the results and

conduct the analysis, Figure 3.8b shows δuz,rel/H in the form of box-plots (aka Speaker style).
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Figure 3.7: The excess pore water pressure of one mainshock a) under the center of the em-
bankment and b) at free-field

A small explanation about this form of graph is discussed herein before proceeding in the dis-

cussion of the results. The median of the tested data is represented by the small bars in the

boxes. The boxes represent 50% of the data and their boundaries considers 25th and 75th

percentile of the data respectively. The two extremes are 1.5 times the distance between the

two percentiles, and the red dots above or below the box-plots are the outliers.

Back to the analysis of the relative crest settlement of Mod.R sequences and as expected,
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Figure 3.8: The relative crest settlement of the sequential signals a) for all the sequences and
b) in form of box-plots
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δuz,rel/H increases when the number of shocks increases (Figures 3.8). Based on these results,

the increment was either progressive during the sequential load, or sudden after few mainshocks.

For this purpose, three curves are selected for interpretation. For example, the purple curve

in Figure 3.8a shows that after the first shock, the embankment had No damage. The relative

crest settlement kept increasing during this sequence but in a small manner. At the end of this

sequence, the embankment showed a damage level located in the interface between Moderate

and Minor damage. This case can be considered “safe”, in the point of view that the cumulative

damage did not lead to failure. On the opposite, the green path shows a Moderate damage

directly after the first shock. The embankment was not able to resist the load repetition and

hence it failed drastically after the second shock till the end. For the path in black, the damage

was progressive. The embankment had No damage until the seventh shock. After it, δuz,rel/H

increased progressively until after the 23rd shock, the embankment was not able to resist and

the induced damage was drastic. It should be mentioned that previously, in Section 3.6, only

four ground motions showed Serious damage. The occurrence of these motions in the sequence,

either led to a good densification of the soil and hence less damage or it increased the crest

settlement to a severe case.

Another statistical way to visualize the results is found in Figure 3.8b. Based on the

median value, δuz,rel/H increases with the shock increment. For the first shock, 50% of the

data showed Minor damage. But after the 44th shock, 50% of the data showed Moderate

damage. The upper quarter of the data showed Serious damage. The outliers are presented in

the upper part of the graph which proves that the embankment fails completely for some cases

at the beginning of the sequences. An associated explanation is also represented in Figure 3.9
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Figure 3.9: The complementary cumulative distribution function (CCDF) of the relative crest
settlement
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with the empirical Complementary Cumulative Distribution (CCDF). This figure shows the

distribution of the relative crest settlement after a specified number of shocks. The damage

levels are also represented by blue dashed lines. For the damage line 0.1% for example, the

distribution of the relative crest settlement increases when the shock number increases. After

the 10th shock, 50% of the tested sequences shows that the embankment will be deteriorated in

a Moderate damage. Usually in engineering practices, the green curve in Figure 3.9, is similar

to the ones conducted in Section 3.6 where the response of the embankment is calculated after

the occurrence of independent earthquakes. It was shown so far in this work, that this curve

can be misleading and may not represent the behavior of the embankment for a long term.

On the other hand, since the ground motions sequences are chosen for a working life of

100 years, the change in the damage levels between the years is interesting to identify. Figure

3.10 shows the Damage Level (DL) of the selected ground motion as function of the magnitude

and the source-to-site distance. Since the acceleration time histories during the lifetime are

permuted randomly, it is evident that the ground motions are not in the same position in the

first, 50 and 100 years. The damage levels are numerated from 1 to 4 to represent No damage

to Serious damage respectively. From Figure 3.10a, after the first ground motion, very few

responses show damage level of class 3. The other responses were either 1 or 2. After 50 years

of sequential ground motions (Figure 3.10b), it is clear that there is no damage level of class

1 and very few of class 2. Finally, at the end of the chosen working life (i.e. 100 years), more

damage levels of class 4 are shown (Figure 3.10c), which means that the embankment has a

high risk to fail at the end. This synthesis is similar to the one found previously in this section

with a different type of analysis.

As a partial conclusion of this section, it is noted that the loading history of the embankment

will definitely affect its behavior in the long term. Even if the embankment was intact after

few shocks, the failure can be reached in the working life. In addition, some sequences showed

that the embankment was drastically damaged after few shocks.

3.7.2 Survival analysis

The survival analysis is the analysis of data involving time needed for an event of interest to

happen. It is also known as the time-to-event data. Detailed explanation about this analysis

were developed in Section 3.2. The event of interest in the scope of this study, is the occurrence

of mainshocks during a working life of 100 years. For this purpose, the survival function is

calculated based on the Kaplan-Meier estimator (Kaplan and Meier, 1958). The estimated

probability is usually a step function and is shown in Figure 3.11. The three damage levels are

represented in this figure. An important quantity that can be derived from this figure, is the

Mean Time To Failure (MTTF, the expected time to failure for a non-repairable system) that

is also represented. After two years (i.e. MTTF = 2.27 years), 50% of the cases survived the

damage level of class 2 (i.e. Minor damage). Whereas the MTTF of class 3 (i.e. Moderate

damage) is 25 years. At 100 years, the survival probability of this damage level is zero. For
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Figure 3.10: The damage levels of Mod.R with respect to the magnitude and distance of the
seismic motions

Serious damage, 25% of the cases were not able to survive.

In all the preceding, the survival function was conducted based on a non parametric ap-

proach. It is important to mention that even when the parameters of the distribution are

unknown, distributions such as Weibull, lognormal, exponential or others, can be fitted from

results obtained from non parametric methods. The accuracy of this fitting is ensured by the

Kolmogorov-Sminorv (KS) test (Lilliefors, 1967). It was carried out for each empirical distri-

bution of the two critical damage levels. Both, the Weibull and its special case the exponential,

could be considered according to the KS test. It should be noted that the distribution of the

survival function in case of Weibull is S(t) = exp(−α tγ) and in the case of exponential is

S(t) = exp(−λ t). Table 3.1 shows the obtained parameter of each damage level from the sur-

vival function found in Figure 3.11. The interpretation of these results are pointing on the idea
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Figure 3.11: The survival probability of the levee for Mod.R

that the Weibull distribution is more appropriate to represent the slow deterioration overtime

whereas the exponential distribution can be used to represent the deterioration after sudden

shocks. Since the Moderate damage was mainly due to the progressive increase of the crest set-

tlement, its distribution can be approximated to follow a Weibull distribution. Whereas Serious

damage is more likely to follow the exponential distribution because the failure was sudden in

most of the cases. Thus, the results obtained for both distributions confirm the biases that

Weibull Exponential
α [1] γ [1] λ [1]

With Recovery Time (Section 3.7.2)
DL3 0.058 0.909 0.037
DL4 1.9.10−3 1.057 2.5.10−3

No Loading History (Section 3.8.1)
DL3 0.065 1.344 0.014
DL4 5.77.10−5 2.387 0.018

No Recovery Time (Section 3.8.2)
DL3 0.024 1.175 0.044
DL4 9.19.10−5 1.961 0.007

Table 3.1: The distribution parameters of Moderate and Serious damages for the three tested
cases of this work

could be introduced in a parametric approach when the survival function is not well known.
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3.8 Influence of various parameters on the survival anal-

ysis

To this point of this article, it was represented an analysis of the relative crest settlement of

an embankment after both, a single event and sequential events of mainshocks. This later

considered sequences of 44 mainshocks with a recovery time between each. In addition, the

survival function was calculated based on a non parametric approach. In this section, answers

on the following questions will be discussed respectively:

• What if the loading history was not considered? Technically, what will happen if the

embankment was returning to its initial state after each ground motion of each sequence.

• What if there was no recovery time between the GM which means that the mainshocks

are sequenced in a back-to-back form?

• How the response will differ if the analysis was conducted based on a different synthetic

ground motion model (e.g. Mod.B)?

3.8.1 Effect of the loading history

In soil precisely, the history of loading plays a major role for its future behavior. Many previous

studies have been conducted to check the effect of past histories on the response of geo-structures

(i.e. Sica et al. (2008); Lopez-Caballero et al. (2016)). Moreover, it was seen in the previous

section, that even if the embankment was intact after few years, it might be damaged in a long

time. Its state evolves based on the years of loading. Considering now the sequences are formed

by simply adding the responses found in Figure 3.6a based on their occurrence, Figure 3.12a will

be obtained. Based on this figure, the results did not show too much dispersion and few oultiers,

on the contrary of the results in Figure 3.8b. The embankment started its cycle of life with a

Minor damage, to attend a Serious damage after half of its lifetime. The difference between

the response of the embankment with consideration of its evolved state (Figure 3.8b) and that

presented in Figure 3.12a is that the last one over estimates the results. The embankment

settles less when in its history, it was subjected to many loads: this is due to the consolidation

of the soil and the evolution of its properties.

Concerning the survival analysis of this case (Figure 3.12b), after approximately 7 years (i.e.

MTTF = 6.92 years), the embankment will moderately survive the applied sequential loads.

Whereas after almost half of its serviceable life (i.e. MTTF = 52.37 years), it will be damaged

drastically. These results are very different from the ones obtained in Section 3.8.2. The

parameters of the survival function distributions are shown in Table 3.1.

Maybe this analysis satisfies the decision makers as they consider it “preventive” for security

reasons, but besides the fact that it is not realistic, it could mislead the design and may generate

additional useless costs.
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Figure 3.12: The relative crest settlement with No loading history a) in the form of box-plot
and b) its survival analysis

3.8.2 Importance of the recovery time between the sequences

Based on codes and literature, a system is considered to fail when its cumulative damage due

to shocks exceeds its capacity of resistance (Eurocode, 1994; Iervolino et al., 2015; Ranjkesh

et al., 2019, among others). On the opposite of the structural systems, geotechnical systems

have in majority, recovery times that if not considered in the analysis, it may lead to severe and

over estimated damages. In this section, a comparison of the survival function of three different

types of shock-based approaches is considered. The approaches are i) the consideration of the

the recovery time between each shock (Section 3.7.2), ii) taking the shocks in a back-to-back

form and iii) the consideration of the loading history (Section 3.8.1). The results are shown in

Figure 3.13. The survival probability was analyzed for two damage levels: Moderate damage

(0.1 < δuz,rel/H < 1) in Figure 3.13a and Serious damage (δuz,rel/H > 1) in Figure 3.13b.

For both damage levels, it can be seen that the loading history plays a major role in the

response of the embankment: without its consideration, the relative settlement was over esti-

mated. This over estimation may be beneficial if the region was of low seismic activity. But for

some cases, it can be a result of high cost of construction/reparation. Considering the Moderate

damage (Figure 3.13a) and comparing the orange and the green curves, it can be noticed that

there are five years of survival life that are not taken into account if the recovery time was not

ensured. In addition, it is clear, from the different values of the MTTF, that loading history

has an important effect. Whereas for the Serious damage (Figure 3.13b), it is important to

mention that the embankment did not reach the MTTF when the recovery time was ensured.

The parameters of the survival function distribution are shown in Table 3.1.
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Figure 3.13: The survival analysis of the different sequence types for a) Moderate damage and
b) Serious damage

3.8.3 Effect of different synthetic ground motion models

The survival analysis in this chapter was conducted based on the synthetic ground motion

model called Mod.R since it showed more variety in the response of the embankment and its

damage level (Section 3.6). This section will consider Mod.B in a back to back form (or with no

recovery time) since this type of calculations needs less computational time. Adopting the same

strategy developed in this chapter to calculate the survival functions, the results are obtained

in Figure 3.14 as function of two damage levels: Minor damage (DL2) and Moderate damage

(DL3). Also in this figure, a comparison of the survival function with Mod.R in back-to-back

form is shown. It is clear how the survival function for Mod.B is very optimistic and shows that

the embankment is able to resist the shocks during its lifetime. At 41 years for example, there

is 50% chance that the embankment will survive a damage level of DL2 if it was subjected to

Mod.B, whereas based onMod.R it needs 2 years (Figure 3.14a). Also for DL3, based onMod.B,

the embankment have high chances to survive this damage level whereas based on Mod.R, after

20 years, it will have only 50 % chance to survive it (Figure 3.14b). It is evident that the

response varies with the ground motion model, which points on the importance of the choice

of the stochastic method to generate the ground motions.
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Figure 3.14: The survival analysis of Mod.B in back-to-back form for a) DL2 and b) DL3

3.9 Conclusing remarks

This chapter presents the survival analysis of a liquefiable embankment subjected to sequen-

tial earthquakes. First, it started with a site-specific seismic analysis where the damage was

quantified after a set of unsequenced ground motion records. To generalize this work, two

synthetic ground motion models were used. They were extracted from the studies of Rezaeian

and Der Kiureghian (2012) and Boore (1996) and were designated in this chapter as Mod.R

and Mod.B respectively. Then, one synthetic model (e.g. Mod.R) was chosen for the anal-

ysis. Sequential mainshocks were created accordingly, and the damage was calculated after

each sequence. A total of 210 sequences composed of 44 acceleration time histories each, were

generated in order to represent a lifetime of 100 years. Finally, the survival function and its

corresponding Mean Time To Failure (MTTF) were calculated. For these purposes, an elasto-

plastic multi-mechanism soil behavior model was used with the help of the finite element code

(GEFDyn).

The conclusions that this chapter have found are the following:

• For the site-specific seismic analysis, Mod.R showed a large variety of the response than

Mod.B. The relative crest settlement of this model was mainly between Minor and Mod-

erate damage levels.

• The cumulative damage in this study showed two responses for the embankment: i) a

progressive deterioration that did not necessarily lead to drastic damages or ii) a sudden

deterioration after few years.
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• Based on the survival function, it was shown that after 25 years (MTTF = 25 years),

the embankment have 50% chance to present Moderate damage. Whereas it will not

show Serious damage during its lifetime. These results prove that classical or short-term

analysis are not always a good idea to know the global performance of the embankment.

• The distribution of the survival function for the Moderate damage level, follows a Weibull

distribution whereas that of the Serious damage level is more likely to be represented by

an exponential distribution. In addition, parameters of each distribution were calculated

for each type of analysis.

• The consideration of the loading history for geo-structures is very important since the

MTTF changed from 6 years to 25 years. In addition, a recovery time between each

ground motion is essential in order to ensure the dissipation of the excess pore water

pressure and it was shown in this study, that the MTTF is also affected.

• It is very important to pay attention to the chosen synthetic ground motion model since

the performance might highly be affected. The MTTF for Mod.B was under estimated

comparing to Mod.R.

It should be noted that the above conclusions are based on the results corresponding to soil

behavior models and stochastic GM models adopted in this work.

3.10 Complements to this chapter

The work presented in this chapter was published as an article in Soil Dynamics and Structural

Engineering Journal. Hence, it was subjected to comments and accurate critics that were out

of the scope of the published paper, however, they were treated and discussed as a complement

to the work. Thus, it can be interesting to provide them in the following.

a) What does the events of Figure 3.3 actually represent?
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Figure 3.15: The PMF of Mw and R
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This work is based on the desaggregation of scenarios from a PSHA conducted by Aris-

tizábal et al. (2018) in the region of Mygdonia, Greece. Figure 3.15 shows the joint

Probability Mass Function (PMF) of Mw − R for the studied cite. In addition, and sim-

ilar to what was mentioned in this chapter, in order to be compatible with the PSHA

and the assumed working life of the embankment, the used event rate of the mainshock

issued from the work of Aristizábal et al. (2018), is assumed to be λ = 0.44 [events/year],

which means 44 acceleration time histories during a design working life of 100 years.To

be statistically representative, a large number of subsets should be used. In this work,

21 subsets compatible with the seismic hazard of the tested site were considered. Every

subset contains 44 compatible acceleration time histories. Then, the 44 ground motions

of each subset were randomly permuted 10 times to have a variety of sequences (which

means 21x10 sequences and 21x44 mainshocks).

b) How was the Rezaeian and Der Kiureghian (2012) model used for small

magnitudes? Was it modified in any way?
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Figure 3.16: The compatible IM with the GMPE for Mw = 5.0 conditioned on Sa of 0.41g

The magnitude of the tested site is between 4.5 to 7.8. Even if Rezaeian and Der Ki-

ureghian (2012) model is for Mw greater than 6.0, it was verified that the obtained IMs

(PGA in this case) are compatible with the selected GMPEs for lower magnitudes. Fig-

ure 3.16 is drawn for a magnitude of 5.0. It is noted from this figure, that even if the

accelerations are greater than the mean values, they are close to the limit of mean +

2σ. It should not be denied that a more complex stochastic model can be used and may

probably represent the hazard context with more precision. However, as mentioned in

the Introduction section of this chapter, any other stochastic model or an earthquake

recurrence model is also suitable to be used under the proposed methodology.

c) The computed survival probabilities are in reality conditional probabilities,

conditioned on the scenarios chosen (Figure 3.3). How does the survival
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probability change if different time windows were considered?
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Figure 3.17: a) The logarithmic distribution of some ground motion parameters of Mod.R for
the tested time windows and b) The survival analysis for a time window of 50, 75 and 100
years, adapted from the data of Lopez-Caballero et al. (2020)

One of the key objectives of the survival functions is to know if the MTTF is lower than

the design time window. From the recent study conducted by Lopez-Caballero et al.

(2020), data were adapted to show if the time window could affect both, the computed

survival probabilities and the MTTF for a particular damage level. For this purpose,

three time windows were selected: 50, 75 and 100 years. The logarithmic distribution of

the IMs of the seismic input of every window is plotted in Figure 3.17a. It can be noticed

that the density distribution of the databases are the same, similarly for the scatter plots.

For the boxplots, clearly, the median value is slightly close for 75 and 100 years, and is

smaller for 50 years. It should be mentioned that the number of data cannot be the same

between the three time windows, since for a long time period, more earthquake scenarios

can occur. Concerning the survival curve in Figure 3.17b, it is clear that the obtained

survival curve and the MTTF for 75 and 100 years are statistically similar but for 50

years catalog length, it is too short with respect to the recurrence times of large events.

This proves that the obtained survival probability is controlled by the ground motions

characteristics rather than the time window.

d) Survival would highly depend on which earthquake happens first. If it is

strongly dependent on the order in which the considered events occur, how

can the average survival curve be meaningful?
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Figure 3.18: The relative crest settlement of one subset but different permutation: a) perm1
and b) perm2

It is well known that the behavior of some geo-structures highly depends on the history

of the loading. In addition, the response depends on some ground motion parameters,

like amax,out for example (as seen previously in this chapter). But an input motion of high

acceleration does not necessarily induce the same damage if it occurs at the third year

than at the 80th year for example. The proof of this idea is shown in Figure 3.18. The

response of the embankment for one subset (i.e. 44 acceleration time histories) with two

random permutations are examined. It is clear that the response in terms of the relative

crest settlement value and the level of damage is very different between each permutation:

the induced damage of perm1 is higher than perm2 (can also be seen from the damage

levels). It should be noted that the motions with the high acceleration occurs before

20 years for perm1 (Figure 3.18b) which resulted in an increase of the damage at the

beginning of the lifetime behavior. However, these motions occurred after 20 years for

perm2 (Figure 3.18a) and resulted in a minor damage all over the working life. According

to that, even if the two sequences comes from the same hazard and the same subset, the

induced damage can be different. This confirms that it is not only the occurrence of the

event that matters but also the history of loading of the soil.

e) The time histories of this work are generated from the stochastic ground

motion model noted Mod.R. (i.e. Seed 1). What happens to the lifetime

distribution of the embankment if they were generated a second time (i.e.

Seed 2) ?

Before answering the aforementioned question, a comparison of the parameters distribu-

tion between the two seeds is shown in Figure 3.19. It should be noticed that the number

of data is the same for both seeds. Clearly, there is no difference in the density distri-

bution of their PGA, PGV , 1/Tva, Ia and CAV and a slight difference in the effective



Chapter 3. Survival analysis of a liquefiable soil foundation-embankment system subjected to sequential
earthquakes 91

÷øùúûüýþ log(PGV) log(1/Tva) DataBase

ÿl
�
��
�
�
�

lo
g
(P
G
V
)

lo
g
(1
/T
v
a
)

D
a
ta
B
a
s
e

-6 -� -4 -3 -2 -1 -6 -4 -2 0 1 2 S���	 S���


0�0

0�	

0�


0��

0�


-6

-4

-2

0

1

2

0
20
40
60
80

0
20
40
60
80

(a)

������� ��������� �������� ��D�����

��
 
!"#
$

��
 
!%
&
'
&
$

��
 
!(
)
*
$

%
#
+#
,
#
.
/

-7.5-5.0-2.50.0 0 1 2 3 -7.5-5.0-2.50.0 2.5 1��24 1��25

0.00

0.05

0.10

0.15

0.20

0.25

0

1

2

3

-7.5

-5.0

-2.5

0.0

2.5

0
25
50
75

100

0
25
50
75

100

(b)

Figure 3.19: Comparison of the logarithmic distribution of some ground motion parameters for
Seed 1 and 2 of Mod.R

duration D595. Similar discussion can be made for the median value of each database ex-

tracted from the boxplots. The median value of seed 2 is less than seed 1 for the effective

duration parameter. In order to verify if the slight difference in D595 and similarity in

other parameters affect the results of the survival curve, Figure 3.20 is represented for

Moderate and Serious damage levels. It can be seen in this figure that it indicates an

important value, other than the MTTF, which is the p-value. An explanation regarding

this statistical parameter is shown in Appendix G. Typically, if the p-value ≤ 5%, the

null hypothesis is rejected, and vice versa. The null hypothesis in this case states that

there is no difference in the lifetime distribution of the embankment between seed 1 and

2.

For the Moderate damage level (Figure 3.20a), it is clear that the lifetime distribution

of both seeds is close. However, each type of record gave a different estimation of the

MTTF. It seems that the slight decrease in D595 resulted in a decrease in the MTTF of

seed 2 comparing to seed 1. In addition, and based on the p-value of this damage level,

the lifetime distribution of seed 1 is different than that of seed 2 (i.e. the null hypothesis

is rejected because textitp-value < 5%). Concerning the Serious damage level in Figure

3.20b, for both seeds the MTTF is less than the chosen working life window. In addition,

they do not have similar or close lifetime distribution. Hence, these results emphasize

the importance of the choice of the seed records in the risk assessment. It should be

mentioned that these results are affected by the number of the sampling data used for the

study. Probably a larger data might give different findings. But for instance, the effect
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Figure 3.20: Comparison of the survival functions for each seed record for a) Moderate and b)
Serious damage levels

of the seed record is important for the risk assessment of the embankment, specially for

high damage levels.

f) Does the generated sequences have different magnitude distributions?
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Figure 3.21: a) The density distribution function and b) the CCDF of Mw for three example
sequences
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To answer this question, three example sequences of different subsets were chosen. Figure

3.21 shows the density distribution function of each example. Clearly, the magnitude

intervals are represented, in addition, with no similarity in the distribution of each se-

quence.



94 3.10. Complements to this chapter



Chapter 4

Lifetime evolution of the performance

of an embankment subjected to

sequences of mainshocks and

aftershocks

Contents

4.1 Introduction . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 96

4.2 Assumptions of this chapter . . . . . . . . . . . . . . . . . . . . . . . 99

4.3 Model to generate aftershocks . . . . . . . . . . . . . . . . . . . . . . 99

4.3.1 Distribution of the magnitude-frequency . . . . . . . . . . . . . . . . . 100

4.3.2 Distribution of the occurrence time . . . . . . . . . . . . . . . . . . . . 101

4.3.3 Location of the aftershocks . . . . . . . . . . . . . . . . . . . . . . . . 102

4.3.4 Description of the generated aftershocks . . . . . . . . . . . . . . . . . 102

4.4 Damage measure during sequential clusters . . . . . . . . . . . . . . 104

4.4.1 Relative crest settlement for sequential earthquakes . . . . . . . . . . 105

4.4.2 Damage index from the soil residual strength . . . . . . . . . . . . . . 107

4.5 Survival functions of the tested sequences . . . . . . . . . . . . . . 109

4.6 Fragility curves evolution . . . . . . . . . . . . . . . . . . . . . . . . . 111

4.7 Conclusing remarks . . . . . . . . . . . . . . . . . . . . . . . . . . . . 115
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Abstract

Structures are subjected to multiple earthquakes during their typical design working life. More-

over, earthquakes are divided into clusters of mainshocks and aftershocks. In consequence,

structures can be subjected to several cluster events and thus, the induced seismic damage

accumulates due to the multiple earthquakes in each cluster. In this context, the Performance

Based Earthquake Engineering (PBEE) methodology presents limitations in accounting for the

damage issued from multiple events because the traditional Probabilistic Seismic Hazard Anal-

ysis (PSHA) considers only mainshocks. In addition, the fragility curves represent the failure

probability in one event of a given intensity.

This work studies the response of a given structure subjected to sequences of mainshocks -

aftershocks during its lifetime. This chapter is a continuity of the work of Khalil and Lopez-

Caballero (2021), presented also in Chapter 3. This means that the site of concern and its

compatible PSHA are similar to the ones used in the cited work. Thus, the mainshocks are

known and generated from a stochastic synthetic ground motion model. The aftershocks are

generated in this chapter from the Branching Aftershock Sequence (BASS) model. The cu-

mulative damage measure of the embankment is calculated after the tested sequences. More

importantly, its lifetime distribution is estimated and compared with previous results. And fi-

nally, to be compatible with the PBEE methodology, the fragility exposure of the embankment

over its lifetime was calculated as to emphasize the effect of the loading history.

This chapter is under preparation to be published in a scientific journal.

4.1 Introduction

In earthquake-prone regions, structures are exposed to seismic sequences that consist of main-

shocks, aftershocks and foreshocks. Aftershock events are usually triggered by the mainshocks

due to the change of static and dynamic stresses during the earthquake process (Ruiz-Garćıa,

2012). It was shown that aftershocks exacerbate the damage generated from the triggering

mainshock and may be the reason of collapse even though they have a smaller magnitude than

the triggering mainshock (Yeo and Cornell, 2009; Zhai et al., 2013; Ruiz-Garćıa, 2014; Wen

et al., 2017; Shokrabadi and Burton, 2018, among others). When structures are subjected to

multiple deterioration over time, the assessment of their useful Life Cycle is interesting to esti-

mate. Several analysis exist in order to calculate or estimate the life cycle of the structure (Yeo

and Cornell, 2009; Sanchez-Silva et al., 2011; Ruiz-Garcia and Negrete-Manriquez, 2011; Ier-

volino et al., 2015; Riascos-Ochoa et al., 2016; Salami et al., 2019; Lopez-Caballero et al., 2020,

among others). Typically, by taking into account sequences of loading, the induced potential

damage during the lifetime D(t) of the structures can be interpreted as the accumulation of the

damages due to all the occurred earthquake shocks N(t) (Sanchez-Silva et al., 2011; Iervolino

et al., 2015; Lopez-Caballero et al., 2020):
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D(t) =

N(t)
∑

i=1

Di(ti) , (4.1)

where Di(ti) is the damage accumulated until the ith shock. In practice, from the Perfor-

mance Based Earthquake Engineering (PBEE) methodology, structures are designed to resist

the first damaging earthquake scenario. Hence, the classical fragility curves represent the failure

probability of one event of a given intensity only. This means that this framework neglects the

cumulative damage and the evolution of the material properties issued from multiple events

(Iervolino et al., 2020). In addition, the commonly used Probabilistic Seismic Hazard Anal-

ysis (PSHA) to select the corresponding ground motions, is intended to evaluate the hazards

from discrete independent events. Thus, empirical scaling laws (i.e. Gutenberg-Richter, mod-

ified Omori’s law, Bath’s law) have been proposed to characterize the aftershocks occurrence

(Shcherbakov et al., 2005). These laws are based on parameters that depend on the statis-

tical properties of particular seismic sequences (Shcherbakov et al., 2005; Ruiz-Garćıa, 2012;

Trevlopoulos et al., 2020). Previous works on buildings subjected to mainshock-aftershock

events have been conducted (Li and Ellingwood, 2007; Hatzigeorgiou and Beskos, 2009; Ruiz-

Garcia and Negrete-Manriquez, 2011; Ruiz-Garćıa, 2012; Goda, 2012; Zhai et al., 2013; Ruiz-

Garćıa, 2014; Ghosh et al., 2015; Iervolino et al., 2015; Shokrabadi and Burton, 2018; Pan and

Kusunoki, 2020, among others).

In this context, researchers, have been recently interested in conducting methodologies to as-

sess the fragility exposure of structures subjected to mainshocks-aftershocks events (Panchireddi

and Ghosh, 2019; Iervolino et al., 2020; Di Sarno and Pugliese, 2020; Wen et al., 2020; Zhang

et al., 2020, among others). Therefore, evaluating the seismic performance of structures sub-

jected to sequential seismic events, specially when dealing with the aftershock occurrence, re-

quires explicit consideration of the uncertainty in the state of the structure (Shokrabadi and

Burton, 2018). For example, the known Incremental Dynamic Analysis (IDA) which assesses

the response of structures subjected to multiple events requires the scaling of the seismic input

(Shome, 1999; Vamvatsikos and Cornell, 2002; Iervolino et al., 2015, among others). Then, fail-

ure is identified once the structure exceeds a threshold limit. However, in liquefaction related

problems, several aspects are essential. For example, the multi-physical aspects of the soil,

its history of loading and its correlation with several intensity measures, are all important as-

pects that makes the IDA approach unrepresentative of the overall response of the geo-structure

(Sica et al., 2008; Causse et al., 2014b; Lopez-Caballero et al., 2016; Khalil and Lopez-Caballero,

2021).

Otherwise, the Survival Analysis has been a used approach in geotechnical engineering to

identify the relative risks of various earthquake (Nafday, 2010; Lopez-Caballero et al., 2020;

Khalil and Lopez-Caballero, 2021). It is defined as the time length of the structure until the

occurrence of an event of interest (i.e. equipment failure, damage, complex system) (Hosmer Jr
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and Lemeshow, 1999; Nafday, 2010; Christodoulou and Fragiadakis, 2014; Diamoutene et al.,

2016; Lopez-Caballero et al., 2020; Khalil and Lopez-Caballero, 2021). It accounts for a set of

statistical methods to analyze data that has the occurrence time of an event as the outcome.

It calculates the probability of survival of concerned test data and estimates its Mean Time to

Failure (MTTF).
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Figure 4.1: The methodology presented in this chapter

In the work of Khalil and Lopez-Caballero (2021), it was estimated the lifetime distribution

of the embankment subjected to mainshock sequential events. These later were extracted from

several subsets compatible with the seismic hazard of the site of concern. Each subset was

compatible with the event rate of the mainshocks and the corresponding time histories were

permuted many times in order to consider the randomness of the events. For the same geometry

and numerical model in the work of Khalil and Lopez-Caballero (2021), the steps of this work

are presented in Figure 4.1. This study will try to answer the following significant questions:

a) How does the cumulative damage evolve during the lifetime of the embankment when sub-

jected to sequences of mainshocks-aftershocks, comparing to sequences of only mainchocks

events ? (Section 4.4)

b) Does the aftershock occurrence affects the lifetime distribution of the embankment, as
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well as its MTTF ? (Section 4.5)

c) How do the fragility curves evolve after multiple loading histories ? Is their evolution

dependent of the type of the applied load ? (Section 4.6)

In order to answer these questions, the methodology and the PSHA of the site of concern are

similar to the ones presented in the work of Khalil and Lopez-Caballero (2021). A large number

of time histories is generated using stochastic simulations from the synthetic ground motion

model of Rezaeian and Der Kiureghian (2012). The model used to generate the aftershocks is

based on the probabilistic version of the Branching Aftershock Sequences (BASS) model and

is inspired from Turcotte et al. (2007) and Hu et al. (2018).

4.2 Assumptions of this chapter

In this chapter, the required assumptions are:

• The effect of external uncontrolled conditions (i.e. weather, rain, wind) is not considered.

• Since aging is connected to the material resistance, origin and age, it is not considered in

this study.

• The computations start after the construction phase when the embankment is intact.

Thus, it does not have a history of earthquake loading at the first mainshock event.

• The embankment is not subjected to any repairs during its lifetime.

• The constitutive model does not take into account the secondary consolidation or com-

pression after each seismic loading.

• The cluster earthquakes consist of mainshocks and aftershocks only. The effect of fore-

shocks is not considered in this study.

• Even if the used synthetic model of Rezaeian and Der Kiureghian (2012) model is for Mw

greater than 6.0, it was verified that the obtained intensity measures are compatible with

the selected ground motion prediction equations for lower magnitudes (refer to Chapter

3).

• The original database used in the stochastic ground motion model to generate the main-

shocks is not modified to generate the aftershocks (as in the work of (Hu et al., 2018)).

4.3 Model to generate aftershocks

It is known that an earthquake event does not consist of only mainshocks, but also the occur-

rence of aftershocks and foreshocks. A cluster earthquake is in general composed of one main-

shock with its corresponding aftershocks. The Epidemic Type Aftershock Sequence (ETAS)
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model has been widely used to model the statistics of seismicity (Turcotte et al., 2007; Hu

et al., 2018; Trevlopoulos et al., 2020, among others). An essential feature of the ETAS model

is the magnitude dependent branching (parent-daughter) ratio. In this context, Turcotte et al.

(2007) introduced Branching Aftershock Sequence (BASS) model as the self-similar limit of the

ETAS model. Both approaches are based on empirical laws describing the distribution of earth-

quakes in magnitude, time and space. Four scaling relations are required in order to generate

and identify the aftershocks distribution: 1) the Gutenberg-Richter (GR) frequency-magnitude

scaling, 2) the Bath’s law (or the modified version) for maximum-magnitude scaling, 3) Omori’s

law for power-law seismicity rate decay and 4) a spatial form of Omori’s law. Both approaches

utilize the concept of primary, second-order and higher-order aftershocks. The primary dif-

ference between the ETAS and the BASS model is in their use of the Bath’s law to estimate

the a-value of the GR relation; the BASS model uses the modified form of Bath’s law instead

of the productivity relation used in the ETAS model (Turcotte et al., 2007). In addition, the

branching statistics in the BASS model are identical to the self-similar Tokunaga statistics of

drainage networks (Turcotte et al., 2007; Yoder et al., 2013).

The following section will develop the theoretical model used to generate the corresponding

aftershocks of the mainshocks found in Chapter 3. It should be recalled that the mainshocks

were generated from the stochastic ground motion model of Rezaeian and Der Kiureghian

(2012). As for the aftershocks generation, it is based on the BASS model to compute the

distribution in magnitude and time of the aftershochs and is inspired from Turcotte et al.

(2007) and Hu et al. (2018). As for the location of the aftershocks, and due to the point source

of the seismic propagation (i.e. no directivity effects), an Aftershock PSHA (or APSHA) is

used (Iervolino et al., 2015). It should be mentioned that only primary order of aftershocks

is considered in this study. The theoretical equations will be developed first, and at the end

of that, a summary of the used scaling relations for this study and their parameters will be

presented.

4.3.1 Distribution of the magnitude-frequency

Similar to any seismic hazard model, the frequency-magnitude distribution of each sequence

aftershock should satisfy the Gutenberg-Richter (GR) relation (Equation 4.2):

log10[Nd(> md)] = ad − bdmd , (4.2)

where md is the magnitude of the aftershocks, Nd(> md) is the number of the aftershocks with

magnitude greater than or equal to md. Parameters ad and bd are constants (or known as

a-value, b-value of the GR distribution). It should be noted that in practice, the magnitude of

the largest aftershock ∆m∗ should be less than that of the triggering mainshock mp. So

Nd(> (mp −∆m∗)) = 1 . (4.3)
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Considering both Equations 4.3 and 4.2, The GR relation for aftershocks will be:

log10[Nd(> md)] = bd(mp −∆m∗ −md) , (4.4)

In order to terminate the sequence of aftershocks, it is necessary to specify a minimum mag-

nitude of the aftershocks mmin. The total number of aftershocks NdT based on Equation 4.4

is:

NdT = N(> mmin) = 10bd(mp−∆m∗−mmin) . (4.5)

Hence, the cumulative distribution function PCm for the magnitude of the aftershocks, is de-

duced from Equations 4.4 and 4.5. It is a random value between 0 and 1 and is given by:

PCm =
Nd(> md)

NdT

= 10−bd(md−mmin) . (4.6)

In this study, the empirical parameters to calculate the aftershocks magnitude are mmin = 4.5,

bd = 1 and ∆m∗ = 1.3.

4.3.2 Distribution of the occurrence time

Knowing the magnitude of each occurring aftershock in the sequence from Equation 4.6, the

time delay td until the occurrence of each aftershock after the triggering mainshock should

be known. It should be mentioned that td will allow to know the sequential position of each

occurring aftershock. Following the generalized form of Omori’s law, the rate of aftershock

occurrence R(td) would be:

R(td) =
dNd

dt
=

1

τ(1 + td
c
)p
, (4.7)

where τ , c and p are given parameters. Nd(> td) is the number of aftershocks that occurred

after a time td:

Nd(> td) =

∫ ∞

td

dNd

dt
dt′ =

c

τ(p− 1)(1 + td
c
)p−1

. (4.8)

Setting td = 0 in Equation 4.8, the total number of aftershocks will be obtained. Hence, the

cumulative distribution function PCt for the occurrence time of the aftershocks will be:

PCT =
Nd(> td)

NdT
=

1

(1 + td
c
)p−1

, (4.9)

PCt is a random value between 0 and 1 and the time of occurrence of the aftershock is deduced

from Equation 4.9. The parameters used in this work to calculate td are τ = 0.001 and p =
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1.25.

4.3.3 Location of the aftershocks

Concerning the seismogenic zone of the aftershock, it is assumed that each mainshock has its

corresponding aftershocks located within an area around its epicenter. The size of this area

depends on the magnitude of the triggering mainshock as follows:

SA = 10md−mmin . (4.10)

Within this area, considered a square, the aftershocks occur on a smaller lattice. Table 4.1

summarizes the parameters values of the scaling relations used for this study. Having the

magnitude, distance and the time delay until the occurrence of every daughter earthquake, the

generation of aftershocks time histories is feasible.

Scaling relations Parameters values References
GR-Bath Parameters:

NdT = N(> mmin) = 10bd(mp−∆m−mmin) bd = 1 Turcotte et al. (2007)
md = −(1/bd) · log(PCm) +mmin ∆m = 1.3 and Hu et al. (2018)

Temporal Omori: Turcotte et al. (2007)

td = τ · (P
−1/(p−1)
Ct − 1) p = 1.25 τ = 0.001 and Hu et al. (2018)

Space APSHA:
SA = 10md−mmin mmin = 4.5 Iervolino et al. (2015)

Table 4.1: The scaling relations of the magnitude, time and space distribution of the used model
to generate the aftershocks

4.3.4 Description of the generated aftershocks

In the following, it will be described the IMs of the generated aftershocks. The median response

spectra (structural damping ξ = 5%) of the generated mainshocks and aftershocks are shown

in Figure 4.2a. It is clear that the spectral acceleration of the mainshocks is slighly higher than

that of the aftershocks (Turcotte et al., 2007; Hu et al., 2018). Figure 4.2b shows a window of a

sequence example. It can be seen from this figure three ideas: i) the aftershocks, if they exist,

occur between two mainshocks, ii) the magnitude of the aftershocks is less than that of the

principal mainshock and iii) the mainshock of larger magnitude will generate more aftershocks

comparing to the one with a small magnitude (Equation 4.6).

Another illustration of the mainshock-aftershock parameters is shown in Figure 4.3. This

figure considers three mainshocks (in dashed circles) with their corresponding aftershocks. Each

cluster earthquake is drawn in a different shape (circle, square and diamond). Figure 4.3a shows

a scatter plot of the outcrop acceleration amax,out, the equivalent predominant frequency 1/Tva

and the magnitude Mw. Based on Kawase (2011), there exists a proportional relation between
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Figure 4.2: a) The response sprectral of the generated aftershocks and b)a section of a sequence

the peak ground velocity PGV , amax,out and 1/Tva and is represented as dashed lines. In

addition to these parameters, Figure 4.3b shows also the variation of the source-to-site distance

R.
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Figure 4.3: Scatter plots of some ground motion parameters of mainshocks and aftershocks
with respect to a) Mw and b) Mw and R

From Figure 4.3, it can be seen that the corresponding aftershocks have close values of

amax,out and 1/Tva but are in general less than those of the mainshock. In addition, the magni-

tude of the mainshock is higher than that of the aftershocks, whereas the source-to-site distance

of the aftershocks is close to that of the mainshocks.

In order to take into account all the generated Mainshocks (MS) and the Aftershocks (AFS),

Figure 4.4 shows a matrix form of a logarithmic comparison of some ground motion parameters.

The comparison is conducted in terms of the density functions located in the diagonal of the
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matrix, the scatterplots and the histograms that are both located to the bottom left of the

diagonal and finally, the boxplots that are located to the right.
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Figure 4.4: The logarithmic distribution of some ground motion parameters of the Mainshocks
(MS) and the Aftershocks (AFS)

For the density distribution function of the chosen parameters, it can be seen that the

distributions of MS and AFS overlap for almost all the tested parameters, except a small change

in the effective duration D595. For the median value of each database, it can be seen from the

boxplots, that it is almost close for the two ground motions. Concerning the scaterplots and

the histograms, they are useful to have an idea about the precise values or the relation between

each parameter.

It was calculated in Chapter 2 global damage indices to evaluate the potential failure of

the embankment. It was evaluated also in the work of Khalil and Lopez-Caballero (2021) (or

Chapter 3) the response of the same embankment after sequences of mainshock events. It will

be examined in the next section, the damage measures of the embankment subjected to the

same sequences of mainshocks but with their corresponding aftershocks occurrence.

4.4 Damage measure during sequential clusters

The PBEE methodology provides a probabilistic description of the system-level performance of

structures. It requires the calculation of an engineering demand parameter that can be related

to the intensity measure of the occurred ground motions. The potential structural failure is

measured either for each structural element (local) or related to the global response of the

structure (Cosenza and Manfredi, 2000). However, for life cycle assessment, it is necessary to
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account for the build-up of seismic losses because of the damage issued from multiple events

(Ghosh et al., 2015; Iervolino et al., 2015, 2020, among others).

In this study, 210 sequential cluster events of MS-AFS are considered. It should be reminded

that each sequence contains 44 acceleration time histories of mainshocks that were permuted

10 times. In order to be statistically representative of a large number of sequences, 21 subsets

compatible with the seismic hazard of the site of concern were considered. In addition, to

take into account the recovery time of the embankment after each principal shock, 30 seconds

of no load is added after each mainshock. Chapter 3 (or Khalil and Lopez-Caballero (2021))

emphasizes the importance of the recovery time on the response of the embankment. Since

the used numerical model takes into consideration the damage history of the embankment, in

this section, the evolution of the global response will be examined from the damage measures

presented previously in Chapter 2. Nevertheless, they will be briefly developed hereafter. All

over this chapter, the notation MS designates Mainshocks and AFS designates Aftershocks.

4.4.1 Relative crest settlement for sequential earthquakes

The performance of the embankment during its lifetime is evaluated from its cumulative damage

measure. In the case of embankments (or dams), the damage is quantified from the percentage

relative crest settlement δuz,rel/H where uz,rel is the crest settlement and H is the height of

the dam with the foundation (i.e. 19 m in this case) (Lopez-Caballero and Khalil, 2018; Khalil

and Lopez-Caballero, 2021). In order to classify the damage, levels are also attributed to the

relative crest settlement. When δuz,rel/H ≤ 0.02%, there is No damage, if 0.02% < δuz,rel/H ≤

0.1%, the damage is Minor, if 0.1% < δuz,rel/H ≤ 1%, the damage is Moderate and finally if

δuz,rel/H > 1%, the damage is Serious. For the sake of brevity only, Figure 4.5 shows a

comparison of δuz,rel,cum/H for two examples of MS and MS-AFS sequences in order to examine

the effect of the aftershock occurrence. It should be mentioned that for each presented case in

Figure 4.5, the permutation of the mainshock events is the same in both sequence types. The

only difference is the aftershock occurrence.

Clearly, two typical behaviors can be identified. In Figure 4.5a the global response during

the lifetime of the embankment was almost similar for the two sequences. At a point in time,

when the 17th shock occurred, a small peak in the damage appears for the MS-AFS sequence.

It should be noted that this shock has 3 aftershocks. On the contrary, the damage for MS-AFS

sequence in Figure 4.5b, has a rapid increase in the 9th shock so that it surpassed a damage

level. It should be noted that this shock produced 70 aftershocks. After it, the damage was

higher for the MS-AFS sequence, until the end of the lifetime when the soil densifies and was

subjected to multiple types of motions, the level of damage is the same. Thus, it should be

remarked that the occurence and the high number of aftershocks (i.e. Nd, Section 4.3) has a

major importance on the lifetime behavior of the embankment.

In order to take into considerations all the tested sequences, the median estimator value

of the cumulative relative crest settlement is shown in Figure 4.6. A comparison with the
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Figure 4.5: Comparison of the percentage relative crest settlement for an example of mainshock
(MS) sequences and mainshocks - aftershocks (MS - AFS) sequences

0.01

0.10

1.00

0 25 50 75 100

T��
 ��
����

�
�^

δ
u

z
,r

e
l/H

 [
%

]

��
������

Figure 4.6: Median value of the crest settlement for the MS and MS-AFS sequences

MS sequential type appears also in this figure. Clearly, the damage during the lifetime of

the embankment is not the same, whereas at the beginning and the end of the lifetime, the

cumulative crest settlement is slightly different between both sequences. However, for the level

of damage, no remarkable difference is noted (i.e. at the end of the lifetime, Moderate damage

was reached for MS and MS-AFS sequences).

It can be deduced from the comparison of the MS and MS-AFS sequences, that the lifetime

damage of the embankment could be affected by the occurrence and number of aftershocks. As

for the level of damage, similarity between both sequences is identified. In order to understand

the reason behind this behavior, a close examination a damage index related to the soil residual
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strength is conducted in the next section.

4.4.2 Damage index from the soil residual strength

It was previously presented and discussed in Chapter 2 that from the used soil constitutive

model, the “distance to reach the critical state” can be provided through the parameter rapt.

The yield surface of the model (Equation 4.11) shows two parameters that control the behavior

of the soil.

fk(σ, ε
p
v, rk) = qk − sinφ′

pp · p
′
k · Fk · rk . (4.11)

Fk that controls the isotropic hardening associated with the plastic volumetric strain and rk

that controls the isotropic hardening generated by the plastic shearing. These two parameters

represent progressive friction mobilization in the soil, such that:

Fk = 1− b ln

(

p′k
pc

)

, (4.12)

pc = pco exp(β ε
p
v) . (4.13)

sinφ′
apt =

qk
p′k · Fk

, (4.14)

rapt =
sin φ′

apt

sinφ′
pp

. (4.15)

rapt varies from 0 and reaches perfect plasticity at 1. So when rapt is close to one, the critical

state is reached and hence instabilities such as liquefaction, will occur. Because rapt is considered

as a local damage index, the failure density concept represented by ρrapt , calculates the local

damage exceedance in a domain of interest. Thus, it can be estimated as a global damage index.

It should be reminded that technically, ρrapt represents the percentage of the local integration

points of a domain that have rapt ≥ 0.75 (Lopez-Caballero and Modaressi-Farahmand-Razavi,

2013; Rapti et al., 2018) (see also Chapter 2).

It was found in Section 4.4.1 that the lifetime damage index of the embankment represented

by the relative crest settlement δuz,rel,cum/H slightly varies when the aftershocks occur. The

link of this damage measure with the one related to the soil residual strength (i.e. ρrapt≥0.75)

is shown in Figure 4.7. It should be reminded that similar to the notation of Chapter 2,

ρrapt≥0.75 means ρrapt≥0.75(t = tend). In addition, the domain of interest in which this parameter

is calculated is the soil shallow foundation with the embankment. Hence, the lifetime evolution

of both damage indices is shown for an example of a MS sequence (Figure 4.7a) and for the same

sequence with added aftershock occurrence (Figure 4.7b). The response of the embankment

for this sequence example can be divided into three time intervals: before 30 years, between 30

and 60 years, and after 60 years. A discussion on each sequences will be developed and then a

comparison of both types will proceed.

For the mainshock sequence in Figure 4.7a, before 30 years, ρrapt≥0.75 slightly increases when
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Figure 4.7: The time evolution of δuz,rel/H and ρrapt≥0.75 for a a) MS sequence and b) a MS-AFS
sequence

δuz,rel/H was also increasing. The global damage for this duration is still acceptable. It should

be remarked that for one shock at 18 years, the crest settlement increases whereas ρrapt≥0.75

decreases, this means this shock did not induce many local instabilities, or on the contrary

it helped the soil to dissipate the residual excess pore water pressure ∆pw. Between 30 and

60 years, the behavior was almost similar to the previous time interval, however, at 50 years,

δuz,rel/H increases rapidly to reach severe damages which induced instabilities in 30% of the

domain of interest (i.e. ρrapt≥0.75 = 0.3). After 60 years, both damage measures are constants.

For the aftershock occurrence in this example sequence (Figure 4.7b), no change in the response

for two time intervals: before 20 yeas and after 60 years. However, between 30 and 60 years, the

aftershocks prevented the rapid increase in the crest settlement and in ρrapt≥0.75. It is interesting

to mention that for both MS and MS-AFS sequences, at the end of the lifetime duration, the

level of damage is the same. This result confirms the one deduced from the lifetime evolution

of the relative crest settlement and also verifies the link between both damage indices.

As to take into consideration more example sequences and the lifetime evolution of ρrapt≥0.75,

Figure 4.8 shows this parameter for two example sequences of MS and their corresponding

sequences with aftershock occurrence. As expected, two typical behaviors can be identified: a

similarity in the response during time, for example the sequence in Figure 4.8a, and a slight

difference in the damage response specially after a severe shock (Figure 4.8b).

It can be partially concluded from this section, that the lifetime embankment failure, evalu-

ated from two damage indices slightly differs between MS and MS-AFS sequences. The occur-

rence of AFS increases the damage during time, but, at the end of the working life, the damage

of both sequences is slightly close and the level of damage is the same. The coming section will

try to answer the second question of the Introduction section about the effect of the aftershocks

occurrence on the lifetime distribution of the embankment.
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Figure 4.8: The time evolution of ρrapt≥0.75 for two examples of MS or MS-AFS sequences

4.5 Survival functions of the tested sequences

Survival analysis is the time needed for an event of interest to occur. It is also called the time-to-

event data (Bradburn et al., 2003; Kartsonaki, 2016; Schober and Vetter, 2018, among others).

Survival analysis is represented by survival functions or hazard functions. They are both in-

versely proportional, so when the hazard increases the survival function decreases. This later

estimates the lifetime distribution of a test model and more importantly its Mean Time To Fail-

ure (MTTF, the expected time to failure for a non-repairable system). Several approaches exist

in order to calculate the survivors (Hosmer Jr and Lemeshow, 1999). They can be parametric

and non-parametric approaches. The commonly used method is the Kaplan-Meier estimator

(Kaplan and Meier, 1958). It is a non parametric method that does not need any assumptions

for the distribution of the survival time, or the relationship between the covariates and the

survival time (refer to Khalil and Lopez-Caballero (2021) for more details).

Section 4.4 analyzed the damage measure of example sequences of MS and MS-AFS. In

order to take into account all the tested sequences and evaluate their survival probability, a

survival analysis is conducted to estimate the useful working life of the embankment. The

survival functions for Moderate (DL3) and Serious (DL4) damage levels are shown in Figure

4.9. The MTTF and the p-value are indicated in this figure. Typically, if the p-value ≤ 5%,

the null hypothesis H0 is rejected, and vice versa. Appendix G presents a detailed explanation

about the statistical parameter p-value. The null hypothesis H0 in the case of this chapter is to

state that there is no difference in the lifetime distribution of the embankment between a MS

or a MS-AFS sequence. In addition, an informative risk table shows the number of sequences

that did not reach the precised damage level in a specific period of time.

Concerning the Moderate damage (or DL3, Figure 4.9a), the MTTF of both MS and MS-

AFS sequences occurs within the useful life of the embankment (i.e. 100 years). However, the
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Figure 4.9: Survival functions of the two types of sequences used in this study for a) Moderate
damage (DL3) and b) Serious damage (DL4)

occurrence of aftershocks decreased the MTTF of the embankment for 5 years (i.e. 20.5 years in-

stead of 25 years for MS sequence). The risk table shows also that more sequences have reached

DL3 when the aftershocks occurred. For example, at 20 years, 126 MS sequences resisted this

level of damage comparing to a decrease to 108 MS-AFS sequences that resisted it. Moreover,

the p-value ≤ 5%, which means that H0 is rejected and thus, there is a difference between the

lifetime distribution of the MS and MS-AFS sequences for Moderate damage level. As for the

Serious damage (or DL4, Figure 4.9b), the embankment maintains its initial performance and

then starts to degrade. The survival function did not reach its MTTF and the null hypothesis

is accepted, thus, the two distributions are alike for this damage level. However, after 70 years,

the lifetime distribution for DL4 in the case of MS-AFS sequences is slightly different from that

of the MS sequences. This remark can also be seen from the risk table. Thus, for DL4, the

embankment might reach its MTTF for a time window greater than 100 years (e.g. 475 years).

This means that for the same event rate of mainshocks, the number of shocks should be greater

than 44 input motions in one sequence. Clearly, the survival probability is site and structure

specific because it is controlled by the ground motions characteristics and the working life of

the concerned structure.

It can be partially concluded that for the considered working life of the embankment, the

aftershocks occurrence is important for small damage levels whereas it is not the case for high

damage levels. This aspect was seen because the embankment for DL3, started to degrade

directly after the first shock, however for DL4, it maintained its initial performance and then

degraded with time.
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Since the survival analysis can be interpreted as a probability of failure, the coming section

will develop the classical way to calculate this probability (i.e. fragility curves) and evaluate it

during the working time of the embankment.

4.6 Fragility curves evolution

From Section 4.5, it was found that for Moderate damage level, the lifetime distribution of the

MS and MS-AFS sequences is not the same, on the opposite to Serious damage level. In this

section, and because the fragility curves are commonly used for seismic loss estimation and

risk management, their time evolution will be assessed. Classical fragility curves represent the

failure probability of one event of given intensity (Shinozuka et al., 2000; Sáez et al., 2011;

Zentner, 2017; Iervolino et al., 2020, among others). However, for life cycle assessment, it is

necessary to account for the build-up of seismic losses because of the damage in multiple events.

In addition, the fragility functions are developed from independent and identically distributed

observations. Hence, it is difficult to conduct the fragility curves for the cluster earthquakes

since the aftershocks depend on their corresponding mainshock. More importantly, the history

of loading in the soil plays a major role in its future behavior, which emphasizes the importance

of the sequential analysis (Khalil and Lopez-Caballero, 2021). In order to overcome these

challenges, the evolution of the fragility curves during the lifetime of the embankment proposed

in this study is summarized in Figure 4.10 (continuity of Figure 4.1).
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Figure 4.10: The methodology presented in this section

For different time intervals during a MS-AFS sequence, the damage state of the embank-

ment is not the same. For each corresponding state (considered as a new initial state - site
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and structure specific), the damage is calculated after a number of unchained real motions

(structure-specific) in order to calculated the fragility curves. Thus, the total induced damage

is the one produced from the cumulative damage at t = ti resulted from the MS-AFS sequence

added to the one produced from unchained ground motions (i.e. Dtot = Dcumms−afs(ti) +Dreal).

According to that, and given the IM corresponding to the real ground motions, the evolution in

time of the fragility curves is calculated. In the case of this work, the real ground motions are

events ranged between 5.2 and 7.6 in magnitude and a site-to-source distances from 15 to 50

km. These events correspond to the type RM developed in Chapter 2. The MS-AFS sequence

taken as an example is shown in Figure 4.11 and the years interval after which the fragility

curves will be calculated are 0, 11, 22, 45 and 100 years (dashed lines).
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Figure 4.11: The MS-AFS sequence example and the time interval after which the fragility
curves will be calculated

First, in order to examine the evolution of the global response of the embankment after

each time interval, its damage measure is drawn in Figure 4.12a. It should be noted that in

this figure, “NH” means “no history” and “WH” means “with history”. Taking as a reference

the damage at t0 = 0, which means when the embankment did not have a loading history,

the evolution of δuz,rel/H shows that crest settlement increases when the time increases. It is

interesting to mention that for longer t0, the history of loading delays the arrival to high values

of δuz,rel/H that are compatible with the referenced values (at t0 = 0).

Concerning the second damage index related to the soil’s residual strength, ρrapt≥0.75, and

its link with δuz,rel/H , Figure 4.12b shows that for a short lifetime duration (i.e. t0 = 11 or

22 years), δuz,rel/H and ρrapt≥0.75 were still acceptable. In addition, the results overlaps with

the ones of t0 = 0. This indicates that sometimes, the short term analysis may be enough to

represent the performance of the embankment. However, for higher values of t0, both δuz,rel/H

and the density parameter ρrapt≥0.75 showed important values with a tendency to regain the

initial values at t0 = 0. This result emphasizes the need to consider sequential analysis to

understand the global performance of the structure during its lifetime.

As for the calculation of the fragility curves, two-parameter log-normal distribution functions
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Figure 4.12: The time evolution of the crest settlement δuz,rel/H and the density parameter
ρrapt

are used (Equation 4.16) and are estimated from the maximum likelihood method (Shinozuka

et al., 2000; Sáez et al., 2011). In addition, the quality of fit and the estimation of the confidence

intervals are conducted from the methodology presented in the work of Sáez et al. (2011).

More details about the computation of the fragility functions are presented in Appendix E.

Considering a damage measure DM0 for given a IM of level im. It has the following form:

P (DM > DM0|IM = im) = φ

[

ln im− ln ηDM |IM

βDM |IM

]

, (4.16)

where φ[.] is the standardized normal distribution function. ηDM |IM is the median threshold

value of IM required to cause the damage and βDM |IM is the total lognormal standard deviation.

One or more IMs can be used to represent the fragility curves (Lopez-Caballero and Khalil,

2018). In this study, the intensity measure is the outcrop acceleration amax,out, and the damage

levels are Moderate and Serious. The results are shown in Figure 4.13. The solid line in this

figure shows the response of the embankment without a past history which means at t0 = 0.

Clearly, from Figure 4.13, the fragility curves evolves with time. At 11 years, the probability

of exceeding the Moderate damage level depends on the severity of the ground motion that

happened during this time (Figure 4.13a). For example, for ground motions of accelerations

less than 0.2 g, the fragility curve is lower than that at t0 = 0. However, greater than 0.2 g

and for this short time interval, the embankment reaches failure faster when it has a history of

loading. It should be mentioned that the other time intervals (i.e. 22, 45 and 100 years) are

not drawn for this damage level, since their probability of failure is 1. As seen in Figure 4.11,

the new “initial” state of the embankment after those time intervals has already surpassed the

Moderate damage level. Concerning the Serious damage level in Figure 4.13b, also for t0 = 11

years, the probability of failure depended on the severity of the ground motion. However, at 22
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Figure 4.13: The evolution in time of the probability of exceeding the a) Moderate and b) the
Serious damage level

and 45 years, the fragility curves is lower than that at t0 = 0. Thus, it can be deduced that the

embankment resisted the applied load better than the beginning of its lifetime. This results

points out the importance of the soil history of loading that affects its future behavior and may

result in soil densification. Nevertheless, at 100 years, the probability of failure increases, and

the embankment resistance to the amount of loading decreases.

In order to take into account different sequence example, Figure 4.14 shows the fragility curve

of Serious damage evolution for two other example sequences having different permutations of

their mainshock occurrence. First, it can be seen that the interpretation of this case is different

from the one conducted for Figure 4.13b. For the same IM, in the case of sq14, the probability of

failure decreases at the beginning of the lifetime indicating a soil densification, to then increase

starting 43 years. However, for higher time intervals, the probability of exceeding this damage

level increases. It is interesting to notice that sq14 and sq48, at almost close t0 (i.e. purple

and yellow curves), showed completely opposite behavior. sq14 indicates a probability of failure

close to that at t0 = 0, however, sq48 shows an increase in this probability.

Thus, it can be deduced from these results, that the initial state of the embankment for

each selected time interval is site-specific and affected by the history of loading. Otherwise,

the fragility curve computation is somehow a structure-specific approach. The probability of

collapse decreases if the embankment tends to densify due to its history of loading, or the

opposite if its initial state was already excessively damaged. It should be reminded that the

embankment during its lifetime was not subjected to any type of reinforcement or amelioration.
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Figure 4.14: The evolution in time of the probability of exceeding the Serious damage level for
different sequence examples

4.7 Conclusing remarks

This chapter presents the lifetime evolution of the performance of the embankment subjected to

sequential cluster events. The mainshock events were similar to the ones presented in Chapter

3 and were composed from the synthetic ground motion model of Rezaeian and Der Kiureghian

(2012). It was first presented in this chapter the model to generate the aftershocks that is based

on the probabilistic version of the BASS model and is inspired from Turcotte et al. (2007) and

Hu et al. (2018). This chapter tries to answer the questions asked in the introduction as such:

a) During sequential earthquakes, the potential failure of the embankment evaluated from

its global damage measure shows that during time, the damage is higher for sequences

with aftershocks (i.e. MS-AFS) than the ones without the aftershocks occurrence (i.e.

MS).

b) The survival functions with their MTTFs values, showed that the consideration of the

aftershocks events is important for moderate levels of damage. However, the embankment

survived high damage levels for a working life of 100 years.

c) The evolution of the fragility curves depends on the sequence type, and more importantly

the initial soil state. It should be mentioned that the fragility functions were not computed

for the sequential cluster events themselves due to some challenges (i.e. dependency of

the mainshock and aftershock events, the randomness of the aftershock occurrence and

the soil history of loading). Instead, it was evolved for some time intervals of a sequence

example, after a bundle of unchained recorded ground motions. It was shown that the

probability of failure either increases or decreases from the very initial probability of

failure at t0 = 0.
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Abstract

Natural biological solutions have been used to overcome the challenges of the typical soil im-

provement methods. From experimental studies in this field, the treated soil will increase its

dilatant behavior, and a small amount of carbonate content is enough for soil amelioration.

From numerical studies, the permeability and porosity of the treated material decrease, and

one yield surface emphasizes the procedure.

This chapter aims to combine, from a phenomenological viewpoint, experimental and numerical

results to assess a mitigation application on a liquefiable foundation of an embankment. The

improvement requires the replacement of a treated material within an injection zone. The effect

of the number and type of the materials, and the potential of liquefaction of the embankment

are discussed. Large number of input motions is considered. Fragility curves are drawn. A

sensitivity analysis is conducted to identify the ground motion parameter that controls the

amelioration ratio of the crest settlement.

This chapter was submitted to the Géotechnique journal and cited as Khalil, C., & Lopez-

Caballero, F. (2021). Application of a mitigation method to reduce the earthquake-induced

liquefaction of an embankment. Géotechnique. (Submitted)

5.1 Introduction

The step change of the existing geotechnical practices to improve the soil against liquefaction

has been recently focused on the choice of natural biological solutions. Previously, the typical

methods required the densification or compaction of the soil with mechanical energy (Brennan

and Madabhushi, 2002; Mitrani and Madabhushi, 2012; Montoya-Noguera and Lopez-Caballero,

2016, among others). It was shown that these methods may be disruptive to existing facilities

and may cause extensive settlements. For this purpose, the mediated or inspired methods

provide somehow a sustainable ground improvement solution with less harm to the nature.

They are called the Bio-mediated or Bio-inspired processes. The latter is described by an

attraction or a translation of biological solutions to develop new abiotic solutions (DeJong and

Kavazanjian, 2019; DeJong et al., 2017). Whereas the Bio-mediated processes are managed

and controlled through biological activities together with chemical reactions. It should be

mentioned that the Bio-mediated processes, regroups three concepts: Microbial Induced Calcite

Precipitation (MICP), Enzymatically Induced Calcite Precipitation (EIDP) and Microbially

Induced Desaturation and Precipitation (MIDP). Researchers have collected that a treated soil

with these methods will have a higher shear wave velocity, unconfined compression strength and

peak friction angle than an untreated soil (Montoya and DeJong, 2015; O’Donnell, 2016; Lin

et al., 2016; Gomez and DeJong, 2017; Cui et al., 2017; Lee et al., 2020; Zhang et al., 2020; Yu

et al., 2020, among others). For example, in the work of O’Donnell (2016), undrained triaxial

tests on Ottawa sands with Dr = 40% and p′0 = 100 kPa were conducted. In order to evaluate
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the effect of the MICP, different percentages of carbonate content were applied. The results

of the referenced work are represented by the stress paths (Figure 5.1a) and the variation of

the excess pore water pressure (Figure 5.1b). Moreover, it is known that soils are primarily

controlled by the relative amounts of shear stress to mean stress which is also designated as the

stress ratio η = q/p′ (Been and Jefferies, 1985). Thus the variation of η can be considered as a

dilatancy indicator because of its relation with the critical friction ratioM or the friction angle

at the critical state φ′
pp. Figure 5.1c shows the variation of η with respect to the axial strain

ε1 adapted from the conducted tests in the work of O’Donnell (2016). It is clear that the soil

becomes more dilatant since the stress ratio reaches a peak value for small value of axial strain

(Figure 5.1). Furthermore, an important finding of the cited work is that a small carbonate

precipitation is able to increase the stiffness and dilatant behavior of the soil.
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Figure 5.1: The a) deviator stress, b) excess pore pressure and c) stress ratio from undrained
testing of specimens at an initial relative density of 40% and a confining stress of 100 kPa,
extracted and adapted from O’Donnell (2016)
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Challenges of ground improvement technologies

Although the improvement techniques are very important in ameliorating the soil, a good

attention should be made on the choice of the method because in some cases the added material

could be toxic to the surrounding and will cause other problems (O’Donnell, 2016). Thus,

additional costs will occur and are not appreciated by decision makers or industries. Moreover,

it cannot be denied that these methods present some challenges since any change in the macro-

scale performance (i.e. the addition of products) will affect the micro-scale soil conditions (i.e.

between the soil particles). Also, the common challenge for soil improvement techniques is

the upscaling effects due to the addition and transportation of products. So it is not easy to

consider both, the durability and longevity of the process to choose the best solution with the

least cost (Fauriel and Laloui, 2012).

Numerical studies vs Soil improvement techniques

Modeling the Bio-mediated processes require appropriate numerical tools that take into ac-

count the coupling between the mechanics and the bio-chemo-hydraulics approaches. The

focus of existing models has been mainly on the prediction of the bio-chemical processes and

the precipitated calcite distribution during the process (Van Wijngaarden et al., 2011; Stumpp

et al., 2011; Fauriel and Laloui, 2012; Feng and Montoya, 2016, among others). Since bacteria

are living organisms, they are subjected to mechanisms that affect the transport and the re-

moval of microbes in saturated, porous media as well as physico-chemical phenomena (Fauriel

and Laloui, 2012). The majority of the mathematical models involve a simplified form of the

advection-dispersion equations (Yavuz Corapcioglu and Haridas, 1984; Van Wijngaarden et al.,

2011; Stumpp et al., 2011, among others). Few models consider the change in the mechanical

properties due to the treatment (Van Wijngaarden et al., 2011; Fauriel and Laloui, 2012; Feng

and Montoya, 2016; Gai and Sánchez, 2019, among others). For example, in the work of Gai

and Sánchez (2019), a mechanical model in the framework of an elastoplastic theory and strain

hardening was presented in order to model laboratory tests for the MICP process. The model

was described with three yield surfaces: i) a critical state soil mechanics, ii) a MICP enhanced

and iii) a sub-loading yield surfaces. The purpose behind this consideration is to be able to de-

scribe the behavior of the soil during the monotonic loading, consider the mechanical influence

of the calcite precipitation and allow a smooth transition between elastic and plastic phases. It

was found from this cited work that the increase in the stiffness will induce a reduction in the

strain of the treated soil. In addition, the findings of their works showed that the yield surface

expands from a normal to a treated state but it does not change its shape.

Also in the context of modeling soil improvement methods, a bio-chemo-mechanical coupled

approach was presented in the work of Fauriel and Laloui (2012) where a nonlinear elastic model

to simulate the mechanical behavior of treated soils was adopted. Two-way coupling between the

hydro-mechanical system (i.e. flow, porosity, permeability stress-strain) and the bio-chemical
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system (i.e. diffusion, dispersion, reaction rate) was addressed to realistically predict the MICP

process and the overall system response. Concerning the mechanical responses, Fauriel and

Laloui (2012) concluded that the effective stress change is negligible due to the precipitation

of the calcium carbonate. In addition, the porosity and the permeability decrease. Thus, the

bacteria accumulation will not affect the volume of the fluid, instead, it will alter the solid

phase (Van Wijngaarden et al., 2011; Fauriel and Laloui, 2012). Moreover, the increase in the

stiffness will induce a reduction in the strain of the treated soil.

Hence, it is evident that the micro scale level (i.e. order of nanometers) is dependent on

the initial assumptions as well as the boundary conditions of the numerical model. Whereas

for the macro scale level (i.e. order of meters), previous works have been conducted to identify

the global response of structures after treated soil profiles (Elgamal et al., 2002; Adalier and

Aydingun, 2003; Lopez-Caballero and Modaressi-Farahmand-Razavi, 2013; Xu et al., 2013,

among others). For example, in the work of Montoya-Noguera and Lopez-Caballero (2016),

the effect of the spatial heterogeneity of the treated soil in a foundation is studied. It was

found that the liquefaction was reduced due to spatial distribution of the treated zones. In

addition, it was emphasized the importance of the mechanical behavior of the soil rather than

the permeability change.

State of art of this work

The state of art of this work is to present a soil improvement application that combines the

experimental-numerical approaches presented so far. This means that, from a phenomenological

point of view, this work will take into consideration the behavior changes of the treated soil

proven experimentally (i.e. the dilatant behavior and amount of carbonate content) as well as

the numerical results that simulated the process (i.e. the permeability decrease, the mechanical

response and the unmodified yield surface). Thus, the purpose of this chapter is to numerically

improve the foundation soil under a liquefiable embankment by adding treated zones and to

validate the results with previous works. The methodology applied to represent the mitigation

will require:

• The addition of a new material that has similar properties to a treated material with

MICP. From the work of O’Donnell (2016), it was found that a material treated with

MICP, will increase its dilatant behavior and the dilatancy of the material is proportional

to the carbonate content used to mitigate the soil (Figure 5.1 extracted and adapted

(O’Donnell, 2016)). It should be mentioned that from the reaction network of the MICP,

the calcite percentage increases with the carbonate content (Gomez and DeJong, 2017).

Hence, for this chapter, two different calcite percentages (i.e. high and moderate) will be

tested.

• Concerning the location of the treated zones and after recall to the existing numerical

application, Fauriel and Laloui (2012) in their work, have found that the mechanical effect
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from a treated and untreated soil is almost negligible. In addition, Montoya-Noguera

and Lopez-Caballero (2016) have shown that the presence of the injection in the form

of clusters affects the liquefaction triggering. On the other hand, it is known that the

failure pattern of the embankment is a wedge shape located in the downstream side of the

embankment (Kramer, 1996; Kourkoulis et al., 2010; Sadeghi et al., 2014; Rapti, 2016,

among others). Hence, this study analyses two injection zones under the slope of the

embankment. A comparison with an additional zone is also conducted in order to study

the influence of the number of zones on the global response.

Following the Performance-Based Earthquake Engineering (PBEE) methodology, this study

analyses the liquefaction triggering from a hazard analysis to a damage analysis. To account for

the natural hazards, a large number of recorded input ground motions is taken. The quantifiable

damage parameter of the embankment is its relative crest settlement. It is analyzed as function

of some input ground motion characteristics. Fragility curves are also drawn to identify the

damage measure. Finally, a sensitivity analysis is performed in order to identify the input

ground motion parameter that controls the response of the crest settlement. This study is

conducted on an embankment model and computed with a finite element code called GEFDyn

(Aubry et al., 1986). An elasto-plastic multi-mechanism model is used to represent the soil

behavior.

Assumptions for this study

• At the beginning of the study, the embankment is considered in its virgin and stable state.

It does not have a history of loading.

• The simulation of the injection process is out of the scope of this study. Instead, the

response of the embankment after a mitigation procedure is assessed.

• For the treated cases, it is assumed that the embankment is constructed after a treated

soil. Which means that the injections are included in the soil before the embankment

construction.

• The same numerical model is used for all the tested cases (i.e. treated and untreated).

• The focus of this research is to capture the main tendencies and general features of the

soil improvement processes, rather than to perfectly match the experimental or numerical

observations.

This chapter is structured as follows. The first section presents the geometry and the nu-

merical model. The soil constitutive model is developed next. The details of the injection

technique in which the location, the materials and the method of injection are explained in

Section INJECTION TECHNIQUE. The damage quantification and its comparison as function
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of the treatment zone and the injected material are shown in a section. Then, section AME-

LIORATION RATIO OF THE CREST SETTLEMENT develops the results of all the tested

ground motions in terms of the relative crest settlement of the embankment. Next, a section

about the fragility curves of all the tested cases in this study is presented. The conducted

sensitivity analysis to show the controlling ground motion parameter is developed in the last

section. Finally, conclusions summarizing the obtained results are provided.

5.2 Geometry and numerical model

5.2.1 Geometry

The geometry of the model, as shown in Figure 5.2, consists of an embankment of 9 m high

composed of dry dense sand. The soil foundation is composed by a loose sand of 4 m at the

top of a saturated dense sand of 6 m. The bedrock is located at the bottom of the dense sand.

The water table is situated at 1 m below the base of the levee that was kept dry. The levee’s

inclination is a slope of 1:3 (vertical: horizontal). The geometry used in the FEM was inspired

by the one proposed by Rapti et al. (2018).
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Figure 5.2: Geometry and behavior of the soil (Lopez-Caballero and Khalil, 2018)
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5.2.2 Finite Element model

The computations were carried out by the coupled FE modelling code GEFDyn (Aubry et al.,

1986), using a dynamic approach derived from the u − pw version of the Biot’s generalized

consolidation theory (Zienkiewicz, 1991). An implicit Newmark numerical integration scheme

with γ = 0.625 and β = 0.375 was assumed in the dynamic analysis (Kuhl and Crisfield,

1999). The FE model is composed of quadrilateral isoparametric elements with eight nodes for

both solid displacements and fluid pressures. The element size for the soil foundation is 1.5 m

horizontally by 0.5 m vertically. The FE model considers both computations; the treated and

untreated cases. It is performed in three consecutive steps: i) a computation of the initial in-situ

stress state due to gravity loads; ii) a sequential level-by-level construction of the embankment

and iii) a seismic loading analysis in the time domain. Concerning the simulation of the injection

technique, it will be more developed in its proper section.

5.2.3 Boundary conditions

In the analysis, equivalent boundaries have been imposed on the nodes of lateral boundaries

(i.e., the normal stress on these boundaries remains constant and the displacements of nodes

at the same depth in two opposite lateral boundaries are the same in all directions). They

are the response of a modeled infinite semispace. Hence, only vertically incident shear waves

are introduced into the domain. The model is wide enough (194 m) to ensure that the effect

of the boundaries on the response of the model can be neglected and also to satisfy the free

field condition at the lateral boundaries. For the half-space bedrock’s boundary condition,

paraxial elements simulating deformable unbounded elastic bedrock have been used (Modaressi

and Benzenati, 1994). The incident waves, defined at the outcropping bedrock are introduced

into the base of the model after deconvolution.

5.3 Soil constitutive model

A constitutive model for soils should be able to well represent the volume change in case of

drained conditions or the distribution of the excess pore water pressure in case of undrained

conditions (Aubry et al., 1982). In addition to the stress-relationship which controls the settle-

ments, the use of numerical modeling best describes the non-linear soil behavior under cyclic

loading. A good modeling takes into consideration essential properties: necessary data, an

appropriate constitutive model and adequate parameters, in addition to the method that solves

boundary value problems (Lopez-Caballero et al., 2003). The Ecole Centrale Paris (ECP)

elastoplastic multi-mechanism model (also known as Hujeux model) is the one chosen for this

study and is written in terms of effective stress (Aubry et al., 1986). The non-linearity of

this model is represented by four coupled elementary plastic mechanisms: three plane-strain

deviatoric plastic strain mechanisms in three orthogonal planes (k - planes) and an isotropic
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one. The model follows a Coulomb type failure criterion, contemplates the existence of di-

latancy/contractancy phenomena, and uses the critical state concept. The cyclic behavior is

taken into account by a kinematical hardening that is based on the state variables at the last

load reversal. The model is written using incremental plasticity which divides the total strain

increment into an elastic and a plastic part. Refer to (Aubry et al., 1982) and (Lopez-Caballero

et al., 2003), among others for further details about the ECP model.

In order to identify the behavior of the two foundation layers, the G/Gmax - γ curves and

the cyclic resistance ratio CSR were simulated for an initial effective stress of 50 kPa. The

results are shown in Figure 5.2. Based on reference studies conducted by Seed and Idriss (1971)

for G/Gmax - γ curve and Byrne et al. (2004) for CSR curve, it can be seen from Figure 5.2

that the loose sand (LMS) has a small resistance to liquefaction on the opposite to the dense

sand. In addition, it has a relative density close to Dr = 40%, whereas that of the dense sand is

close to Dr = 70%. The loose layer is the one to be concerned by the injection in the following

study.

5.4 Injection technique

The liquefaction-susceptibility of the soil during seismic activities is enhanced by the use of

various improvement techniques (DeJong et al., 2010; Bradley et al., 2013; O’Donnell, 2016,

among others). The Bio-mediated processes are managed and controlled through biological

activities together with chemical reactions. Concerns about the spatial distribution of the

injected material, its timing rate of injection as well as its depth in soil, are essential for an

effective mitigation (DeJong et al., 2010). As developed in the introduction of this work, the

choice of the treated zone is based on the existing numerical applications in this field. Fauriel

and Laloui (2012) in their work found that the coupling between the mechanical and the bio-

chemo-hydraulics result in a permeability decrease from the treated to the untreated soil cases.

In addition, the effective stress change is almost negligible. In this context and concerning

the global structural response after treatment, Montoya-Noguera and Lopez-Caballero (2016)

found that the presence of the injection in the form of clusters affect the liquefaction triggering.

Thus, this work will study different injection zones.

For the material type and from the work of O’Donnell (2016), a soil treated with a bio-

mediated process (i.e. MICP) increases its stiffness, strength and dilatant behavior. Figure 5.1

extracted and adapted from this cited work, shows that a small carbonate content is necessary

to improve the undrained response of a liquefiable soil. Moreover, the dilatancy of the material

is proportional to the carbonate content used to mitigate the soil (O’Donnell, 2016). It is also

remarked that the reaction network of the MICP requires the carbonate equilibrium in order

to produce the calcite precipitation (Gomez and DeJong, 2017). This means that the calcite

percentage increases with the carbonate content. Thus, this chapter will numerically study the

response after two different injected material: one with a high calcite percentage (i.e. greater
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than 2%) and another with a moderate calcite percentage (i.e. less than 1%). The location of

the injection zones as well as the behavior of each material and the foundation will be discussed

in this section.

5.4.1 Location of the injection

Based on previous works, one of the failure patterns under an embankment is the one described

as a zone that starts underneath the embankment and continues vertically or inclined toward

the slopes. A wedge shape will be created around the crest of the embankment (Kramer, 1996;

Kourkoulis et al., 2010; Sadeghi et al., 2014, among others). Figure 5.3, extracted from the

work of Rapti et al. (2018) in which the same numerical model was used, shows the distribution

of the deviatoric strain at the end of an earthquake motion. It is clear that εd reaches its

highest values below the toes of the levee, which confirms the wedge shape developed in the

literature. For this reason, the injected material in this study will consider the zones under

the slope of the embankment (represented as black clouds in Figure 5.2). The depth of the

treatment zone should consist of the layer that is more susceptible to liquefaction (i.e. 4 m in

this case) (Gopal Madabhushi, 2007). In order to verify if the increase in the injection zones

Figure 5.3: Deviatoric strain εd at the end of the ground motion (Rapti et al., 2018)

affects the liquefaction potential, a third zone in the middle of the liquefiable layer is added.

The quantified damage developed in later on in this chapter, is compared for both cases: two

injection zones and three injection zones.

5.4.2 Injected material

As mentioned in the introduction of this section, the improvement of the soil will consist of two

different materials: greater than 2% calcite percentage and less than 1% calcite percentage. For

this purpose, monotonic triaxial undrained tests will be simulated on the injected and untreated

materials. The untreated material is extracted from the first foundation layer. The used initial

effective stress is p′0 = 50 kPa. The results are shown as function of the stress-strain path

(Figure 5.4a), the variation of the excess pore water pressure (Figure 5.4b) and the stress ratio

η (Figure 5.4c).

It can be seen from Figure 5.4 that the foundation soil is very loose and has a contracting

behavior. Whereas the treated materials, regardless of the calcite percentage, have a dilatant
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Figure 5.4: The soil behavior of the tested materials for p′0 = 50 kPa

behavior similar to a soil sample treated with bacteria reactions. In addition, it is clear from

Figure 5.4c that the sample with high calcite percentage has a higher dilatancy, as shown in

the work of Cui et al. (2017) with triaxial test on Ottawa sand.

5.4.3 Method for injection

It is known that the efficiency of the mitigation method, precisely the injected length depends

on the ground porosity, geometry and depth of the treatment zone. In fractured materials for

example, the heterogeneity of the soil porosity affects the injected length. In addition, it was

shown that the formation of the inclusion does not take a regular shape once injected in the

soil (Prabhakaran et al., 2020). Thus, in order to represent the injection method a probabilistic

approach called the Power Law Distribution (Reeves et al., 2008) is used. After fixing the depth

and the width of the injection zone and at every depth in the liquified layer, the material used
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for treatment is ”injected” horizontally following the formula (Reeves et al., 2008):

P (L > l) = wl−a (5.1)

where P = probability that the length of injection L exceeds the max length l; w = a constant

that depends on the minimum length taken to be 1 and a = a power law exponent taken

to be equal to 1.5 in this work. As mentioned previously in this section, the foundation will

be improved with different zones of injection. The discretization into mesh elements and the

injection zones are shown in Figure 5.5.

After developing the necessary data to calculate the damage, the natural hazard is accounted

(a) two zones of injection (b) three zones of injection

Figure 5.5: The mesh elements and the different zones of injections

for by the use of a large set of recorded input ground motions that will be developed in the

following section.

5.5 Input ground motion

The selection of input motions for geotechnical earthquake engineering problems is important as

it is strongly related to the nonlinear dynamic analysis. In this study, 271 recorded signals were

chosen to represent the dynamic behavior of the model in order to represent the consistency of

the seismic parameters and characteristics. Several Intensity Measures (IM) from each signal

are interrelated each others (e.g. PGA, PGV,Mw). They are extracted from a study conducted

by Lopez-Caballero and Khalil (2018). The events range between 5.2 and 7.6 in magnitude.

The recordings have site-to-source distances from 15 to 50 km and concern dense-to-firm soil

conditions (i.e. 360 m/s < Vs,30m < 800 m/s).

5.6 Comparison of the treated and untreated cases

The aim of this chapter is to assess numerically the application of a mitigation method in-

spired from the Bio-mediated solutions for soil improvements. It is known that following these

methods, the treated soil will increase its dilatant behavior (O’Donnell, 2016). Implementing

the PBEE methodology in this work, the Engineering Demand Parameter (EDP) is calculated

from the relative crest settlement δuz,rel/H of the embankment after the occurrence of different

input ground motions. In this section, a comparison between the untreated and treated cases
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will be developed. It will consider the variation of the relative crest settlement as function

of i) the number of the injection zones and ii) the injected material (i.e. dilatancy level or

calcite percentage). In addition, the mechanical changes and the liquefaction potential of the

embankment between the two cases will be examined. For each comparison and for the sake of

brevity only, one ground motion will be taken as an example.

5.6.1 Comparison based on the number of the injection zones

It was shown in Section 5.4.1 that the injection zones are located under the edges of the

embankment where the shear zones are localized (i.e. Figure 5.3). In order to represent this

approach, this case will be designated in this chapter by two injection zones. However, as it

might be thought that the greater the number of treatment zones, the better the response of

the embankment (or the lesser the settlement), an additional injection zone in the middle of

the shallow foundation layer is considered (designated by three injection zones). The co-seismic

relative crest settlement uz,rel of the two cases is calculated and is shown in Figure 5.6a. The

characteristics of the motion taken as an example are also shown in this figure. Notice that

amax,out means the outcrop acceleration, Iarias means the Arias intensity and D595 refers to the

significant duration (i.e. time elapsed from 5% to 95% of the integral of the acceleration).
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Figure 5.6: Comparison of a) the co-seismic relative crest settlement of the embankment as
function of the number of the injection zones and b) the response spectral of each case

It can be seen for the three cases in Figure 5.6a, that around 2 seconds, which is the beginning

of the effective duration, the crest settlement decreases rapidly. Clearly, the two injection zones

reduced the settlement from 34 cm to 13 cm. By increasing the number of injection zones

to three, the crest settlement was reduced to 21 cm, which is greater than the previous case.

Comparing these results with those conducted by Gopal Madabhushi (2007) on a centrifuge

test, they are in accordance. Although the cited study presented the densification improvement

method, the theoretical concepts in both works are somehow similar: a densified soil layer
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under a foundation reduces the settlement, and an increase in the width of this layer will give

similar results (Gopal Madabhushi, 2007). Thus, other than being costly and impractical, three

injection zones under the embankment does not seem to be as efficient as two zones.

In order to also verify this result, the response spectral is drawn at the crest for the three

tested cases (Figure 5.6b). Clearly, there is an amplification for the case of three injection

zones. This will perhaps cause the deterioration of the levee. Thus, the additional injection

zone does not seem to be beneficial neither in reducing the liquefaction potential, nor the cost

of construction-reparation of the embankment.

5.6.2 Comparison based on the injected material

It was shown by O’Donnell (2016) that a small calcite percentage is able to ameliorate the soil

and change its properties. This section will present the results of the co-seismic crest settlement

after injecting two different materials: i) with high calcite percentage (i.e. greater that 2%)

and ii) with a moderate calcite percentage (i.e. less than 1%). The results are shown in Figure

5.7.
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Figure 5.7: Comparison of the co-seismic relative crest settlement of the embankment as func-
tion of the injected material

As expected, and regardless of the material type, the relative crest settlement is reduced.

The values using a small calcite percentage material are almost close to the ones found using a

high calcite percentage. These results validate the ones found with O’Donnell (2016) that even

a small calcite percentage can affect the amelioration of the soil.

5.6.3 Comparison based on the stress - strain evolution

In this paragraph, the mechanical behavior and the liquefaction potential of the soil will be

examined. There are shown in terms of their logarithmic ratio log( xtr
xuntr

) = log(xtr)− log(xuntr),

where log(.) is the natural logarithm of the observed variable for the treated and untreated
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cases. For this purpose, a window in the foundation, under the left side of the embankment

is considered. Concerning the mechanical state, Figure 5.8 shows the logarithmic ratio of the

maximum shear stress τmax and strain γmax. For the liquefaction potential, the logarithmic

ratio of the excess pore water pressure ∆pw and the volumetric strain εv are shown in Figure

5.9. The location of the injections appears as dashed lines on each figure.

(a) (b)

Figure 5.8: The ratio of the maximum shear a) stress and b) strain between the treated and
untreated cases

From Figure 5.8a, it is clear that in the region of injection, the maximum shear stress τmax

has increased from the treated phase to the untreated phase. All around the injection zone,

the shear stress did not change between the two phases. As for the maximum shear strain γmax

(Figure 5.8b), it decreases from the untreated to the treated phase in the injection zone, on

the opposite to what happened around. Based on these results, it can be seen that the used

mitigation method decreases the deformation of the soil whereas it increases its shear loss. The

localization of the shear losses is near the injection zones. Concerning the liquefaction analysis,

the logarithmic ratio of the excess pore water pressure (Figure 5.9a) shows that there is partially

no difference between the two phases. It looks like there exist regions where the excess pore

water pressure change in the treated case is less than the untreated. In Figure 5.9b, it can be

seen an uneven distribution of the volumetric strain in the analyzed zone. For example, for a

depth between 2 and 4 meters, the treatment pushed the soil towards a more dilative behavior

since the volume have expanded in the treated phase more than the untreated one. On the

opposite, and due to the dry shallow soil, εv for the treated phase is higher than the untreated

one between 1 and 2 meters depth.

Finally for this section, it can be partially concluded that first, the soil improvement is

more efficient under the edges of the embankment (i.e. two injection zones), rather than with

increasing zones (i.e. three injection zones). Second, a small percentage of calcite is able to

reduce the liquefaction potential since the results of the relative crest settlement were close to
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(a) (b)

Figure 5.9: The ratio of the a) excess pore water pressure and b) the volumetric strain between
the treated and untreated cases

the ones with higher calcite percentage. Third, the proposed mitigation method is efficient for

decreasing the deformation, but it might affect the shear resistance of the soil. In addition,

for the presented examples in this section, the proposed methodology tends to push the soil

toward a dilative behavior. In order to understand the global behavior of the embankment,

the focus of the coming section will be on the response of the embankment for all the tested

ground motions. The material with the high calcite percentage will be analyzed in order to

have a better idea on the amelioration ratio of the crest settlement.

5.7 Amelioration ratio of the crest settlement

In this section and following the PBEE methodology, the performance of the embankment is

studied and the damage will be quantified with respect to an intensity measure. It was shown in

Section 5.6 that the presented mitigation method decreases the deformation of the soil. Thus,

in order to have a better estimation of the structural response, the injected material in this

section will require the higher calcite percentage.

Previous works have shown that the crest settlement of the embankment is directly related

to some input ground motion characteristics (i.e. the peak ground acceleration and magnitude)

(Swaisgood, 2003; Lopez-Caballero and Khalil, 2018). In this work the obtained percentage

crest settlement (δuz,rel/H , where uz,rel is the relative crest settlement, H is the height of

the dam and the foundation which is 19 m) is compared to the peak ground acceleration at

the outcropping bedrock (amax,out). The results are shown in Figure 5.10. The analysis was

conducted essentially on the treated case with two injection zones comparing to the untreated

case. But Figure 5.10b shows the three injection zones of selected ground motions in order to

confirm the conclusion of Section 5.6. The damage levels of the percentage crest settlement
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proposed by Swaisgood (2003) and modified to liquefaction occurrence by Lopez-Caballero and

Khalil (2018) are also shown in this figure in the form of dashed lines; when δuz,rel/H ≤

0.02%, there is No damage, when 0.02% < δuz,rel/H ≤ 0.1%, the damage is Minor, when 0.1%

< δuz,rel/H ≤ 1%, the damage is Moderate and when δuz,rel/H > 1% the damage is Serious.

A study conducted by Lopez-Caballero and Khalil (2018) on the same numerical model with
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Figure 5.10: The crest settlement analysis with respect to the outcropping acceleration (amax,out)
for each case study

larger element sizes (i.e. 3.5m × 1m) is shown with grey dots in order to validate the response

of this study. As expected, the results are consistent in terms of the increase of the relative

crest settlement with the acceleration at the outcrop amax,out. It is clear from Figure 5.10a that

the percentage crest settlement is reduced comparing to the case when the soil was not treated.

It is interesting to mention that in some cases, the crest settlement reduction transformed the

damage from a Serious damage level to almost a Moderate damage level. However, for small

values of amax,out, δuz,rel/H is not very important since the reduction of the crest settlement is

almost negligible.

Regarding the case of three injection zones (Figure 5.10b), the percentage relative crest

settlement slightly decreases comparing to the untreated case. Clearly, more data are found in

Serious damage level on the opposite to what was found for two injection zones (Figure 5.10a).

Thus, the conclusion of Section 5.6 regarding the efficiency of three injection zones for the crest

settlement reduction is confirmed. However, it is remarked that for some cases, specially for

high values of amax,out, the crest settlement at the end of the motion is equal or higher than an

untreated case. This result is the consequence of the dilatant behavior of the injected material

under the center of the embankment, that led to an increase in the vertical stress and a partial

dissipation of the excess pore water pressure. Thus, three injection zones for the case of this

study is again not a good choice. For the structural analysis of this chapter, two injection zones

with a high calcite percentage material will be considered.
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Furthermore, from Figure 5.10, it can be seen that for a given value of amax,out, the soil

presents different damage levels. It means that the response of the soil does not only depend

on the outcrop acceleration but also on other ground motion characteristics. Hence, the ame-

lioration ratio of the crest settlement (i.e. (∆utr. − ∆uuntr.)/∆uuntr.) was found based on the

variation of amax,out, the equivalent predominant frequency 1/Tva and the peak ground velocity

PGV . The results are shown in Figure 5.11a. The dashed lines in this figure represent PGV . It

can be seen that the amelioration of the crest settlement tends toward the upper left, in a way

to be proportional with the increase in PGV (Montoya-Noguera and Lopez-Caballero, 2016).

In addition, the amelioration ratio for this case is in majority greater than 40% (or 0.4 in the

Figure 5.11b). The evolution of this ratio with only PGV is shown in Figure 5.11b. It is noted

that the higher the PGV , the higher this ratio.
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Figure 5.11: The reduction ratio of the relative crest settlement as function of a) amax,out and
1/Tva and b) PGV

5.8 Fragility curves of the tested cases

Up to this stage of the study, it is well evident that the response of the soil depends on the

characteristics of the input ground motion. More details regarding this concept will be discussed

in the proceeding section. Since the performance of the embankment requires a structural

and a damage analysis, the damage measures are determined from fragility curves. Fragility

curves are functions that represent the probability of failure of structures given an Intensity

Measure (IM) (usually the peak ground acceleration) (Shinozuka et al., 2000; Sáez et al., 2011;

Zentner, 2017, among others). It is assumed that the curves can be expressed in the form of

log-normal distribution functions, and the estimation of the two parameters (median α and

log-standard deviation β) is performed by the maximum likelihood method (Shinozuka et al.,

2000). In addition, Sáez et al. (2011) proposed a methodology based on the Fisher information
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matrix to find the quality of fit and to estimate the confidence intervals for the two parameters

controlling the fragility curves. The analytical fragility functions that represents the probability

of exceeding a damage level D0 given an intensity measure ak can be evaluated as such:

P (D > D0|ak;α, β) = φ[
1

β
ln(

ak
αa

)] , (5.2)

where φ[.] is the standardized normal distribution function and a is the normalization of ak

to obtain a non-dimensional value of α. In this work, the intensity measure is the outcrop

acceleration amax,out, and the damage levels are Moderate (i.e. 0.1% < δuz,rel/H ≤ 1%) and

Serious (i.e. δuz,rel/H > 1%). The fragility curves are drawn in Figure 5.12 for the untreated

and all the treated cases developed in this study.
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Figure 5.12: Fragility curves of two damage levels: a) δuz,rel/H = 0.1 and b) δuz,rel/H = 1

For Moderate damage, it is clear from Figure 5.12a that the soil improvement slightly

decreases the chance of failure of the embankment. For the sake of clarity, the confidence limits

of this damage level were omitted. For an acceleration of 0.2g as an example, the probability of

exceeding the Moderate damage level is 80% (or 0.8) for an untreated case whereas it decreases

to almost 70% (or 0.7) for the treated cases. Similar to what was found in previous sections,

the adopted improvement methodology does not seem to be beneficial for small accelerations.

As for the Serious damage level in Figure 5.12b, it should be remarked that the majority of the

cases that have failed initially in this damage level did not do as such when the two injection

zones (i.e. red curve) was applied. Thus, there was not enough data to be able to draw the

confidence limits of this type of treatment. As for the three injections zones (i.e. black curve),

and similar to what was analyzed in the previous section, such treatment did not decrease the

soil response for high accelerations, however, not enough data were computed for this case.

Nevertheless, the probability of exceeding the Serious damage level is less than the untreated

case. As for the green curve that represents two injection zones for a less dilatant material, the
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probability of exceeding this damage level decreases from 98% to 45%, which emphasizes the

efficiency of the chosen improvement technique for high accelerations.

Finally, it was presented throughout this study the variation of the response with mainly

the outcrop acceleration. But it was noticed that the response might be controlled with other

input motion parameters. Thus, the next section will identify the ground motion parameters

that best control the response of the embankment.

5.9 Sensitivity analysis of the crest settlement ameliora-

tion ratio

The goal of many statistical tools is to reduce high dimensional multivariate variables to a

smaller number of dimensions so that the relationship between the variables will be more

understood (Friendly, 2002). From previous results in this chapter, it was shown that there

exists an uncertainty between the parameter of the input motions and the response of the soil.

Also, in literature, it was shown that the Arias intensity at outcropping has the best influence

on the liquefaction triggering (Lopez-Caballero and Modaressi-Farahmand-Razavi, 2010). In

this section, the reason behind this uncertainty will be developed via a sensitivity analysis in

order to identify the parameter of the input motion that best controls the amelioration ratio

of the crest settlement of the embankment. The ground motion parameters are the outcrop

acceleration amax,out, the effective duration D595, the peak ground velocity PGV , the equivalent

predominant frequency 1/Tv, a, the Arias intensity Ia,out, the cumulative absolute velocity CAV5

and the number of cycles Ncyc. The results are represented in the form of a correlation matrix

shown in Figure 5.13. The chosen input motion parameters are indicated in the diagonal with

their distribution. Each parameter occupies the corresponding row and column. The box to the

right of the figure develops the chosen abbreviations. The last term of the diagonal, in the lower

right (i.e. duz inj1), shows the amelioration ratio of the crest settlement, which is the output

analysis. The results then, are going to be analyzed based on this output. To the lower side of

the diagonal are shown the scatter plots of every two parameters. For example, the graph in

the position (5x3) shows the correlation between the PGV and Ia,out. Whereas the upper side

of the diagonal shows the significance level or the correlation coefficient of each two parameters

correlation. For this same example, the significance level is 0.88, located in position (3x5).

Concerning the input parameter that best affects the crest settlement reduction, and from the

significance levels in the 8th column, it can be seen that PGV has the higher correlation value

(0.58, even if it is considered not significant). Arias intensity Ia,out has also a good importance

and then comes CAV5 and amax,out with the same influence level. It should be noted that for the

case of this study, regarding the crest settlement reduction, the number of cycles of the input

motion as well as the equivalent predominant frequency, did not highly affect the result. Hence,

the peak ground velocity PGV is the input motion parameter that best affects the reduction
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Figure 5.13: The correlation between a) the chosen input ground motion parameters and b)
with respect to the reduction of the crest settlement

of the crest settlement which was previously seen in this study (i.e. Figures 5.11a and 5.11b).
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5.10 Conclusing remarks

This chapter assesses numerically the application of a mitigation method inspired from the

Bio-mediated solutions for soil improvements. These methods are managed and controlled

through biological activities together with chemical reactions. The adopted methodology in

this work requires the injection of a new material that has similar properties to a treated

material with MICP. Following the performance-based earthquake engineering methodology,

this study analyses the liquefaction triggering from a hazard analysis to a damage analysis. An

elastoplastic multi-mechanism soil behavior model was used with the help of a 2D finite element

code (GEFDyn). The damage is quantified by the percentage relative crest settlement. A

sensitivity analysis was also conducted in order to identify the input ground motion parameter

that has the higher influence on the crest settlement reduction. The conclusions that this

chapter have reached are the following:

• The adopted injection technique is efficient in decreasing the liquefaction potential by the

decrease of the relative crest settlement.

• This methodology showed satisfying results when the acceleration of the input ground

motion is very high. Whereas when the acceleration is small, the amelioration of the soil

is not very essential following this methodology.

• The amelioration of the crest settlement is important when the injection zones are under

the edge of the embankment, in the depth of the liquefiable foundation layer. Additional

injection zones are not important for the global response.

• Even a small percentage of calcite is able to improve the soil and the crest settlement is

reduced closer to the material with high calcite percentage.

• The proposed application is efficient for decreasing the soil deformation, but it might

affect its shear resistance.

• Fragility curves confirmed the second conclusion. They show that the chance of failure

of the embankment will decrease with this improvement technique, specially for ground

motions of high accelerations.

• Based on the conducted sensitivity analysis, the peak ground velocity (PGV) is the input

motion parameter that best controls the amelioration ratio of the crest settlement. Then

it comes the Arias intensity and the outcrop acceleration.



Conclusions and further research

In the context of this work, the seismic analysis of a liquefiable soil foundation-embankment

system was conducted, starting from a soil sampling interpretation to a life cycle performance.

An application (sometimes an adaptation) of the PBEE methodology is also assessed in this

work. For this purpose, an embankment model is used, and the soil behavior is represented by

an elasto-plastic multi-mechanism model. The finite element method in time domain is used as

numerical tool.

Even if partial conclusions were already given through the dissertation, the main obtained

results are highlighted herein and discussed in the light of their contribution to the significant

questions presented in the general introduction of this document.

1) In this work, virtual laboratory tests were used in order to characterize the soil and

identify its in-situ response. For this purpose, two sand samples (Mat.1 and Mat.2 ) were

tested. Regular and irregular loads were applied as to be consistent with the conditions

of the laboratory tests and the realistic scenarios. The results have shown that Mat.1 is

a “loose” sand and has an ability to liquefy rapidly on the contrary to the second sample

who was “dense” sand and had a higher resistance to liquefaction. From the simulated

laboratory test, a boundary was identified as it identifies the liquefaction triggering. Based

on that, and after the application of irregular loads on the soil samples, it was seen that

this boundary can sometimes underestimate the resistance of the soil sample. Concerning

the in-situ response, the results of the soil resistance show that below a field corrected

boundary, the soil may liquefy whereas above it, the response will also depend on the

severity of the earthquake.

2) Given a soil sampling characterization and a predefined seismic hazard, the co-seismic

response of the embankment was calculated from a large number of real and synthetic

ground motions. It was presented in this work a model parameter noted rapt that indicates

the local damage of a domain of interest. This parameter can be used as a criterion for

estimating the local damage measure. Moreover, the failure density concept represented

by the probability of exceeding rapt ≥ 0.75, noted as ρrapt≥0.75, shows that it can be

considered as a global damage index. The link between this latter parameter with the

relative crest settlement δuz,rel/H was shown in this study since ρrapt≥0.75 is difficult to

compute without powerful numerical models and is not measured in field. Moreover, in
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order to be compatible with the PBEE methodology, the link between the chosen EDP

(δuz,rel/H) and IM (amax,out) was presented for this case study. It was shown that the

global response for real and synthetic ground motions is slightly close. Concerning the

fragility exposure of this case, the synthetic and real ground motions closely estimates

the level of performance.

3) After the co-seismic analysis, the lifetime performance of the embankment was assessed

through a survival analysis. For this purpose, sequential mainshocks were created from

two stochastic ground motion models, and the damage was calculated after each sequence.

The cumulative damage in this study showed two responses for the embankment: i) a

progressive deterioration that did not necessarily lead to drastic damages or ii) a sudden

deterioration after few years. From the survival function, it was shown that after 25 years

(MTTF = 25 years), the embankment has 50% chance to present Moderate damage.

Whereas it will not show Serious damage during its lifetime. The distribution of the

survival function for the Moderate damage level, follows a Weibull distribution whereas

that of the Serious damage level is more likely to be represented by an exponential

distribution. It was also emphasized in this work the importance of the history of loading

and the recovery time of the geo-structure since it affects its lifetime performance.

4) As for the aftershock occurrence, during sequential earthquakes, it was shown that the

damage is higher for sequences with aftershocks (i.e. MS-AFS) than the ones without

the aftershocks occurrence (i.e. MS). The survival functions with their MTTFs values,

showed that the consideration of the aftershocks events is important for moderate levels

of damage. However, the embankment survived high damage levels for a working life of

100 years. It was also emphasized in this work that the evolution in time of the fragility

exposure is affected by the history of loading and the initial state of the embankment.

5) Given an unacceptable risk, it is presented in this work a mitigation application inspired

from the Bio-mediated solutions for soil improvements. The adopted methodology in this

paper requires the injection of a new material that has similar properties to a treated

material with MICP. It was shown that the relative crest settlement decreases as the

mitigation is applied, however, the soil shear resistance might be affected. It should

be mentioned that the soil amelioration methodology showed satisfying results in terms

of damage reduction and fragility exposure, when the acceleration of the input ground

motion is very high. In addition, the amelioration of the crest settlement is important

when the injection zones are under the edge of the embankment, in the depth of the

liquefiable foundation layer. It was also conducted in this work a sensitivity analysis

as to identify the ground motion parameter that best controls the amelioration ratio of

the crest settlement. It was shown that the peak ground velocity PGV , then the Arias

intensity and the outcrop acceleration are the main parameters.
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Further research aspects can be established from this work and some of them are proposed

in the following:

• The used PSHA was extracted from a previous study applied on the same site of concern.

In addition, the aftershock model was adapted accordingly. A conducted PSHA from

scratch on a different site can be interesting in order to validate the efficiency of the

proposed methodology.

• The lifetime performance of the embankment was assessed on an intact embankment from

an initial state. It is interesting to validate the performance on an actual damaged state

in order to estimate its probability of survival.

• It was assumed in this study that the embankment is not ameliorated during its lifetime. It

is interesting to check if the survival function can be affected if an amelioration procedure

is conducted during the life cycle of the embankment.
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Appendix A

ECP multimechanism model

A constitutive model for soils should be able to well represent the volume change in case of

drained conditions or the distribution of the excess pore water pressure in case of undrained

conditions (Aubry et al., 1982). The use of numerical modeling best describes the non-linear soil

behavior under cyclic loading. A good modeling takes into consideration essential properties:

necessary data, an appropriate constitutive model and adequate parameters, in addition to the

method that solves boundary value problems. The ECP elastoplastic multi-mechanism model

(also known as Hujeux model) is used to simulate the soil behavior in this work. The model is

written in terms of effective stresses because when water is present, the soil mechanical behavior

is determined by the contact forces between grains which depend on the total stresses but also

on the pore-water pressure. One important remark of this approach is that the true cohesion

will not be used. The ECP model can take into account a large range of deformations. A brief

description will be given in the following, however, for more details, it is recommended to refer

to Aubry et al. (1982), Hujeux (1985) and Lopez-Caballero and Modaressi-Farahmand-Razavi

(2010), among others.

The non-linearity of this model is represented by four coupled elementary plastic mechanism:

three plane-strain deviatoric plastic strain mechanism in three orthogonal planes (k - planes)

and an isotropic plane. The projection of any tensor (t) on the k - plane including ei and ej

concerns only the components ii, jj and ij. So the mean and deviatoric stress and strains

tensors are written as follows:

pk =
σ′
ii + σ′

jj

2
(A.1)

qk = [(
σ′ii − σ′jj

2
) + σ′2ij ]

1

2 (A.2)

εvk = εii + εjj (A.3)

εk = [(
εii − εjj

2
) + ε2ij]

1

2 (A.4)

The model follows a Coulomb type failure criterion, contemplates the existence of dila-

tancy/contractancy phenomena, and uses the critical state concept. The cyclic behavior is
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taken into account by a kinematical hardening that is based on the state variables at the last

load reversal. The model is written in the concept of the incremental plasticity which divides

the total strain into an elastic and a plastic part. The elastic part confirms a non-linear elastic-

ity behavior in which the bulk K and the shear modulus G are function of the mean effective

stress p′:

K = Kref

(

p′

pref

)ne

and G = Gref

(

p′

pref

)ne

(A.5)

where Kref and Gref are the bulk and shear moduli measured at the mean reference pressure

(pref) and ne is the degree of non-linearity.

Considering the well-known sign convention of the soil mechanics which sets the positive

sign to the compression forces, the yield surface of this numerical model is written in the k

plane as follows:

fk(σ, ε
p
v, rk) = qk − sinφ′

pp · p
′
k · Fk · rk (A.6)

with φ′
pp is the friction angle at the critical state and Fk depends on ǫpv such that

Fk = 1− b ln

(

p′k
pc

)

(A.7)

pc = pco exp(β ε
p
v) (A.8)

with β is the plasticity compression modulus and pc0 is the critical stress that corresponds to

the initial void ratio. The parameter b shapes the form of the yield surface in p′ − q plane and

varies between b = 0 where it verifies the Mohr-Coulomb criterion and b = 1 which will be the

Cam-Clay criterion. The third variable of the yield surface which is the degree of mobilized

friction angle rk is linked to the plastic deviatoric strain ǫ̇p. It shows the effect of the shear

hardening and decomposes its behavior into pseudo-elastic, hysteretic and mobilized domains.

It is given by:

ṙk = λ̇pk
(1− rk)

2

a
(A.9)

where λ̇pk is the plastic multiplier of k mechanism and

a = a1 + (a2 − a1)αk(rk) (A.10)

with,

αk = 0 if relask < rk < rhysk

αk =
(

rk−r
hys
k

rmob
k

−rhys
k

)m

if rhysk < rk < rmobk

αk = 1 if rmobk < rk < 1

(A.11)

Notice that a1, a2 and m are model parameters and rhysk and rmobk designates when the domain
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shows hysteresis degradation. The isotropic yield surface is assumed to be :

fiso = |p′| − d pc riso (A.12)

with :

ṙiso = ε̇pviso
(1− riso)

2

cmon
pc
pref

(A.13)

where d is a model parameter representing the distance between the isotropic consolidation line

and the critical state line in the (e − ln p′) plane and cmon controls the volumetric hardening.

In the model, an associated flow rule in the deviatoric k plane is assumed and the Roscoe’s

dilatancy law is used to obtain the increment of the volumetric plastic strain in terms of the

characteristic angle ψ and a constant parameter αψ such that:

ε̇pvk = λ̇pk · αψ · αk(rk)

(

sinψ −
qk
p′k

)

(A.14)

ψ is the characteristic angle and αψ a constant parameter.



148



Appendix B

Soil parameters for the ECP model

The following appendix will present the ECP model parameters of all the soil types used in this

thesis work. Table B.1 presents the parameters for the soil foundation-embankment model in

which Mat.1 or LM Sand is also the soil sample used in the virtual laboratory tests of Chapter

1. In addition, Table B.2 presents the hydraulic parameters of the soil foundation. Moreover,

Table B.3 presents the soil parameters used for the mitigation method in Chapter 5 in which

the soil sample Mat.2 of Chapter 1 is also presented. And finally, Table B.4 shows the hydraulic

parameters of the soil types used for the mitigation technique.
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Parameter Mat.1 Dense Sand Dense Sand
LM Sand foundation embankment

ρ[kg/m3]: Solid density 2700 2700 1755
Elasticity

Gi [MPa]: Shear modulus 290 1440.0 583
Ki [MPa]: Bulk modulus 628 719.5 972
ne [1]: Nonlinear degree 0.5 0.47 0.6

p′ref [MPa]: Reference mean stress 1 1 1
Critical State and Plasticity
β [1]: Plastic compressible modulus 33 44 43

b [1]: Yield surface shape 0.12 0.8 0.23
d [1]: Isotropic consolidation distance 2 5 10

φ′
pp [

0] : Friction angle 30 37 36
pc,0 [kPa]: Initial critical stress 40 400 1200
Flow rule and hardening
a1 [1]: Primary plastic stiffness 0.0001 0.0002 0.0001
a2 [1]: Secondary plastic stiffness 0.005 0.0004 0.01

cm [1]: Monotonic isotropic hardening 0.004 0.010 0.2
cc [1]: Cyclic isotropic hardening 0.002 0.005 0.1

ψ [0]: Characteristic angle 30 37 36
αψ [1]: Volumetric parameter 1 1 1

m [1]: Cyclic loading exponential 1.5 1.0 1.0
Threshold domain

rela [1]: Deviatoric elastic 0.03 0.005 0.001
relaiso [1]: Isotropic elastic 0.02 0.0001 0.0001
rhys [1]: Hysteretic 0.04 0.150 0.01
rmob [1]: Mobilized 0.8 0.90 0.9

Table B.1: Parameters for the soil foundation-embankment system

Parameter Foundation Loose Foundation Dense

ρw[kg/m
3]: Fluid density 1000 1000

n [1]: Porosity 0.35 0.35
kh [m/s]: Horizontal Permeability 10−4 10−5

kv [m/s]: Vertical Permeability 10−4 10−5

Hw [Pa−1]: Fluid Compressibility 9.35 · 10−8 9.35 · 10−8

Table B.2: Hydraulic parameters for the soil foundation
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Parameter Mat.2
%c > 2 % %c < 1 %

ρ[kg/m3]: Solid density 2700 2700
Elasticity

Gi [kPa]: Shear modulus 474.0 318
Ki [kPa]: Bulk modulus 546.0 462
ne [1]: Nonlinear degree 0.5 0.5

p′ref [KPa]: Reference mean stress 1000 1000
Critical State and Plasticity
β [1]: Plastic compressible modulus 200 28

b [1]: Yield surface shape 1 0.22
d [1]: Isotropic consolidation distance 2.5 5

φ′
pp [

0] : Friction angle 39 35
pc,0 [kPa]: Initial critical stress 1500 600
Flow rule and hardening
a1 [1]: Primary plastic stiffness 0.0015 0.0001
a2 [1]: Secondary plastic stiffness 0.008 0.005

cm [1]: Monotonic isotropic hardening 0.03 0.004
cc [1]: Cyclic isotropic hardening 0.03 0.002

ψ [0]: Characteristic angle 33 32
αψ [1]: Volumetric parameter 1 1

m [1]: Cyclic loading exponential 2.6 0.9
Threshold domain

rela [1]: Deviatoric elastic 0.001 0.01
relaiso [1]: Isotropic elastic 0.0001 0.0001
rhys [1]: Hysteretic 0.004 0.050
rmob [1]: Mobilized 0.8 0.9

Table B.3: Parameters for the two injection materials

Parameter %c > 2 % %c < 1 %

ρw[kg/m
3]: Fluid density 1000 1000

n [1]: Porosity 0.35 0.35
kh [m/s]: Horizontal Permeability 10−5 10−5

kv [m/s]: Vertical Permeability 10−5 10−5

Hw [Pa−1]: Fluid Compressibility 9.35 · 10−8 9.35 · 10−8

Table B.4: Hydraulic parameters for the soil used for the mitigation technique
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Appendix C

Concept of confusion matrices

In the statictics community or recently in the machine learning, it is important that the metrics

represent meaningful data for predictions. The analysis of data in a confusion matrix is a

measurement of the performance of a classification model. It reports how the model classifies

and compares the different fault categories with respect to their actual classifications. The

actual (or observed) class under test is represented by the matrix row and the classification

(or prediction) of that particular class is represented under the matrix column. M [i][j] gives

the number of times that an observation of class i was assigned to the prediction j. The

diagonal represents the correct classifications. Three metrics are usually used to evaluate or

compare predictions from a confusion matrix: the Accuracy, Precision and Recall. The following

development will take into consideration a confusion matrix of a 2-class classification problem

Figure C.1.

Figure C.1: Summary of the confusion matrix and its classification

Depending on each study for the meaning of the terms “positive” and “negative”, in the

following study, the term “positive” means the liquefaction did not occur whereas “negative”

designates the opposite. Hence, four pieces of data can be presented:

• True Negative (TN): A sample is negative and was predicted as negative.

• False Negative (FN): A sample is actually positive but was predicted as negative. FN are

sometimes known as Type I Error.
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• False Positive (FP): A sample is actually negative but was predicted as positive. FP are

also known as Type II Error.

• True Positive (TP): A sample is actually positive and was predicted as positive.

The first metrics obtained from the above pieces of data is the Accuracy. It indicates how

close to reality the predictions were. It is calculated as:

Accuracy =
TN + TP

TN + FN + FP + TP
. (C.1)

The Recall focuses on the data that were correctly identified (i.e. how much the prediction was

correct). It should be close to 1 (or 100%) in the ideal case.

Recall =
TP

FN + TP
. (C.2)

The Precision focuses on the data are positives. It indicates from all the positive classes, how

many are actually positive.

Precision =
TP

FP + TP
. (C.3)

Therefore, a successful predictions means high Accuracy and Recall, whereas a high Preci-

sion is not always critical.



Appendix D

The distribution of the ground motions

used in Chapter 2

The effect of recorded and synthetic earthquakes on the response of the embankment was one

of the main objectives of Chapter 2. For this purpose, the synthetic motions were compared

to the real ones in terms of their ground motion parameters. Based on the density distribution

of the peak ground acceleration PGA, the tested motions were divided into two groups. In

Section 2.4, the distribution of some ground motion parameters (PGA, PGV , Ia and 1/Tva)

was represented for the two types of motions as well as the two groups.

In this appendix, the distribution of other ground motion parameters will be presented. The

ones added to the PGA are the effective duration D595 and the cumulative absolute velocity

CAV . The results are shown ina matrix form in Figures D.1 and D.2. The comparison is con-

ducted in terms of the density functions located in the diagonal of the matrix, the scatterplots

and the histograms that are both located to the bottom left of the diagonal and finally, the

boxplots that are located to the right.

For the comparison of the two types of motions (Figure D.1), it is clear that the effective

duration of the synthetic motions is higher than that of the real motions. As for the cumulative

absolute velocity, their is a slight difference between the two types.

Concerning the comparison of the ground motion parameters as function of the two classified

groups from Chapter 2, it is seen in Figures D.2a and D.2b that each group overlaps similar

data intervals. It should be recalled that with larger synthetic data, the results of this study

would be more interesting. As for the second group that has same number of data (Figure

D.2c), it is clear that the distribution of their parameters are somehow close.
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Figure D.1: The logarithmic distribution of some ground motion parameter (PGA , D595 and
CAV ) of the real and synthetic ground motions
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Figure D.2: The logarithmic distribution of some ground motion parameter (PGA , D595 and
CAV ) for the group of a) & b) CAx, CAy, RM and RL and c) RZx, BKx
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Appendix E

Analytical fragility curves

The development of seismic vulnerability in the form of fragility curves is a useful approach

when the information accounts for many uncertainty sources (Shinozuka et al., 2000). Fragility

curves are functions that represent the probability of failure of structures given an Intensity

Measure (IM) (Shinozuka et al., 2000; Porter et al., 2007; Sáez et al., 2011; Zentner, 2017,

among others). It is assumed that the curves can be expressed in the form of log-normal

distribution functions, and the estimation of the two parameters (median α and log-standard

deviation β) is performed by the maximum likelihood method (Shinozuka et al., 2000). This

appendix will develop the used methodology to calculate the fragility curves of this work. The

procedure presented follows the one adopted by Shinozuka et al. (2000) or Sáez et al. (2011). It

is recommended to be familiar with some statistical concepts such as the nature of statistical

models, probability mass functions, and statistical independence.

The fundamental interpretation of a fragility curve suggests that the structure will sustain a

precised damage state with a probability F (θ) and will not sustain this designated damage state

with a probability of 1−F (θ). θ is the parameters that describes F (θ). Thus, this probabilistic

phenomena can be described as a Bernoulli experiment which is an action that has only two

possible outcomes: failure or success (i.e. sustain or collapse). As it is commonly used, in what

follows, the random variables will be denoted by capital letters and their realization with small

letters. Thus, Y is denoted as the random variable that follows the Bernoulli distribution and

y is its realization which is equal to 1 for a success and 0 for a failure. The discrete density

function (in other terms the probability mass function) representing the fragility curves F (.) is

the following:

f(y, θ) = [F (θ)]y [1− F (θ)]1−y . (E.1)

A sequence of Bernoulli trials occurs when a Bernoulli experiments is performed several

independent times and that the probability of success remains the same from a trial to another.
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Thus, the likelihood function for the present purpose is expressed as follows:

L =

N
∏

k=1

[F (θ)]yk [1− F (θ)]1−yk . (E.2)

The fragility curves being the probability of exceeding a damage state d for a given IM

(usually PGA, denoted here as ak), the analytic form of the fragility curve, under a log-normal

assumption, will be:

F (d|ai;α, β) = φ[
1

β
ln(

ai
αa

)] , (E.3)

where φ[.] is the standardized normal distribution function and a is the normalization of ai for

the purpose to obtain a non dimensional value of α.

Maximizing the likelihood L will lead to the estimation of the parameters α and β. To

facilitate the maximization, equation E.2 can be transformed into:

lnL =
n

∑

k=1

[yk lnF (ak) + (1− yk) ln(1− F (ak)] . (E.4)

Hence, maximizing the above equation and assuming the concave form of the curve, means to

set:

∂ lnL

∂α
=

∂ lnL

∂β
= 0 . (E.5)

And finally to find:

n
∑

k=1

Iα(yk) = 0 , (E.6)

n
∑

k=1

Iβ(yk) = 0 , (E.7)

where

Iα(yk) =
φ′(ak)

αβ
[−

yk
F (ak)

+
1− yk

1− F (ak)
] , (E.8)

Iβ(yk) =
φ′(ak)

β2
ln(

ak
αa

) [−
yk

F (ak)
+

1− yk
1− F (ak)

] . (E.9)

The aforementioned system of equations can be solved using standard optimization algorithms.

The solution will lead to find the estimated parameters, denoted as α̂ and β̂.
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Sampling evaluation

It should be recalled that the purpose behind the use of fragility functions is to find the proba-

bility of exceeding a damage state given a large number of a specific IM. In order to verify if the

amount of information used is enough to reach the exact solution (i.e. if the n-sampling was

enough in number and quality to let α̂ and β̂ be close to the exact values), Fisher information

matrix will be used (Fisher et al., 1920). The Fisher information matrix controls the amount of

information provided by the selection of ground motions. It is a way of measuring the amount of

information Ii,j(θ) that an observable random variable Y carries about an unknown parameter

of a distribution that models Y . Formally, it is the variance of the score, or the expected value

of the observed information. Hence, it can be written as:

Ii,j(θ) = Cov [
∂ lnL

∂θi
,
∂ lnL

∂θj
] (E.10)

= E[
∂ lnL

∂θi
·
∂ lnL

∂θj
]−E[

∂ lnL

∂θi
]E[

∂ lnL

∂θi
] , (E.11)

where Cov[.] denotes the covariance and E[.] the expected value. Developing Equation E.10 to

find the expected value with respect to α will lead to:

E[
∂ lnL

∂α
] = E[

n
∑

i=1

Iα(Yi)] = nE[Iα(Y )] . (E.12)

Recalling the properties of the discrete density function, the expected value can be approximated

by the mean as:

E[Iα(Y )] ≈
1

n

n
∑

i=1

Iα(yi;α, β) . (E.13)

If in Equation E.12 the estimators α̂ and β̂ were used, the expected value with respect to α will

be zero (findings of Equation E.6). Similar analysis can be done to the expected value with

respect to β, this will reform the Fischer matrix information into one term:

Îi,j(θ) = E[
∂ lnL

∂θi
·
∂ lnL

∂θj
] . (E.14)

Developing the cross parameter term Îα,β

E[
∂ lnL

∂α
·
∂ lnL

∂β
] = nE[Iα(Y )Iβ(Y )] +

n!

(n− 2)!
E[Iα(Y )] · E[Iβ(Y )] , (E.15)

where .! denotes the factorial.

Assuming a large number of samples and using the maximum likelihood estimators (results

of Equations E.6), the components of the Fisher information matrix as function of the estimator
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terms will be:

Îα,α =

n
∑

k=1

(
φ′(ak)

α̂β̂
)2 [−

yk
F (ak)

+
1− yk

1− F (ak)
]2 , (E.16)

Îα,β =
n

∑

k=1

(φ′(ak))
2

α̂β̂3
ln
ak
α̂a

[−
yk

F (ak)
+

1− yk
1− F (ak)

]2 , (E.17)

Îβ,β =
n

∑

k=1

(
(φ′(ak))

2

β̂2
)2 (ln

ak
α̂a

)2 [−
yk

F (ak)
+

1− yk
1− F (ak)

]2 . (E.18)

Confidence interval - Cramer Rao Bounds

To this point of the development, the estimator parameters have been identified and the sam-

pling has been evaluated. Now, given an estimation problem, the variance of the best possible

estimator should be known. Cramer Rao provided a lower bound for the estimation error

variance, which is:

V ar[θ̂] ≥
1

I(θ)
, (E.19)

where θ̂ is the unbiased estimator of θ and Var[.] is the variance. In the case of multiple

parameters, and if Θ denotes the estimator of a function of θ, the Cramer Rao bounds of the

covariance matrix of Θ is:

Cov[Θ] ≥
∂ψ(θ)

∂θ
[I(θ)]−1(

∂ψ(θ)

∂θ
)T . (E.20)

If Θ is an unbiased estimator of θ (so ψ(θ) = θ), then the inverse of the Fisher information

matrix gives the Cramer Rao bounds which means:

Cov[Θ] ≥ [I(θ)]−1 (E.21)

Finally, in the concept of this work, the fragility curves are associated with the probability of

exceeding a damage state. Thus, the number of ground motions should be large enough to

diversify the response and reach all damage levels.
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Evaluation of a statistical test from the

p-value

In statistics, the p-value (or probability value) is the result of the significance of a test. The

objective of a statistical test is to determine if the probability that a given variable under test

(VT) fits in the distribution that is predicted or defined from the null hypothesis H0. When

the VT distribution is known, the p-value would be the distribution function of the VT. In the

opposite case, the identification of the p-value would be calculated from statistical software. In

general, the p-value is defined as the probability of obtaining results at least as extreme as the

observed results of a statistical hypothesis test, assuming that the null hypothesis H0 is correct.

Typically, a statistical test with a limited number of sampling requires i) a scientific question

with its answer and ii) the desire to generalize the answer to a bigger sampling. Thus the

decision regarding the acceptance or the rejection of the hypothesis H0 require a threshold (or

risk) value:

• the risk α that consists in rejecting H0 although it could have been true

• the risk β that consists in accepting H0 although it could have been false

Table F.1: The statistical risks after a test

Reality
H0 true H0 false

H0 accepted Good decision Error β
Decision (1 - α)

H0 rejected Error α Good decision
(1 - β)

The conclusion of a statistical test is the decision of Table F.1: H0 is either accepted or

rejected. For the first case, the difference between the reality and the decision is not significant

and the hypothesis form is correct for the chosen sampling. But with this choice, the risk of

error is β. For the second case, the difference is significant and the hypothesis form is not
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correct for the given sampling. But the error that this result is false would be α. It should be

mentioned that α and β are independent. In addition, and so that the statistical test has a

meaning, it was considered that the null hypothesis is usually a hypothesis of “no difference”.

Relatedly, the risk α is equivalent to the p-value. It can another definition as to be the

threshold value that decides if H0 can be accepted or rejected. The procedure will take the

form of:

p ≤ αth H0 is rejected p-value is significant

p > αth H0 is accepted p-value is not significant

The threshold value of α is fixed to 5%. It is chosen randomly and comes from the ratio

of 1 shilling / 1 sterling of the English bookmakers. Based on the type of the test the αth can

take a different value. For example, for the diagnosis of the lungs cancer, the researcher that

would like to know if the machine is as good as a doctor who is doing the test, the threshold

value of α can be fixed to 10%. Nevertheless, the αth of a test should be set in advance and

before realizing the test. For more details regarding the statistical tests, it is recommended to

refer to the book of Millot (2011) were the aforementioned information were extracted.
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Thesis summary in french

Pour la conception d’une structure, et dans le but de considérer sa capacité à résister aux

tremblements de terre, le Pacific Earthquake Engineering Research Center a proposé une

méthodologie probabiliste prenant en compte les caractéristiques sismiques du site, l’évolution

du dommage de la structure et sa vulnérabilité. L’élément essentiel de cette méthodologie

est l’évaluation fiable du potentiel de dommages sismiques. Cependant, cette méthodologie

présente encore une faiblesse concernant l’analyse du cycle de vie d’une structure à cause de la

quantification des dommages à partir des événements indépendants. Ainsi, cette thèse cherche

à simuler numériquement le cycle de vie d’une structure. Pour cela, un modèle de remblai est

utilisé (voir Figure G.1) ainsi qu’un modèle élasto-plastique multi-mécanisme afin de représen-

ter le sol, développé dans l’Annexe A.
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Figure G.1: Le modèle de remblai utilisé dans le cadre de cette thèse

Etant une étape indispensable en ingénierie, des essais en laboratoire virtuel ont été réalisé

pour identifier le comportement du sol, localiser son état critique et déterminer sa résistance.

Ces essais virtuels cherchaient à reproduire des essais effectués en laboratoire réel sur des échan-

tillons de sol. Pour ce but, deux matériaux ont éte pris en compte, qui ont éte désigné dans

cette thèse par Mat.1 et Mat.2. Le comportement des ces deux matériaux a été étudié par

des essais monotones et cycliques. L’importance de l’état initial des matériaux, ainsi que sa

stabilité locale ont éte identifié par un paramètre numérique issu de la loi de comportement
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utilisé (i.e. rapt).

De plus, la réponse dynamique d’une colonne de sol a été évaluée afin de comparer la

précision entre les prédictions issues des tests de laboratoire et celles obtenues sur le terrain

concernant la résistance des sols. Cette comparaison a eu lieu à l’aide des matrices de confu-

sions dont une explication du concept est présenté dans l’Annexe C. Toutes ces idées faisait

partie du Chapitre 1. Ce chapitre conclue que les essais de laboratoire sont capables parfois de

sous-estimés la réponse réelles d’une structure, d’où l’importance des simulations numérique 2D.

Cette thèse traitant le comportement non linéaire du sol, une base de donnée sismique im-

portante est nécessaire pour estimer précisément la défaillance potentielle du remblai. D’ou le

contenu du Chapitre 2 qui compare la réponse du remblai dans le cas de l’utilisation des signaux

réels et synthétiques. Ces signaux ont été choisis comme chocs principaux uniquement afin de

suivre la méthodologie de Performance Based Earthquake Engineering (PBEE). La rupture

potentielle du remblai a été évaluée à partir d’indices de dommages globaux et locaux. Une

approche spécifique considérant la structure et le site a été développée. Et finalement dans ce

chapitre, pour être compatible avec le PBEE, des fonctions de fragilités ont été calculées pour

savoir la probabilité de dépassé une limite de dommage.

En réalité, une structure n’étant pas soumise, au cours de sa vie, qu’à un seul mais plusieurs

évènements sismiques dépendants, une analyse du cycle de vie du remblai a été menée afin

d’estimer la distribution de la durée de vie du remblai et de calculer sa probabilité de survie

suite aux évènements séquentiels de chocs principaux. Pour ce faire, des modèles synthétiques

de mouvement du sol ont été utilisés (Mod.R et Mod.B), tenant compte des aléas sismiques

du site considéré. Les effets des différents types de séquences sismiques et de modèles ont été

évalués. Ces idées faisait partie du Chapitre 3. La conclusion de ce chapitre était que le dom-

mage cumulés du remblai (aussi dis le dommage tout au long du cycle de vie) a montré deux

comportements: soudain et progressive. De plus, le remblais utilisé a 50% chance qu’aprés 25

ans il montre des dommages modérés. Et finalement, ce chapitre a insisté sur l’importance de

létat initial du sol, de son histoire de chargement et ainsi sur le type de chargement utilisé.

Dans le Chapitre 4, afin de s’approcher de scénarios réalistes, les effets des répliques sont

prises en compte dans l’analyse du cycle de vie. Le risque de dommage ainsi que la probabilité

de survie ont été calculés. Aussi, l’évolution temporelle des fonctions de fragilité a également

été évaluée. Ce chapitre conclue sur l’importance des répliques pour la réponse sismiques et

surtout dans ce qui concerne la durée de vie utile de la structure en question, vue que ca peut

augmenter la probabilité de survie.

Finalement, une hypothèse de cette thèse était que le remblai ne subissait aucune réparation

et le sol aucune amélioration. Pour revenir sur cette hypothèse, une méthode d’amélioration
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naturelle (MICP) a été appliquée au remblai. L’évolution de sa performance ainsi que le

changement de comportement du sol ont été analysés dans le Chapitre 5, qui a montré que

la méthodologie d’amélioration du sol utilisée est efficace sur la diminution du tassement de

la crête du remblai. Le plus important, et à partir des fonctions de fragilité, la probabilité de

faillance du remblai a diminué suite à cette méthode.

Cette thèse entre dans le cadre d’un projet national francais appelé ISOLATE. Elle peut

être vue comme une étude référence pour l’évaluation sismique de structures de type remblai

soumises à des séismes et fournir un cadre de calcul performant accessible aux ingénieurs. Les

différentes thématiques abordées dans cette thèse sont résumé dans la Figure G.2 qui fait aussi

partie de l’Introduction générale.
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Title: Seismic analysis of a liquefiable soil foundation-embankment system: Life Cycle perfor-

mance and Mitigation

Keywords: life cycle, PBEE, mainshocks, aftershocks, potential failure

Abstract: The main goal of the

performance-based design is the probabilistic

evaluation of the system-level performance of

structures due to earthquakes. A framing equa-

tion was proposed by the PEER Center based on

the convolution of different design levels. How-

ever, this methodology presents a weakness in

assessing a Life-Cycle analysis because the po-

tential damage is calculated from independent

major events. This thesis assesses numerically a

life-cycle seismic analysis of an earth structure.

An embankment is used, and the soil behav-

ior is represented from an elasto-plastic multi-

mechanism model with a FE code. First, real

and synthetic earthquakes were used as inputs

for dynamic analysis in order to identify the

co-seismic response of the embankment. Then,

a life-cycle analysis is conducted in order to es-

timate the lifetime damage of the embankment

and calculate its probability of survival due to

sequential events. The evolution in time of the

fragility functions was also calculated. Finally,

a natural biological mitigation method to ame-

liorate the soil was applied on the embankment

to identify the evolution of its performance.

Titre: Analyse sismique d’un remblai et sa fondation liquéfiable: Cycle de vie et Mitigation

Mots clés: cycle de vie, PBEE, chocs principaux, répliques, potentiel de dommages

Résumé: Pour la conception d’une structure,

et dans le but de considérer sa capacité à ré-

sister à des tremblements de terre, le PEER a

proposé une méthodologie probabiliste prenant

en compte différent niveaux de conceptions.

Cependant, cette méthodologie présente con-

sidère seulement des évènements indépendants.

Ainsi, cette thèse cherche à simuler numérique-

ment le cycle de vie d’une structure. Pour cela,

un modèle de remblai est utilisé ainsi qu’un

modèle élasto-plastique multi-mécanisme pour

le sol. Premièrement, des signaux d’entrés réels

et synthétiques ont été utilisés pour identifier

la réponse du remblai. De plus, une analyse du

cycle de vie est menée afin d’estimer la distribu-

tion de la durée de vie du remblai et de calculer

sa probabilité de survie en raison d’événements

séquentiels. En outre, l’évolution temporelles

des fonctions de fragilité a également été cal-

culée. Finalement, une méthode d’amélioration

naturelle du sol a été appliquée sur le remblai

pour voir l’évolution de sa performance.

Université Paris-Saclay
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